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ABSTRACT 

 

Structural stress-based methodologies for fatigue analysis of welded railway bridges are proposed in 

this thesis. Local approaches to fatigue are investigated for welded bridge details leading to multi-scale 

problems requiring efficient tools to allow feasible solutions for real bridge components under traffic 

conditions. 

In order to support the main developments of the thesis, firstly an in-depth historical investigation of 

previous fatigue cracking failures in welded railway bridges is presented. Secondly, the relevant 

methods available in design codes for fatigue analysis are reviewed, namely the global-nominal stress 

method, the hot-spot stress method and the Linear Elastic Fracture Mechanics for crack propagation 

analysis of welded cracked details. Thirdly, improvements on an existing framework to perform crack 

propagation analysis of welded railway bridges under dynamic moving loads representative of traffic 

of real trains gathered from a traffic characterization system are proposed. In this context, a composite 

steel-concrete railway bridge case study was selected to support the crack propagation analyses 

presented in this thesis. The selected case study was a bowstring railway bridge over the River Sado 

(Setubal, Portugal), a solution with a reinforced concrete (RC) slab for the railway deck. The 

improvements are validated and applied to the bowstring railway bridge, assuming an initial 

hypothetical defect to perform an Engineering Critical Assessment (ECA) analysis of the critical welded 

connection. The improvements increased the computation efficiency of the framework through a 

parallel processing technique, by reducing the computation time required to run the analysis and the 

computation efforts related to the automatic adaptive remeshing of the cracked sub-model. The 

sensitivity of the improved algorithm to the mixed-mode crack branching criterion and the relevant 

modes of vibration influencing the analysis were verified. 

After the preliminary review work and computational improvements on an existing methodology, a 

structural stress-based approach barely explored in the field of steel bridges is introduced. The so-called 

equilibrium-equivalent structural stress method based on the Master S-N curve approach as developed 

by the Battelle Memorial Institute (Columbus, Ohio), and prescribed as an alternative method in some 

design codes, such as the ASME Sec VIII Div2, for the fatigue assessment of pipes and pressure vessels, 

is explored in detail. The equilibrium-equivalent structural stress method recovers structural stresses in 

the hot-spots from the nodal forces and nodal moments of the FE solution, thus achieving consistent 

results with coarse FE meshes. A new post-processor tool based on this method is developed by the 

author to work within the ANSYS program framework. In order to validate the fatigue life prediction 

models for welded bridge details based on the Master S-N curve approach, five fatigue test programs 

carried out in the Fritz Engineering Laboratory (Lehigh University) and funded by the Transportation 

Research Board of U.S. (NCHRP), were reanalysed. The same fatigue test programs were used to form 

the basis of the nominal S-N curves of AASHTO and AREMA bridge design specifications. Several 
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finite element models of the fatigue tested specimens were developed and calibrated in terms of 

measured local stresses. The results of the reassessment analysis in terms of the Master S-N curve 

approach showed that this method is able to collapse a large variety of fatigue test data of bridge details 

onto a narrow scatter band, constituting a unique S-N curve for the fatigue assessment of welded bridge 

details in the high-cycle fatigue regime, irrespective of the geometry, loading mode, thickness, and 

bending ratio. 

Once the method is validated for fatigue test data of bridge details under constant amplitude (CA) 

loading, a structural stress-based methodology is proposed to allow performing fatigue analysis of 

welded railway bridges subjected to traffic loading representative of trains, i.e. variable amplitude 

loading (VA) on a cumulative damage basis. In order to illustrate the application of the proposed 

methodology, the details of a developed FE global numerical model of a girder railway viaduct from 

Alcácer do Sal bridge are presented. The developed FE numerical model is updated with relevant 

mechanical and material parameters obtained from a previous experimental campaign on the railway 

viaduct’s infrastructure. Different damage scenarios based on the standard railway traffic prescribed by 

EN 1991-2 are simulated with the proposed methodology considering the sub modelling technique 

combined with coarse FE models. The computational efficiency and the benefits of the proposed 

methodology, such as the possibility to use a unique Master S-N curve on the fatigue strength side and 

to generate mesh insensitive structural stresses without compromising consistency in the fatigue life 

predictions are highlighted. 

 

Keywords: Railway bridges; Welded joints; Fatigue analysis; Equilibrium-equivalent structural stress 

method; Master S-N curve; Finite Element Method; Fracture Mechanics. 
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RESUMO 

 

Esta Tese de doutoramento propõe metodologias baseadas em tensões estruturais para avaliação à 

fadiga de pontes soldadas ferroviárias. As tensões estruturais são, em contraposição às tensões 

nominais, uma abordagem local para avaliação à fadiga de detalhes soldados. Abordagens locais 

aplicadas a pontes normalmente conduzem a problemas multi-escala, em razão das dimensões das 

pontes estarem na ordem de metros, enquanto as dimensões dos detalhes críticos estão na ordem dos 

milímetros. Neste cenário, o desenvolvimento de ferramentas e modelos em elementos finitos 

computacionalmente eficientes são fundamentais para permitir que estimativas de vida-útil à fadiga 

confiáveis sejam realizadas em um tempo razoável. 

De modo a suportar os desenvolvimentos relacionados aos trabalhos desta pesquisa, primeiramente uma 

revisão histórica profunda sobre casos de falhas de fadiga em pontes ferroviárias soldadas é apresentada. 

Em seguida, os seguintes métodos normativos foram descritos: o método das tensões nominais, o 

método das tensões geométricas, ou tensões hot-spot, e o método da Mecânica da Fratura Linear Elástica 

para análise de propagação de trincas em detalhes soldados. Após o detalhamento dos métodos, são 

propostas alterações a uma metodologia para realização de análises de propagação de trincas em pontes 

ferroviárias soldadas submetidas ao carregamento dinâmico de trens reais, cujos dados foram obtidos a 

partir de um sistema de monitorização do tráfego ferroviário instalado sobre a via férrea. Uma ponte 

metálica mista (aço-concreto) em arco foi selecionada como caso de estudo para exemplificar a 

aplicação da metodologia de propagação de fendas. As alterações são validadas e aplicadas a um detalhe 

crítico soldado do caso de estudo da ponte em arco, no qual foi assumido uma trinca inicial de fadiga. 

Técnicas de computação paralela melhoraram significativamente a eficiência da metodologia, 

contribuindo para redução do tempo computacional. A sensibilidade da análise com relação ao caminho 

da trinca e à contribuição dos modos de vibração foi verificada. O submodelo numérico do detalhe 

soldado também foi otimizado, através de uma estratégia de rediscritização automática da malha em 

elementos finitos. 

Assim, após o trabalho de revisão e os desenvolvimentos iniciais dos métodos estabelecidos nas normas, 

uma abordagem pouco explorada no campo das pontes metálicas é introduzido. Trata-se da abordagem 

baseada na curva S-N mestra e no método das tensões estruturais equivalentes. Tal abordagem foi 

desenvolvida pelo Instituto Memorial Battelle (Columbus, Ohio), e atualmente está disponível como 

método alternativo para análise à fadiga de tubos e vasos de pressão na norma americana ASME Sec 

VIII Div2. O método das tensões estruturais equivalentes consiste em extrair as tensões nos pontos 

quentes com base nas forças nodais e nos momentos nodais da solução em elementos finitos, o que 

possibilitaria alcançar resultados mais consistentes independentes do tamanho da malha em elementos 

finitos. Nesta Tese, o desenvolvimento desta abordagem foi detalhado, e uma nova ferramenta de pós-

processamento foi desenvolvida para operar sobre os resultados do programa ANSYS. De modo a 
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validar esta abordagem para detalhes soldados de pontes, diversos ensaios cíclicos a amplitude 

constante realizados no Laboratório de Engenharia Fritz, Universidade Lehigh entre 1966 e 1992 foram 

reavaliados. Tais programas experimentais foram financiados pelo órgão americano de pesquisa em 

transportes, NCHRP, e ao longo dos anos serviram como base para definição das curvas S-N de 

resistência à fadiga de normas americanas de projeto, como a AASHTO para pontes rodoviárias e a 

AREMA para pontes ferroviárias. Diversos modelos numéricos em elementos finitos foram 

desenvolvidos e calibrados com os ensaios reais em termos de tensões nominais. Distintas abordagens 

em elementos finitos foram utilizadas para realizar previsões de fadiga, nomeadamente o método hot-

spot e o método das tensões estruturais equivalentes, este último revelando-se atrativo pela utilização 

de uma única curva S-N no regime de fadiga de alto ciclo, independente da geometria do detalhe, do 

modo de carregamento, da espessura e da magnitude de flexão local. 

Assim, com a abordagem da curva S-N mestra validada com base em resultados de ensaio de fadiga de 

detalhes de pontes a amplitude constante, propõe-se uma metodologia baseada em tensões estruturais 

equivalentes para realizar análises de fadiga de pontes ferroviárias soldadas submetidas ao 

carregamento de trens. De modo a ilustrar as capacidades da metodologia proposta, foi desenvolvido o 

modelo numérico em elementos finitos do segundo caso de estudo desta Tese, um viaduto ferroviário 

da nova ponte sobre o Rio Sado em longarina bi-metálica com um tabuleiro em concreto armado. O 

modelo numérico foi atualizado com parâmetros dos materiais calibrados com base em ensaios 

experimentais nas obras dos viadutos. Diferentes cenários de tráfego foram simulados, considerando-

se o tráfego ferroviário normativo europeu para análise à fadiga, através de análises transientes em 

conjunto com a técnica da sub-modelagem. A eficiência computacional e os benefícios da metodologia 

proposta são destacados, como a possibilidade de utilizar somente uma única curva S-N e modelos em 

elementos finitos com malhas menos onerosas computacionalmente sem comprometer a consistência 

das previsões de vida à fadiga. 

 

Palavras-chave: Pontes ferroviárias; Ligações soldadas; Análise à Fadiga; Tensões estruturais 

equivalentes; Curva S-N mestra; Método dos Elementos Finitos; Mecânica da Fratura.  
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1  
INTRODUCTION 

 

 

1.1 CONTEXT 

Railway bridges of all types comprise a large portion of the infrastructure inventory of several countries. 

Due to their high transportation capacity and efficient energy usage, with lower environmental harm, 

railways are one of the most important means of transportation in the world, in which steel bridges have 

been widely used. The maintenance of railway bridges is costly and a significant concern for railway 

administrations. Their occasional failures have often been the stimulus to research for the proper use of 

materials, better design, and appropriate maintenance methods. It has been reported that more than 60% 

of the railway bridges stock in Europe are over 50 years old, and more than 30% are over 100 years old 

(Sustainable Bridges, 2004). These bridges have been subjected to higher loads and speeds than those 

for which they were originally designed.  

Due to the ageing of these structures and increasing traffic loadings, structural fatigue increasingly 

became an important concern, leading to bridges deterioration. Several authors mention fatigue as the 

main cause of structural failures. In a study performed by Oehme (1989) in Germany reporting the main 

causes which led to damage in bridges, accounting for 128 cases, fatigue was the major cause of 

damage, representing 38.3%. According to a study on 851 steel girder spans of 115 railway bridges in 

China, as many as 65 spans were found to have cracks (Yongji et al., 1982). There is an estimated 

number of 100,000 railway bridges in the United States, and about 33,000 of them are steel bridges. 

Approximately 30% of those metallic bridges are structurally deficient or functionally obsolete, and 

hence, 10,000 railway bridges need to be inspected periodically (Lédeczi et al., 2009). A disturbing 

observation is that in the United States, most major cracking problems in bridges in recent years have 

been found by the public, not by the bridge inspector (T. Yan & Jones, 2004). Fatigue of steel bridges 

is in the front of the concerns in the update of the railway infrastructures, aiming at carrying heavier 

loads. 

Fatigue is especially more critical in railway bridges rather than highway bridges, due to the higher 

transportation capacity and the less stochastic loading, associated with the passage of regularly spaced 

trains axles groups, being more sensitive to dynamic effects owing to resonance phenomena. For 
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example, Åkesson (2010) states that for highway bridge with spans in the region of 50 m, 50% of the 

design load is carried by the dead weight, while for railway bridges with similar span lengths this 

number is around 15-20%, illustrating that in the latter a greater proportion of the design load is carried 

by traffic load and is therefore subjected to a greater live load stress variation. 

It is well-known that the welded connections are among the weakest points in steel bridges since they 

are prone to stress concentrations leading to the initiation of fatigue cracks, or manufacturing defects 

may act as initial cracks. Figure 1.1 illustrates laboratory test results expressing the fatigue strength 

(applied stress range, y-axis) in terms of the number of endurable cycles up to failure (x-axis) in a log-

log scale for a plain plate, plain plate with a circular hole and a plate with a welded attachment, the 

latter achieving the lowest endurable cycles for the same stress amplitudes. Some of the reasons for this 

well-known fact can be attributed to the so-called “notch” effect introduced by the welding process, a 

stress-raiser imperfection located in the weld bead (Figure 1.2). The notch effect coincides locally with 

extremely inhomogeneous material, consisting of the melted electrode and parent material which has 

not been melted, creating the so-called Heat Affected Zone (HAZ). As a result of the particularly rapid 

cooling of this zone after welding, tiny gas pores, slag inclusions, lack of fusion defects and undercuts 

can appear accelerating the fatigue crack initiation and propagation process in the presence of the 

relatively high notch stress (Radaj, 1990). 

 

Figure 1.1 – Fatigue strength of a welded joint in comparison with a plain plate and a plain plate with a hole 

(Macdonald, 2011). 

 

Figure 1.2 – Weld notch effect and Heat Affected Zone (HAZ). 
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The processes that ultimately lead to fatigue failure are subdivided into the stages of cyclic hardening, 

crack initiation, crack propagation and final failure, Figure 1.3. An engineering fatigue crack necessarily 

evolves from changed micro-scale lattice defects, i.e. from local plastic flow or persistent slip bands. 

An essential additional condition is furthermore the presence of microscopic cracks at component 

surfaces (Klinger et al., 2014). In the following section, relevant fatigue assessment methods of welded 

joints will be outlined. 

 

Figure 1.3 – Fatigue phenomenon: main phases (Klinger et al., 2014). 

 

1.2 AN OVERVIEW OF FATIGUE ASSESSMENT METHODS OF WELDED JOINTS 

Nowadays, many existing welded bridges are reaching their design operation life, and a number of 
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iii. crack propagation approaches, which assume an initial crack and use the stress intensity factors 

and a crack propagation law to assess the life up to a final crack length. 

 

In general, the local strain approaches applies to medium-cycle and low-cycle fatigue problems (< 104 

repetitions), while the S-N approaches are originally linked with the high-cycle fatigue regime (> 104 

repetitions), which is more appropriate to assess the fatigue strength of bridges subjected to transient 

traffic loading. Moreover, the S-N approaches differ from the first and third approaches in the manner 

that they are used to assess the entire fatigue life and do not make a distinction between the initiation 

and the propagation phases. 

The S-N based methods can be classified into the global-nominal stress methods and local stress 

methods (Radaj et al., 2009), as outlined in Figure 1.4, differing in the manner the stresses are computed. 

For the former ones, stresses can often be computed using simple beam theory, while for the latter ones 

a refined finite element model is required. In the case of bridges, the conventional global-nominal stress 

method is suggested by most design codes for verifying fatigue limit-state. On the other hand, in recent 

decades the application of approaches with a more local focus on stress evaluation has been increasing, 

as a response to the ever-growing complexity of structural details that demands a reliable 

characterization of the stress state of the welded joints. In this context, the structural hot-spot stress 

method is typically used where there is no clearly defined nominal stress due to complex geometric 

effects, or where the structural discontinuity is not comparable to a classified structural detail (IIW, 

2016). 

 

Figure 1.4 – Relevant fatigue life assessment methods for welded joints: categorization. 
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Although the hot-spot stress method being less applied for the fatigue assessment of Civil Engineering 

structures, its use is increasing in recent years (G. Alencar, De Jesus, et al., 2018; G. Alencar, Ferreira, 

et al., 2018), and it also becomes the preferred and standard choice in other industries as well, such as 

in offshore and marine structures (Fricke, 2014), among others. The method is based on the so-called 

structural stress concept, which is by definition the sum of membrane (or normal) stresses and bending 

stresses acting in the weld, excluding the local notch effect of the weld profile. In the conventional form 

of the hot-spot stress method, such stress parameter is usually obtained by linear or nonlinear surface 

stress extrapolation and has a strong correlation with experimental measurements through strain gages 

bonded to the surface of metallic materials, which motivated its initial developments in the early 70s 

based on empirical parameters, such as the plate thickness, see Figure 1.5. Nowadays, with the 

advancement of numerical methods and hardware, the method is practically used in the industry in 

conjunction with the Finite Element Method with an idealized model, by using either shell or solid 

elements. Other local stress concepts may include stress linearization and integration methods, by which 

the structural stress is estimated from the linearized stresses over or near the weld. 

 

Figure 1.5 – Different stress definitions at the welded joint [adapted from (Zamiri et al., 2018)]. 

 

However, the hot-spot stress method has some shortcomings, many of them more or less related to the 
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The mentioned shortcomings can pose difficulties in relation to the required time and computational 

efforts for the analysis. 

Some attempts were made to overcome the limitations of stress extrapolation, such as the development 

of the effective notch stress method by Radaj (1996), by rounding the weld notch with a very small 

radius, thus eliminating the geometric singularity introduced by the idealized modelling of the weld 

notch, and refining the finite element mesh until stress convergence is achieved. However, the required 

computational costs and time of analysis are much higher in such an approach, easily becoming 

unpractical to investigate multiple possible failure locations. Furthermore, although the effective notch 

stress method also suggests the definition of a unique characteristic fatigue strength curve, the high 

scatter range in the weld notch geometry caused by manufacturing process also contributes to obtaining 

less accurate fatigue life predictions. 

In the context of a displacement-based finite element method for which stresses are secondary solutions, 

and in the view of the knowledge acquired throughout the years by fatigue researchers, a more rational 

method may be to derive the structural stress from the equilibrium of nodal forces and nodal moments 

at the weld line, rather than by stress surface extrapolation or integration across the thickness and width. 

This is the basis of an alternative procedure often referred to as the equilibrium-equivalent structural 

stress method. Nodal forces and nodal moments are a primary solution in an individual element basis 

in the FE method, since they derive from displacements solution and elements stiffness matrix 

formulations. In acting so, the structural stress can reach more consistent results and usually less 

sensitive to the FE mesh size, allowing the use of coarse FE meshes without greatly decreasing the 

reliability of the results (P. Dong, 2001). This can result in many benefits, such as more efficient 

analyses with reduced computational costs and time. Another alternative method that is also based on 

nodal forces and nodal moments equilibrium at the weld line was proposed by Fermér et al. (Fermér et 

al., 1998; Z. Wei et al., 2013). 

A consistent structural stress parameter also directs to the possibility of the definition of a unique fatigue 

strength curve, thus overcoming one of the main disadvantages of the global-nominal stress method. 

This motivated Dong and co-authors (2002) to propose a unique S-N curve to be used in conjunction 

with the equilibrium-equivalent structural stress method, relying on principles of Linear Elastic Fracture 

Mechanics and mechanical equilibrium. In doing so, no thickness correction factor may be necessary 

as in the hot-spot stress method. Dong and co-authors (P. Dong et al., 2002) named this fatigue strength 

curve for welded connection as ‘Master S-N curve’, perhaps inspired in the name of a method used in 

Fracture Mechanics for a different purpose, the Master Curve approach for experimental determination 

of the fracture toughness of a varied range of specimen sizes (Wallin, 1999). The so-called Master S-N 

curve was first validated with experimental fatigue tests from piping and pressure vessels (Markl, 1947, 

1952). Later, additional data from full-scale vessels and pipes from petrochemical and nuclear utility 

industries (P. Dong et al., 2005; P. Dong & Hong, 2004b) and offshore and marine structures were also 
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reanalysed (P. Dong & Hong, 2004a), demonstrating that many fatigue test data on welded connections 

can collapse onto a single curve with a relatively low scatter. 

Over the last decade, the method became popular in the automotive industry, and nowadays it is an 

alternative procedure available in some design codes, such as those produced by the organizations 

ASME, API, and Bureau Veritas. Some few proprietary FE program suites have also included in recent 

years the equilibrium-equivalent structural stress method and the Master S-N curve approach as an 

available option for fatigue analysis. The equilibrium-equivalent structural stress method and the Master 

S-N curve approach also provided the most accurate blind fatigue life predictions of a welded hollow 

connection subjected to torsion according to the Fatigue Design & Evaluation Committee of the SAE 

Weld Challenge Problem edition of 2003 (Kyuba & Dong, 2005).  

However, from the point of view of the author of this thesis, except for the automotive, piping and 

pressure vessels industries, the method does not seem to be widespread in the daily practice in other 

fields. One of the possible reasons for this fact can be the required effort to reassess the fatigue strength 

data. Due to different manufacturing processes, the master S-N curve should be validated for application 

in a specific industry prior to its use, by reassessing the relevant fatigue test data. This is also a 

fundamental step to study the inclusion of the method in future revisions of bridge standards. The lack 

of a largely available post-processor can also be another reason, since the use of the method without a 

post-processor to operate on the FE results is extremely cumbersome, demotivating its application at 

first glance.  

In the case of steel bridge’s industry, besides the need to perform the reassessment of relevant fatigue 

test data on welded bridge details, which was not done until the present, two issues arise. Firstly, the 

requirement to perform transient analyses to model the railway traffic, usually involving many steps. 

Secondly, the multi-scale aspect of the problem, ranging from meters or kilometres, depending on the 

bridge’s size, to millimetres at the level of the investigated welded connection. Both issues have the 

potential to enormously increase the required computational efforts and the time to perform a fatigue 

analysis. The computational efforts may be efficiently reduced by using coarser FE models with the 

equilibrium-equivalent structural stress method, thus allowing to perform fatigue life predictions of 

steel railway bridges in an economical way. 

In this context, the present thesis aims at validating the Master S-N curve approach and the equilibrium-

equivalent structural stress method for a relevant fatigue test data representative of bridge details, used 

to form the basis of the nominal S-N curves available in bridge specifications of AASHTO (AASHTO, 

2014) and AREMA (2000). Once validated, such an approach is proposed to be used to perform fatigue 

analysis of welded railway bridges subjected to variable amplitude loading. The objectives are detailed 

in the following section. 
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1.3 OBJECTIVES 

The global objective of the current thesis is to provide a structural stress-based methodology that allows 

for performing more accurate life predictions and efficient fatigue assessment of railway bridges, either 

in the design phase or for the evaluation of the existing infrastructure inventory. 

The global objective was achieved through a set of intermediate goals: 

• To review the cases of fatigue cracking in welded railway bridges; 

• To review the relevant methods for the fatigue assessment of welded bridges available in the 

Eurocode standard, including the nominal stress method and the hot-spot stress method; 

• To review the Linear Elastic Fracture Mechanics approach available in the IIW standard, and 

improve an existing numerical methodology based on Linear Elastic Fracture Mechanics to 

perform crack propagation analysis of welded bridges subjected dynamic moving loads; 

• To review the equilibrium-equivalent structural stress method and the Master S-N curve 

approach available as an alternative procedure in ASME VIII Div2 (2013), based on Linear 

Elastic Fracture Mechanics and on the local equilibrium at the hot-spot; 

• To develop a post-processor tool with a graphical user interface to operate on the FE results of 

welded bridge numerical models in order to calculate the relevant structural stress parameters; 

• To validate the equilibrium-equivalent structural stress method and the Master S-N curve 

approach for welded bridge details through the reassessment of selected fatigue test programs 

on girder bridge specimens used to form the basis of AASHTO and AREMA nominal S-N 

curves; 

• To propose a structural-stress based methodology to perform fatigue assessment of welded 

bridges subjected to moving loads representative of railway traffic, based on the equilibrium-

equivalent structural stress method and the Master S-N curve approach; 

• To develop a global FE numerical model of a girder railway viaduct; 

• To apply the proposed structural stress-based methodology for the fatigue analysis of the bridge 

FE global numerical model subjected to standard railway traffic. 

 

The application of the proposed structural stress-based methodology to the girder railway case study 

intends to demonstrate its direct suitableness to the fatigue analysis of others steel or composite (steel-

concrete) bridges. 
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1.4 ORGANIZATION OF THE THESIS 

The structure of the thesis reflects the above-mentioned objectives and the intermediate steps taken to 

achieve it. The thesis is structured in 8 chapters: 

In Chapter 1, after discussing the context and scope of the thesis, the objectives of the work are 

presented. The structure of the thesis is also disclosed. 

In Chapter 2, an extensive review of the history of fatigue cracking of welded railway bridges is 

presented, discussing the structural behaviour under traffic loads and the different causes of fatigue 

damage of welded connections. The presented case studies cover a period from the beginning of 

application of welding to steel bridges in the 1930s, revisiting well-known cases of cracks documented 

in the literature due to their historical relevance and also presenting recent cases of the last decades due 

to new traffic conditions related to Heavy Traffic Loads (HAL) and High-Speed Trains. This chapter is 

an extended version of the paper “Fatigue cracking of welded railway bridges: A Review” by Alencar, 

G., De Jesus, A., Silva, J.G.S & Calçada, C., Engineering Failure Analysis (2019). 

In Chapter 3, the global-nominal stress method and the hot-spot stress method according to relevant 

standards of steel bridges and welded joints are reviewed. This review supports a benchmark 

comparison for the equilibrium-equivalent structural stress method and the Master S-N curve approach 

as described in Chapter 5 and validated in Chapter 6, and for the developed structural stress-based 

methodology proposed in Chapter 7. 

In Chapter 4, the Linear Elastic Fracture Mechanics and the crack propagation approach are reviewed. 

Note that the Linear Elastic Fracture Mechanics is also an available standard approach to assess the 

fatigue strength of welded details in some codes (BS 7910, 2015; IIW, 2016). Improvements on a 

previous crack propagation framework are demonstrated by performing fatigue remaining life analysis 

of the critical welded connection of a bowstring composite steel-concrete bridge. The concepts 

developed in Chapter 4 in Linear Elastic Fracture Mechanics analysis support the developments 

presented in the following Chapter 5 and Chapter 7. 

In Chapter 5, the equilibrium-equivalent structural stress method and the Master S-N curve approach 

are reviewed. The details of the post-processor developed in the context of this thesis to be used in 

conjunction with the ANSYS program are shown. 

In Chapter 6, a relevant constant amplitude fatigue test data representative of bridge details used to form 

the basis of the nominal S-N curves available in AASHTO bridge design specification (AASHTO, 

2014) is reassessed through the concepts of the equilibrium-equivalent structural stress and the Master 

S-N curve approach. 

In the first part of Chapter 7, a girder railway viaduct case study is firstly described. Then, the developed 

FE global numerical model updated with relevant material parameters obtained by experimental 
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measurements is presented. The second part of Chapter 7 describes the proposed structural stress-based 

methodology for the fatigue analysis of steel railway bridges subjected to moving loads representative 

of railway traffic. Fatigue life predictions are made with the proposed methodology based on the 

standard fatigue railway traffic. 

Finally, in Chapter 8, the main conclusions drawn from the work performed are presented. Scenarios 

for future research developments are also discussed.
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2  
A REVIEW OF FATIGUE CRACKING OF WELDED RAILWAY 

BRIDGES 
 

 

2.1 INTRODUCTION 

The application of welding to railway bridges started in the 1930s, with the majority of steel welded 

bridges built since 1950. Soon engineers realized that the fatigue strength of welded joints is much more 

determinant than the static strength. As early stated by Ros (1932) and Bernhard (1929), by performing 

monotonic and cyclic tests of metallic bridge components, the fatigue limit was only 20% of the ultimate 

static load. Furthermore, the inexperience and the lack of knowledge about fatigue behaviour at the 

beginning of the application of welding to bridges is one of the main causes of existing fatigue damages 

(Kühn et al., 2008). 

Although its importance, the study of the development of welding technology to steel bridges is often 

overlooked in introductory texts of fatigue of metallic bridges, with the history of mid-twentieth-century 

bridge technology being a relatively new field of research (Harshbarger & Wuebber, 2009). However, 

it is fundamental to understand the historical development of welding in steel bridge construction and 

its impact on the fatigue design mainly because fatigue evaluation depends on the age of structures. 

Such study also can broaden the understanding of old bridges, which today’s engineers must maintain 

and inspect. In case of repairs of railway bridges due to fatigue damages, Lippi et al. (Lippi et al., 2012) 

highlighted the necessity of knowing the historical reconstruction or maintenance activities performed 

by railway authorities which could permit to accurately evaluate the fatigue load cycles which really 

occurred on bridge components. 

Some initial key questions may include: what were the factors that led some countries and their 

engineers to develop particular technologies and structural details? What made one country’s bridge 

division progressive and another’s conservative in the application of the new technologies? What were 

the significant works in advancing successful technologies, such as welded girders, orthotropic steel 

decks, composite (steel-concrete) welded girders, etc.?  
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The present Chapter is an attempt to answer these questions to some extent. The main goal is to review 

cases of fatigue cracking of welded connections in railway bridges under traffic service loads over the 

years and make the reader aware of this important theme. Herein, “welded bridge” is understood as any 

bridge that has used welding to some extent, even combining it with other types of joining techniques. 

Since welding is used for almost every new steel bridges, the applications can be very broad (Kühn et 

al., 2008). In some cases, insights into how and why engineers chose to do what they did can even be 

of great importance. 

The Chapter is organized in the following manner: i) initially, a historical overview of welding 

application to steel railway bridges is presented, showing some early welded bridges in different 

countries; ii) then, the first cases of detected cracks are outlined; iii) finally, causes of fatigue cracks in 

welded joints of steel bridges are presented and discussed. The presented case studies cover a period 

from the beginning of application of welding to steel bridges in the 1930s, revisiting well-known cases 

of cracks documented in the literature due to their historical relevance and also presenting recent cases 

of the last two decades due to new traffic conditions related to Heavy Traffic Loads (HAL) and High-

Speed Trains. The reasons for the occurrence of cracks are briefly examined, trying to extract some 

practical lessons. Employed repair and retrofit methods to welded cracked joints will be not treated in 

the current work, being only cited very briefly if necessary. Although highway bridges have developed 

many similar types of cracks throughout the years, herein they will not be covered because the present 

work is limited to railway traffic and their effects to steel bridges. 

 

2.2 A HISTORICAL OVERVIEW OF WELDED RAILWAY BRIDGES CONSTRUCTION 

The adoption of welding was one of the most important refinements in structural steel design during 

the twentieth century, but it took many decades to replace the long-customary method of bridge 

construction based on the use of rivets. Of course, welding was not unknown; it had been done for 

centuries by blacksmiths heating and hammering together metal parts, but its use for connecting 

structural members did not begin until the early twentieth century with the development of arc-welding 

where an electric current provides the welding heat. Electrode welding, i.e. using a fusion agent which 

joins the parts to be welded was known in mechanical manufacturing since about 1917 (Braun, 2012). 

However, railway bridges have probably been those steel structures where, due to very strong safety 

concerns, welding was admitted very late (Braun, 2015). From 1926 onwards, the railway industry used 

to apply arc welding in the reinforcement of old metallic bridges while keeping it in operation, mainly 

in U.S. (Harshbarger & Wuebber, 2009), Germany and Belgium (Kommerell, 1936a), United Kingdom 

and oversea territories (Caldwell, 1932), France (Goelzer, 1936) and in Japan starting from 1931 

(Konishi, 2011), and other countries. Konishi (Konishi, 2011) reported, for example, an impressive 

number of 1,300 old railway metallic bridges that were reinforced with welding from 1931 to 1940 in 
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Japan. During the Second World War, thousands of welders were trained in the repairing of bridges, 

ships, aircraft, and other structures. 

Already in the 1930s, electric arc welding offered a valuable solution to railway engineers facing the 

problem of increasing traffic loads and deterioration due to corrosion (Caldwell, 1932). One of the main 

advantages claimed in the beginning for the application of arc welding to bridge reinforcement was that 

it avoids or greatly reduces delays in the railway traffic during works. An emblematic case of success 

was the reinforcement of the Austerlitz Bridge, carried out around 1936. The bridge is located in Line 

5 of the Parisian Metropolitan Railway, and it is still operating today. It was constructed by 1906, with 

the design capacity to carry light trains of 121 tonnes. However, thirty years after its construction, it 

was carrying light trains of 420 tonnes, requiring reinforcement of its structure, which was made with 

welding with no interruption of the rail traffic (Fauconnier, 1936). 

Thus, motivated by some relatively successful experiences with reinforcement of old metallic bridges 

with arc welding, the first all-welded railway bridge began to be erected in 1928, in Chicopee-Falls, 

Massachusetts, U.S. (Fish, 1933). The bridge with a span of 41 m was built by The Westinghouse 

Electric Company, a leading promoter of welding technology in the early times, and it was used to 

transport large generators from facilities to the rest of U.S. thru railways. One year later, the German 

National Railway Company commissioned its first completely welded bridge to be installed on a track 

near Münster in Westphalia, with a span of 10 m and girder height of 920 mm (Voormann, 2009). The 

bridge was constructed using 2 plate girders in St 37 steel, which was a common usage steel grade with 

a minimum tensile strength of 370 N/mm2. The 30 mm thick and 260 mm wide flange plates of the 

bridge were attached by strong non-rounded fillet welds to the 15 mm thick web plates, due to the 

concern regarding its strength to cyclic loading, which was unknown at the time. The width of the fillet 

weld was chosen equal to the thinner of the two plates being joined.  In the area of the highest bending 

moment (midspan) the top flange was reinforced with additional welded cover plates. The bridge was 

put in service in 1930, and after six years of heavy traffic with the passage of 220,000 trains, their 

perfect integrity has been emphasized as an eloquent testimony to the usability and safety of the welding 

process to railway bridges (Braun, 2012). 

Soon, engineers recognized the advantages of welding over riveting, and the technology had spread to 

several countries. Table 2.1 lists some of the first welded bridges per some selected countries, with the 

indication of their location, year of construction, maximum span length (in case of multiple spans), 

main traffic type, structural type, current condition and if some sort of crack has been reported. 

Bridges a) to e) represent several cases of all-welded trial railway bridges: a) and b) were the first 

welded railway bridges in the world, constructed by Westinghouse Electric Company in the U.S., as 

already mentioned (Biezma & Schanack, 2007; Fish, 1933). Bridge c) was one of the first European 

welded bridge, operated by ELiN A.G. in Austria (Zelisko, 1936), with a similar plate girder with 5.20 



Chapter 2  

58 

m span constructed in Leuk (Switzerland) in the same year by the Swiss Federal Railways (Voormann, 

2009; Voormann et al., 2006). Bridge d) was the first fully-welded railway bridge in Germany, and also 

the most cited and reported case of success in the early times (Voormann et al., 2006) and bridge e) was 

the first welded railway bridge in Finland (Lehtinen, 1936). All these bridges were an initial experiment 

performed by national state railway companies and some relevant private companies for the use of 

welding in bridges. They demonstrated the capabilities and peculiarities of welding technique to bridge 

construction in the early times. However, most of these trial bridges are not in use nowadays and seemed 

to have been in operation for only a few years, due to its experimental character.  

Table 2.1 – Some of the earliest entirely welded Railway Bridges per selected countries. 

Bridge Location / Year of Construction 
Max 

Span 
Traffic 

Bridge 

type 
Status Cracks 

E
ar

li
es

t 
tr

ia
l 

w
el

d
ed

 b
ri

d
g

es
 

a) 

 

Westinghouse Truss Bridge 

41 m Freight 
Through 

Truss 

Out-

of-

service 

X Chicopee-Falls, MA, U.S. 

1928-? 

b) 

 

Westinghouse Girder Bridge 

16.8 

m 
Freight 

Plate 

girder 

Out-

of-

service 

 East Pittsburgh, PA, U.S. 

1928-? 

c) 

 

ELiN A.G. Bridge 

9.7 

m 
Freight 

Plate 

girder 

Out-

of-

service 

 Weiz, Austria 

1929-? 

d) 

 

Reichsbahn Trial Bridge 

10 m Mixed 

Half-

through 

plate 

girder 

Out-

of-

service 

 Münster, Westphalia, Germany 

1930-1945 

e) 

 

Finnish State Railways Bridge 

12 m Mixed 
Plate 

girder 

Out-

of-

service 

 Helsinki, Finland 

1933-? 

C
o

m
m

u
te

rs
 b

ri
d

g
es

 

f) 

 

Tratinska Street Bridge 

18 m Commuter 
Curved 

Framed 
In use  Croatia, Zagreb 

1934 

g) 

 

Zdroje Szczecin Bridge 
13.5 

m 
Commuter 

Curved 

frame 
In use X Poznan-Szczecin Line, Poland 

1935 

 

Some notable cases of entirely welded railway bridges for passengers’ traffic from this period which 

are still operating after more than 80 years of service are represented by cases f) and g). Bridge f) is a 

curved-frame steel bridge still in use in Zagreb (Croatia), in a very good state and preserved conditions 

regarding its first state presentation in the IABSE Berlin-Munich Congress (Lancos, 1936), and bridge 

g) is an overpass in the Poznan-Szczecin Line in Poland constructed in 1935, which was subjected to 
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damages caused by military operations during the Second World War but was renovated and is still in 

service nowadays (Wichtowski & Pakos, 2012). Many other old welded railway bridges constructed 

during the period 1936–1975 in Poland are shown in (Wichtowski, 2001, 2013; Wichtowski & 

Hołowaty, 2017; Wichtowski & Pakos, 2012). 

As can be seen from the presented cases, the introduction of welding to bridge construction was marked 

by short spans, as with the introduction of every new material or construction method (Biezma & 

Schanack, 2007). After the relative success of such trial bridges, the steel bridge industry has set a clear 

course in the direction of welding technology in the early 1930s. Just a few years later, spans beyond 

the 30 m mark had already been achieved (Braun, 2012), and in 1935 the first welded girder bridges (of 

road type) beyond the 100 m mark were constructed (Ewert, 1999), with railway bridges being limited 

to spans up to 50 m due to safety concerns (Voormann, 2009). During those times, welding was a key 

topic in the first two conferences of the newly formed  International Association for Bridge and 

Structural Engineering (IABSE), held in Paris at 1932 and Berlin at 1936 (Peters, 2011). Those 

meetings congregated the state-of-the-art of welding technology applied to bridges at the time with 

experts highlighting the advantages of welding over riveting and describing it as more cost-effective 

because of the ability to form up the beams without having to use heavy equipment to punch holes. 

Other arguments used to convince engineers were: (a) no need to drill rivet holes or hammering of 

rivets, and hence no weakness of the cross-section by the presence of holes; (b) easier to vary thickness 

of plates with welding, mainly for the web and (c) easier to increase the span for plate girder bridges 

(Kommerell, 1936a). 

Thus, after achieving a relatively level of confidence in welding, entirely welded girder bridges with 

more demanding passengers and freight traffic requirements began to be constructed, also motivated by 

the speed of construction and the reduction of weight of consumed steel, estimated in the order of 15 to 

25% of the conventional riveted girders (Bryla, 1936). Some of the early welded girder bridges per 

selected countries in operational lines (not trial ones) are shown in Table 2.2, cases h) to k). Bridge h) 

was constructed around 1934 and is an example of one of the earliest railway bridges combining both 

shop welding and field riveting, being still in operation in the current longest railway line in Norway 

(Ledang, 1936). In this case, the girders were welded in workshops in Oslo and then transported to the 

site, while the lateral brackets were attached to the girder by means of rivets. Bridge i) is referred to as 

the first welded bridge in France, located in Saint-Denis, Paris, and it was designed for a high skew 

angle (Goelzer, 1936). Bridge j) is a continuous girder bridge 592.6 m long with 32 spans over the 

Miryang River, in South Korea and bridge k) is one of the oldest welded railway bridges in Sweden, 

constructed around 1950 and located over the Söderström River in Stockholm (Leander et al., 2010). 

All these mentioned bridges, with the exception of the French one, are still in service nowadays, some 

of them even being subjected to heavy traffic.  
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Table 2.2 – Some of the earliest welded girder bridges in operational lines by selected countries. 

Bridge Location / Year of Construction 
Max 

Span 
Traffic 

Bridge 

type 
Status Cracks 

S
o
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e 
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e 

ea
rl
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st

 w
el

d
ed

 b
ri

d
g

es
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n
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p
er

at
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n
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h) 

 

Bridge over River Namsen 

17 m Mixed 
Plate 

girder 
In use  Nordslandbanen, Norway 

~ 1934 

i) 

 

Bridge at Saint-Denis 

35 m Mixed 

Half-

through 

plate 

girder 

Out-

of-

service 

 La plaine Saint-Denis, Paris 

1935-? 

j) 

 

Miryang River Bridge 

13.5 m Mixed 
Plate 

girder 
In use X Miryang, South Korea 

1945 

k) 

 

Söderström Bridge 

33.7 m Mixed 

Half-

through 

plate 

girder 

In use X Stockholm, Sweden 

~ 1950 

 

From the reviewed early technical literature on welded bridges, it was possible to observe that several 

methods of construction using welding were first tested in road and highway bridges, due to the reason 

that the impact stress for a movable load being less important than for railway bridges. Indeed, the 

earliest all-welded bridges in several countries were of road traffic type, e.g. Poland in 1928 (Bryla, 

1936), Romania in 1931 (Miklósi, 1936), Serbia in 1932 (Lancos, 1936), Netherlands in 1934 (Joosting, 

1936), Sweden in 1934 (Nilsson, 1936) and Belgium in 1932 (Espion, 2012b), with the Belgian State 

Railways Department allowing the construction of railway bridges using only rivets during the 1930s, 

the same happening in Hungary (Algyay-Hubert, 1936). The last Belgian riveted railway bridge was 

built in the 1960s (Collette, 2014). Moreover, only after more or less a decade of a very consistent set 

of successful applications to highway bridge construction, a new construction method making use of 

welding was extensively adopted in railway bridges, e.g. i) Composite (steel-concrete) construction, 

with the first composite roadway bridge constructed in 1936 in Switzerland and the first railway 

composite bridge built in the 1950s in Germany (Pelke & Kurrer, 2016b), herein adopting the concept 

of composite beams those that have welded shear connectors between the steel beam and the reinforced 

concrete (RC) slab; ii) orthotropic steel decks (OSD), firstly adopted for a roadway bridge in 1950, and 

later in a railway bridge in 1959, both in Germany, see Table 2.3, bridge l) (Mangus & Sun, 2000; 

Wolchuk, 1963). 
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Table 2.3 – Some bridges with important advancements in railway bridge construction making use of welding. 

Bridge Location / Year of Construction 
Max 

Span 
Traffic 

Bridge 

type 
Status Cracks 

O
S

D
 

l) 

 

Bridge over Autobahn A1 

36 m Mixed 

Ortho- 

tropic 

Steel Deck 

Out-

of-

service 

 Lest Wuppertal, Germany 

1959 

W
el

d
 &

 H
ig

h
 s

tr
en

g
th

 b
o

lt
s m) 

 

Burdekin Rail-Road Bridge 

76 m Freight 

Bolt-rivet-

welded 

through 

truss 

In use  Queensland, Australia 

1957 

n) 

 

Langjiang Bridge 

62 m Mixed 

Bolt-

welded 

through 

truss 

In use X Changsha-Liuzhou Line, China 

1964 

H
ig

h
-s

p
ee

d
 t

ra
ff

ic
 

o) 

 

Shinkansen Girder Bridges 

35 m 

High-

speed 

traffic 

Plate 

girders 

only and 

Composite 

beams 

In use X Tokaido Shinkansen, Japan 

1964 

p) 

 

Shinkansen Through Truss 

60 m 

High-

speed 

traffic 

Through 

truss 
In use X Tokaido Shinkansen, Japan 

1964 

q) 

 

TGV Northern HSR Bridge 

40 m 

High-

speed 

traffic 

Composite 

deck 
In use  HSR Paris to Lille line, France 

1991 

 

As a consequence of this precaution in the railway industry, there are much more cases of fatigue cracks 

reported in the literature for highway bridges (Åkesson, 2010; Fisher, 1984), although the more severe 

railway traffic loads. One exception to this rule was the adoption of high strength bolts since it was first 

used in metallic railway bridges by 1947 in the United States to replace loosening rivets, still in 

experimental character (AREA, 1950). Bridges m) and n) (Table 2.3) are some examples of the early 

new railway bridge which used high-strength bolts to join elements on site: bridge m), a railroad bridge 

built in 1957 in Australia (Wright & Lewis, 1960), and bridge n), the first bolted-welded bridge in 

China, erected in 1963 (Yongji et al., 1982). There was, of course, nothing new about the use of bolts 

in steel construction in the 1950s. However, until laboratory tests were performed in order to assess the 

behaviour of high strength bolts (Fisher & Beedle, 1964), their use was limited to applications where 

the applied stresses were simpler and lower than those found in main bridges components. Another 

important advancement, which is exclusively related with railway engineering was the development of 

bridges designed to high-speed trains, firstly in Japan, by using plate girders only, conventional 
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composite beams or through truss bridges in some parts of the Tokaido Shinkansen, represented by 

cases o) and p) (see Table 2.3) (Sakamoto et al., 1990), and then in France for the TGV Northern line, 

with the first bridges built in 1991 adopting modern composite steel-concrete girders, case q) (see Table 

2.3) (Hoorpah, 2008). However, it is important to highlight that although composite construction was 

very popular in highway bridges since the 1940s, their use in railway bridges was more restricted in the 

same period.  

A representation of the historical development discussed hitherto of the use of welding in railway bridge 

construction is shown in Figure 2.1. The figure was made based on the presented literature review, and 

the remarked dates delimiting each method of construction may vary depending on the technological 

development level, disseminated knowledge, and mastery of technique present in each country in each 

period. This information can be useful to estimate the maximum age of existing steel railway bridges 

per construction method with the goal of evaluating its remaining service life. Furthermore, the adopted 

classification in the diagram is not strictly closed. Of course, there might exist bridges that combine two 

or more methods.  

 

Figure 2.1 – Penetration of welding in railway bridge construction. 

 

Another important development in bridge construction, although not directly linked to welding, was the 

usage of hot-rolled profiles in railway bridges superstructure with short spans during the 1910s (Pelke 

& Kurrer, 2016a), because of its economy. Sometimes it was combined with concrete, but without 

taking advantage yet of the composite action between steel and concrete by means of shear connectors, 

which occurred for railway bridges only in the 1950s. However, the use of hot-rolled sections in the rail 
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tracks is much older, with the origin in rolled I-beams made of cast-iron and related with the 

development of the railway industry at the end of the 1780s (Di Lorenzo et al., 2017). Despite available 

technologies related to welding, the diagram of Figure 2.1 highlights that riveting technique was the 

predominant method for bridge construction at the beginning of the twentieth century. 

One of the earliest metallic railway bridges to adopt riveting technology, which was already being used 

in shipbuilding, was constructed in 1848 in Great Britain (Collette et al., 2012). The technique of 

building up I-beams by riveting plates, angles, and channels had been used by the railroads prior to 

1860 in the U.S. (Harshbarger & Wuebber, 2009). One of the influencing aspects for a persistent 

preference of riveted construction for many years, with the last riveted bridges being constructed until 

the end of the 1960s, was related with engineer’s decisions regarding safety concerns with welding 

technique, which can vary by country for the covered period. For example, in some states of the U.S. 

that did not early adopt welding, engineers either held on conservatively to tried-and-trusted riveting or 

expressed concerns that welding did not have enough track record to prove its safety in the long-term 

(Harshbarger & Wuebber, 2009). By 1955, only 22 states of U.S. among 48 reported that they had used 

welded beams (Harshbarger & Wuebber, 2009), while 300 welded railway bridges have been 

constructed in Germany by 1939 (Espion, 2012b), from which 100 are still in use today (Voormann, 

2009). These concerns were not unjustified, the welding technique, as well as its strength to static and 

dynamic loads, was new and unproven. The viability of welded connections under high stresses and the 

risk of crack initiation and propagation was a matter of some concern, as there was a lack of convenient 

methods for inspecting and repairing defective welds. Moreover, the knowledge of why cracks do occur 

was something that was not common knowledge among the bridge engineers in the 1930s, as riveted 

bridges had not been experiencing this kind of problems to such extent before (Åkesson, 2008, 2010). 

An important book summarizing the state-of-the-art at the beginning of the twentieth century in hot-

driven rivet construction is due to Frémont (1906). In this work, it is possible to observe the presence 

of a general caution with the material brittleness of rivets and metallic plates. However, after almost 60 

years of experience with the use of rivets in metallic bridges and large structures, such as the Eiffel 

Tower constructed in 1889, fatigue – in the sense of crack propagation under service loads – was not 

described or included in this work among the several types of damages that could evolve in riveted 

structures. It was only verified that after riveted railway bridges being in operation for many years that 

cracks started to occur, mainly due to increased stress levels with the introduction of new and heavier 

rolling stocks with increased frequency (Cavaco, 2008). One of the earliest confirmed fatigue failures 

in a riveted railway bridge was discovered in 1930 in the shear connection of the floor beam of a through 

truss bridge built in 1898 in the United States (AREA, 1940), taking place at the riveted web angles due 

to end rotation of the connected member. The bridge was subjected to 182,000 stress cycles in a year, 

lasting more than 30 years in service. Few railway riveted bridges developed fatigue cracks in similar 

details approximately after 30 years of service in the first half of the twentieth century (AREA, 1940), 
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probably due to the effect of prestressing induced by rivets between plate assemblies. Cavaco (Cavaco, 

2008) mentions the case of a riveted bridge having almost 100 years of service with no indications of 

crack development by 2008, after intensive use. 

On the other hand, fully-welded bridges and bridges strengthened with welding have developed fatigue 

cracks after only a few years of service. Regarding the first all-welded bridges presented in Table 2.1, 

with the exception of the Through Truss Bridge over the River Chicopee erected in 1928, all first 

entirely-welded bridges are of plate girder type. Reported cracks on butt welds of the lower flanges of 

the world’s first railway bridge only after a few days encouraged national railway companies to keep 

constructing truss bridges only with rivets (Voormann, 2009). Surveys of other industries demonstrated 

that fatigue and brittle cracking was much more common for welding than for rivet structures in the 

period of 1900-1950 (Shank, 1953). In the next section, the main causes of fatigue cracking of welded 

railway bridges are investigated 

 

2.3 FATIGUE CRACKING OF WELDED RAILWAY BRIDGES 

Several authors distinguish between the different causes of fatigue cracking in metallic bridges into 

different categories (Fisher, 1984; Haghani et al., 2012; Kühn et al., 2008; Lippi et al., 2012; Chitoshi 

Miki, 2000). Regarding the type of action, usually, these authors agree with the following category 

subdivision: 

a) Fatigue due to poor quality welds: fatigue cracks originating from weld defects that were 

introduced at the time of fabrication; 

b) Load-induced fatigue: fatigue cracking due to an inappropriate structural component of low 

fatigue strength in terms of nominal stress; 

c) Distortion-induced fatigue: fatigue cracks originating and/or fatigue crack growth due to out-

of-plane stresses and deformations that were unforeseen in the design; 

d) Vibration-induced fatigue: Fatigue cracks originating and/or fatigue crack growth due to 

unexpected structural behaviour such as vibrations induced by wind or traffic. 

 

A fifth category usually considered is fatigue assisted by corrosion, which is, however, out-of-the-scope 

of the present work. Based on the chronological review of reported fatigue cracks occurring in railway 

bridges, the qualitative diagram shown in Figure 2.2 was constructed, where the horizontal axis 

represents the most predominant cause of fatigue cracks for bridges constructed in the corresponding 

covered period (1900 to 2020), and the vertical axis represents the recognition order over time by the 

community of bridge engineers to the related phenomenon giving rise to fatigue cracks. For example, 
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bridges constructed in the period between 1930 – the beginning of welding technique – and 1970 – 

when non-destructive inspection methods for welding became further developed– are most prone and 

well-known to have developed cracks due to weld defects. Of course, any type of damage might be 

found at any time in any country during the referred period, and the diagram is an overall evaluation of 

the reported cases in the literature. Naturally, a combination of two causes is very frequent too, e.g. 

cracks that originated from a weld defect but grew due to high secondary stresses.  

 

Figure 2.2 – Prevailing periods for the main causes of fatigue cracking of welded railway bridges. 

 

More recently, this classification was adopted by Yokoyama & Miki (Yokoyama & Miki, 2017) in the 

construction of a large database of previously repair cases containing comprehensive information of 

welded structures that have been damaged by fatigue, accounting for 204 cases from different countries. 

According to this database, today’s most noticeable cases of fatigue cracks are due to secondary stresses 

and complex and unexpected behaviour in the service phase, such as vibrations caused by traffic loads 

or wind, representing together 63% of the total cases of reported fatigue cracks (Yokoyama & Miki, 

2017). The information collected by Yokoyama & Miki allowed making interesting deductions, such 

as the relation between the main causes of fatigue crack growth and years of service at the date of crack 

detection, as illustrated in Figure 2.3.  

 

Figure 2.3 – Relation between years of service and fatigue causes [adapted from (Yokoyama & Miki, 2017)]. 
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From this graph (Figure 2.3), it is possible to observe that fatigue cracks caused by welding defects 

were discovered during the first years of service for most bridges, a remark that is usually attributed to 

the state of development of the welding technique and the structural detailing practice of welding 

connections in early times. Based on these results, it is also possible to confirm that vibration is another 

cause of fatigue cracking which is most likely to occur early in-service periods. Furthermore, Figure 

2.3 shows that damage detection from causes related to low-fatigue strength and secondary stresses tend 

to peak between 15 and 25 years of service and that all causes of fatigue damage are usually detected 

within 45 years of service. In bridges life cycle, a time interval of 25 years corresponds in equivalent to 

their ‘infancy’, drawing attention to the fact that when new and unproven designs are employed in 

bridges, their integrity must be more frequently inspected during this period. Fatigue cracks have also 

been a problem with some more recent welded bridges over the years – as referred in Table 2.4 for 

bridges s) to w) from different countries. In the following sections, the different causes of fatigue 

cracking in railway bridges will be outlined, with the subsequent discussion of selected case studies. 

Table 2.4 – Different railway bridges with reported cracks due to fatigue of welded connections. 

Bridge Location / Year of Construction 
Max 

Span 
Traffic 

Bridge 

type 
Status Cracks 

r) 

 

Zoo Train Station Viaduct 

50 m Commuter 
Plate 

girder 

Out-

of-

service 

X Hardenbergstraße, Berlin 

1936-1938 

s) 

 

Welded bridge at FAST 

19.8 

m 
Freight 

Plate 

girder 

Out-

of-

service 

X Pueblo, Colorado, U.S. 

1956-2014 

t) 

 

Bridge over the Panaro River 

75.6 

m 
Mixed 

Full 

through 

truss 

bridge 

In use X Bologna-Verona Line, Italy 

~ 1970 

u) 

 

Potomac River Metrorail Bridge  

36 m Commuter 

Box 

girder 

bridge 

In use X Yellow Line, Washington DC, U.S: 

1976 

v) 

 

Wei River Railway Bridge 

26.2 

m 
Freight 

Bolted-

welded 

girder 

bridge 

In use X West-central China 

1982 

w) 

 

Bridge over Córrego do Ouro 

35 m Freight 

Curved 

Box 

girder 

bridge 

In use X Vitória-Minas HAL Line, Brazil 

1987 
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2.4 FATIGUE INDUCED BY WELD CRACK-LIKE DEFECTS 

2.4.1 EXAMPLES OF FATIGUE CRACKING INDUCED BY WELDING DEFECTS 

As mentioned, the use of welding in railway bridges began around 1926, with the goal to repair and 

reinforce old bridges, however, due to lack in the understanding of metal weldability at that time, poor 

design and execution, the use of welding to this purpose lasted more or less only up to the end of Second 

World War because of the risk of fatigue and brittle cracking. An early example of fatigue cracks 

occurring in an old lattice railway bridge strengthened with weld in 1930 in order to carry higher train 

loads was reported by Kommerell (Kommerell, 1936a), see Figure 2.4. Reinforcing cover plates ending 

near existing rivets were welded to the webs of the diagonals of the truss bridge (represented by A, 

Figure 2.4a), and the C-sections were connected to the gusset plate by fillet welds. Adjacent L-sections 

previously riveted to the flanges of the C-profiles were also welded to the gusset. After only nine months 

of service, cracks starting in the welds in front of the cover plates caused the failure of one diagonal. 

Then, the other reinforced diagonals were corrected by increasing the redundancy through additional 

plates welded to the gussets (represented by B, see Figure 2.4b). However, in 1936, after the bridge had 

a further period of service of four years and five months, cracks appeared again more or less 

simultaneously on the web of five C-channel diagonals, stopping at the nearest rivet hole. In both cases, 

the reasons for crack initiation and growth were attributed to the high constraint created by excessive 

welding near the existing rivet holes, leading to high-stress concentration, and also due to shrinkage 

stresses, as the joint components were not subjected to heat treatment.  

  

(a) (b) 

Figure 2.4 – Illustration of one of the first reported fatigue cracks in welded structures which occurred in 1930 

and 1936 in the reinforcement of an old metallic bridge: (a) first and (b) second reinforcement attempts 

(Kommerell, 1936a). 

 

In spite of this, one of the most illustrative cases of fatigue cracks (leading to local brittle failure) in 

early all-welded railway bridges occurred two years before the well-known fracture of the road bridge 

near Hasselt (Åkesson, 2008). These cracks took place in the overpass of the Zoological Gardens Station 

in Berlin (bridge r), Table 2.4), which was erected in 1936 as two double frames girder bridges spanning 

Fatigue 

cracks

A

Fatigue 

cracks

B

B

A
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50 m (Figure 2.5) – one, single track, the other, double track. Girder sections were made of welded 

plates, with a web 3 m in depth. On the single-track bridge, the flange was made of 60 mm plates, 500 

mm wide. On the double-track bridge, the flange was 620 mm by 65 mm in cross-section. 

 

Figure 2.5 – Welded girder viaduct of the Train Zoo Station in Berlin, 1936 [adapted from (Schaper, 1938)]. 

 

At the end of 1936, after the single-track bridge had been in use for half a year, transverse cracks visible 

to the naked eye were noted in the welds between the lower flanges and the web, extending around 20 

mm into the parent metal (Schaper, 1938; Stranghöner, 2009). Soon the cracks were discovered, stop-

holes were drilled both in the flange and in the web (see Figure 2.6), and temporary supports were 

provided. Additional reinforcement plates were also attached to the lower flange by means of fasteners 

(see Figure 2.7). The suggested fracture scenario was that a fatigue crack initiating from a weld defect, 

in the transition area between the flange and the web in the lower part of the girder, gradually would 

have propagated to a certain critical length into the parent metal (with respect to brittle fracture) and 

thus caused the fracture, which was restricted to a small zone probably because of load shedding effects 

(load redistribution during crack propagation). A roadway welded girder bridge that suffered from 

fractures originating from the same detail in the same period in Germany did not have the same “luck” 

since the crack extended 1.50 m long in the web (Braun, 2015). 

 

 

(a) (b) 

Figure 2.6 – (a) As-built groove weld of the girder railway welded bridge in the Train Zoo Station (Berlin), (b) 

Cracked area and drilled crack arrest holes [adapted from (Stranghöner, 2009)] (Bridge case study r) Table 

2.4). 
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Figure 2.7 – Screwed additional reinforcement plate [adapted from (Stranghöner, 2009)] (Bridge case study r) 

Table 2.4). 

 

In this case, several factors have contributed to creating the necessary conditions to crack growth and 

fracture. For example, groove welds between the flange and the web in the form of that presented in 

Figure 2.7 became common practice in German welded girders in those times, mainly for a good 

intention, i.e. to shift the longitudinal flange-to-web weld – seen as an introducer of the so-called 

notching effect and as weakest than the parent metal made of rolled plates – slightly above the point of 

maximum stress in the lower flange to web intersection. However, such welds are prone to lack of 

fusion, and it is difficult to achieve a good weld penetration in these kinds of details than for now 

customary full-penetration butt welds. Even flange-to-web fillet welds might result in less defective 

welds if the root is carefully welded. Indeed, groove welds in the lower-to-flange weld were then 

considered a poor detailing practice (Åkesson, 2008; Fisher, 1984). Besides that, investigations carried 

out in 1938 by Kommerell in web-to-flange welds of actual I-girders bridges revealed the appearance 

of weld crack-like defects as soon as the weldment was completed (Kommerell, 1938), see Figure 2.8, 

which were later attributed to the high content of hydrogen and phosphorus of the electrodes (Åkesson, 

2008; Shank, 1953), thus creating brittle welds. The fatigue cracks and the later fracture of the I-girders 

of the Berlin Zoo Station bridge have almost certainly started from a crack-like defect like this, as later 

noted by Kommerell. Moreover, Wichtowski (Wichtowski, 2013) reported several cracks and weld 

defects detected by means of periodically radiographic inspection tests performed in 155 welded bridges 

constructed between 1930-1960 in Poland. Such cracks were mainly attributed to the low quality of the 

welded joints performed immediately after and before the Second World War, and some of them even 

resulted into fatigue crack growth and brittle fracture. 

 

Figure 2.8 – Weld flaws in the flange to web connection immediately after the weldment (Kommerell, 1938). 

Arrested

crack
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Another aggravating factor with implications in the fatigue strength of early welded structures was the 

advent of high-strength steels in the 1960s. The increase in strength helped to save material in the new 

bridges that were built. However, because of the high carbon content (in combination with the high 

allowable stresses), the material was not suitable for be used in welded bridges, in particular since steels 

with higher carbon content can experience hardening through welding. Other factors, with influence on 

the fracture toughness of the materials and more related with designing against brittle fracture rather 

than fatigue cracking, such as very thick plates, low temperatures, among others (Åkesson, 2008), which 

are out-of-the-scope of this work, might also have contributed to creating the conditions to the failure. 

Later investigations performed by German bridge regulators led to the establishment of some 

requirements, such as i) mandatory pre-heating before welding of steel plates with thickness greater 

than 20 mm (to avoid high weld shrinkage stresses), ii) prescribed limits for the chemical composition 

of high-strength steels in order to control the carbon content (Åkesson, 2008), and iii) the obligation of 

using only steel plates with a thickness lower than 50 mm, which then led to the development of a 

particular detail with sound fatigue strength constituted by several layers of welded plates, also called 

lamellae joint, in order to achieve higher thicknesses (Kudla & Kuhlmann, 2014). Some of these rules 

spread worldwide, and the construction regulatory agencies of some countries even followed it until 

recently, e.g. in South Korea where plates with thickness greater than 50 mm were not allowed in steel 

bridge construction until 1999, according to Lee et al. (J. Lee et al., 2003). 

 

2.4.2 DESIGNING FATIGUE RESISTANT WELDED CONNECTIONS TO CRACK-LIKE WELDING DEFECTS 

Of course, the high number of reported cracks in welding structures between 1920-1945 may also be 

attributed to the level of the knowledge regarding fatigue of metals in this period (Schütz, 1996). Thus, 

in order to achieve a higher knowledge on the fatigue of welded connections, several fatigue tests mainly 

on small-scale specimens were carried out in different countries, the most important being: a) Gottwalt 

Schaper and Otto Kommerell (German State Railways) and Otto Graf (University of Stuttgart) in 

Germany (Graf, 1936b, 1936a; Kommerell, 1936b); b) Mirko Roš (Empa) in Switzerland (Ros, 1936); 

c) Henri Dustin (University of Brussels) in Belgium, mainly for welded nodes of Vierendeel bridges 

(Espion, 2012b), as shown in Figure 2.9, and d) Wilbur Wilson and Frank Thomas (University of 

Illinois) in the United States for bridge riveted connections (Wilson & Thomas, 1938). 
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(a) (b) 

Figure 2.9 – (a) Small-scale model of a welded node of a steel Vierendeel bridge for fatigue testing and (b) 

Crack propagation after 6 million cycles of fatigue testing, 1935 (Espion, 2012a, 2012b). 

 

In general, these early tests underlined relevant aspects of the welding technique on the fatigue strength 

of bridge details, both from the metallurgical and structural points of view, such as a) the fractures in 

the fatigue tests occurred mostly in the parent metal and started from notches in the surface at the 

transition between weld metal and plate, an effect that was then called the “notch effect”; b) as a 

consequence of the “notch effect” on the geometry, it was noted that the use of weld electrodes of 

superior strength did not result in higher fatigue lives. Tests performed later in the 1970s by the Lehigh 

University Laboratory confirmed that the type of steel was not a significant factor to fatigue strength 

(Fisher et al., 1970), also as a consequence from the “notch effect” created by the welding process; c) 

properly executed butt welds can achieve even higher fatigue strengths than riveted connections; d) the 

fact that thin welds with smooth transition increase the fatigue strength, unlike what was initially 

thought before 1935 (e.g. bridge d), Table 2.1), where thick fillet welds were adopted) and e) the 

necessity of constant welding work supervision both in the shop and on-site in order to achieve the 

expected fatigue strengths.  

These findings obtained from early cyclic load tests using pulsator-machines represented a significant 

contribution to welding technique, improving its understanding and solving its first technical issues. 

Later definitive improvements in the quality of steel and in detailing provisions allowed engineers to 

design new welded structures with confidence (Harshbarger & Wuebber, 2009). On the other hand, the 

fact that welding could introduce high residual stresses which could be critical to fatigue crack initiation 

had set a direction in the industry to avoid welding to the reinforcement of old metallic structures. This 

trend remained until the further development of weldability tests and non-destructive methods from the 

1970s onwards. Later, the use of welding to the strengthening of steel bridges was resumed to very 

restricted conditions, although according to Kühn et al. (Kühn et al., 2008) common recommendation 

is to avoid it on existing structures if possible and use it only to members subjected to compression. 
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2.5 LOAD-INDUCED FATIGUE 

Load-induced cracking is a result of the fluctuation of the nominal primary stresses, i.e. the stress range 

induced by the applied loads using standard first-order design calculations. Load-induced cracking 

occurs primarily at poor details when these details are subjected to significant stress ranges exceeding 

the fatigue limit (Dexter & Fisher, 1997). Before the advent of welding, engineers already knew that 

some structural details with inappropriate geometry often result in fatigue cracking when subjected to 

uniaxial loads. Details with low fatigue strength due to the presence of sharp notches were known to be 

problematic, mainly from railway axle’s failures. Therefore, with the development of fatigue tests of 

welded connections from 1930 onwards and also learning from failures, bridge engineers gained 

knowledge about some widespread details which result in very low fatigue strength and should be 

avoided in the construction of new bridges. In the meantime, however, many bridges were constructed 

and are still in operation with load-induced fatigue prone details. In the following subsection, some of 

these details are reminded and discussed. 

 

2.5.1 EXAMPLES OF LOAD-INDUCED FATIGUE CRACKING 

A good example of load-induced fatigue cracking is a cover plate detail, for which the characteristic 

fatigue strength ranges between 36 MPa and 56 MPa (Fisher & Roy, 2015; Wichtowski & Hołowaty, 

2017). Although cover plates are usually avoided in new bridges, it can be still used in the form of 

soleplates, a plate attached to the bottom flange of a beam that distributes the reaction of a spherical 

bearing to the beam. Recently, fatigue cracks were found in the soleplates of a composite steel-concrete 

twin girder bridges (bridge o), see Table 2.3) located in the Shinkansen high-speed line in Japan (Niwa 

et al., 2012; Seki, 2013), see Figure 2.10. 

 

Figure 2.10 – Fatigue cracks starting from the soleplate of spherical bearings in composite steel-concrete 

railway girder bridges (Chitishi Miki & Konishi, 2007). 

 

In this case, fatigue cracking occurred from the soleplate weld, progressing to the girder flange and 

web. Stress measurements showed that a drop-in support function could greatly increase stresses on 

fillet welds (Chitishi Miki & Konishi, 2007). For soleplates, when the rotating function is lost, very 

high stresses occur at the front surface of the soleplate, and these local stresses are made even higher 
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by the deformation of the flange, see Figure 2.11b. Three types of cracks occur: in the web to flange 

weld extending into the web (type L1), in the web to flange weld propagating in the longitudinal 

direction (type L2) and in the welds between the soleplate and the flange (type L3). 

 
 

(a) (b) 

Figure 2.11 – Spherical bearing support with (a) good mobility and (b) degraded mobility [adapted from  

(Matsuda, 2013)] (Bridge case study o), Table 2.3). 

 

Besides cover plates and similar details, many fatigue cracks were reported in other details due to load-

induced fatigue, e.g. lateral attachment plates welded to the bottom flange of railway girder bridges 

(bridges j) and k), see Table 2.2, and bridge v), see Table 2.4), (Andersson et al., 2013; H. H. Lee et al., 

2012; C. Wang et al., 2015, 2017), as shown in Figure 2.12, which serve as a connection between the 

horizontal bottom lateral bracing system and the main bridge members. Horizontal and vertical bracings 

are intended to distribute traffic loading and to offer resistance to wind, but most importantly, they 

function as bracings against girders lateral buckling during construction, before the concrete deck is 

poured. Usually, for constructional reasons, the position of these lateral attachments is matched with 

the position of transverse attachments welded to the web. The gusset is welded over the lower flange 

by means of fillet welds or in the flange thickness, when it is called a flange tip attachment, creating a 

very prone fatigue detail, with characteristic fatigue resistances in the order of 50 MPa at 2 million 

constant amplitude cycles (C. Baptista, 2016). The mechanism of crack formation is very simple and 

illustrated in Figure 2.13. The crack usually initiates from fillet weld toes extending into the parent 

metal normal to the principal direction in a zone of high primary tensile stresses.  
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Figure 2.12 – Fatigue cracking in lateral gusset plates welded to the tensioned lower flange (Täljsten et al., 

2006). 

 
 

(a) (b) 

Figure 2.13 – Illustration scheme of the fatigue cracks in flange lateral attachments in welded railway bridges: 

(a) bridge cross-section and (b) top view of the lower flange attachment detail (Bridge case study r), Table 

2.4). 

 

Alternatively, lateral attachments could be welded to the girder web instead to the tensioned flanges. 

However, some cautions are required in order to avoid a zone of high stresses. An example of fatigue 

cracking in this kind of connection which was placed very near to the tension flange was reported for a 

simply-supported completely welded railway girder bridge spanning 19.80 m erected in 1956 in the 

United States and replaced by a new bridge in 1997 (Connor & Lloyd, 2017; Dick et al., 2013). With 

the bridge replacement, the old bridge was moved to a test line at the Facility for Accelerated Service 

Testing (FAST) in Pueblo, Colorado (U.S.) to investigate the effects of Heavy Axle Loads (HAL) – 

usually higher than 22.5 tonnes per axle – on the fatigue life of the welded details. After being subjected 

to 1,900 million gross tons of HAL traffic between 1997 – 2014 (equivalent to 12 million load cycles), 

several fatigue cracks were reported in different locations, and the bridge is now out-of-service (bridge 

s), see Table 2.4). The cracks that developed in the gusset-to-web connection are shown in Figure 2.14, 

where it is possible to observe that the gusset was placed very near to the lower flange, in a location 

with high bending stress concentration. 
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Figure 2.14 – Fatigue cracking in the gusset plate of the welded railway bridge at FAST [adapted from (Connor 

& Lloyd, 2017)] (Bridge case study s), Table 2.4). 

 

Another type of fatigue cracking due to load-induced effects which was referred by China Academy of 

Railway Sciences (CARS, 2009) and Guo et al. (Guo et al., 2016) occurring in the tube-gusset joints of 

longitudinal diaphragms of cable-stayed bridges (Figure 2.15). Such connections are not common in 

old steel bridges and presented an increased adoption in the construction and rehabilitation of steel and 

composite steel-concrete bridges in the last years (Cláudio Baptista et al., 2017; Gimsing, 1998; Guo et 

al., 2016; Reis & Baptista, 2013), mainly due to the following advantages: i) facilitation of girder 

installation and to obtain desirable deck performance, being very efficient in compression, ii) easy 

internal access, iii) weight saving and iv) elimination of a considerable amount of weld by replacing 

plate diaphragms. The cracks reported in the tube-gusset connections of the longitudinal diaphragms 

appeared only after few years of service and initiated from the weld toe near the slot end and propagated 

into the tube along the circumference with crack lengths ranging from several to hundreds of 

millimetres, and some of them eventually resulted in a circumferential failure, as shown in Figure 2.15b.  

  

(a) (b) 

Figure 2.15 – (a),(b) Typical fatigue failures of a tube-gusset joint of the longitudinal diaphragm of a cable-

stayed bridge, China Academy of Railway Sciences (CARS, 2009) and Guo et al. (Guo et al., 2016). 
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2.5.2 DESIGNING TO LOAD-INDUCED FATIGUE 

The way to design against load-induced cracking is by performing extensive laboratory fatigue tests of 

large and small-scale specimens, which is an attempt to simulate typified welded details following the 

so-called principle of similitude (Petinov et al., 1999). Most of the design rules present in current fatigue 

standard bridge codes were created for this type of fatigue by performing uniaxial fatigue tests 

(AASHTO, 2014; EN 1993-1-9, 2005). Regarding cover plates, nowadays, this type of detail is usually 

used only for the strengthening of existing metallic bridges, but with precautions (Cremona et al., 2013; 

Pipinato, 2018). Recent experimental and analytical researches have proposed the upgrading of the 

fatigue strength of cover plates welded to existing steel girder bridges up to FAT 80 by extending its 

length to a zone of low-stress variation (Grigoriou et al., 2018). Concerning lateral connection plates, 

later fatigue tests performed with large-scale specimens indicated that the fatigue resistance of flange 

tip attachments could be improved by adopting a smooth transition radius between the gusset plate and 

the flange, however just up to FAT 90 because, after a certain, radius the fatigue life began to be limited 

by cracks initiating from the weld roots (Fisher et al., 1980). Following this recommendation, railway 

bridges built after 1980s usually adopted a transition radius in the flange-tip attachment in order to 

improve its fatigue performance. This was the case of the 24 steel bridges constructed for the Korea 

High-speed Railway line, connecting Seoul to Busan, see Lee et al. (J. Lee et al., 2003). 

Regarding lateral connection plates welded to the web, the main factor which is well-known to impact 

the fatigue resistance of lateral connection plates is the welded length of the gusset plate and its 

thickness (Leander et al., 2013), since the higher the length and the thickness the higher the load transfer 

and hence the stress concentration in the weld terminations, as illustrated in Figure 2.16 for a finite 

element analysis (Connor & Lloyd, 2017). In this Figure, the longest and thicker lateral attachment 

labelled as c) has the poorest fatigue resistance (equivalent to FAT 56, see Chapter 3), while the shortest 

lateral attachment labelled as a) has the higher fatigue strength among them (equivalent to FAT 71). 

Another source of stress concentration intensification is the neighbour effect of adjacent lateral 

connection plates, which can only be noted while testing full-scale girders with multiple web gussets 

instead of small-scale specimens. 

 

Figure 2.16 – Different stress concentration behaviours according to length and thickness of lateral attachment 

plates welded to the web girder (Connor & Lloyd, 2017). 
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Another complementary way to avoid load-induced fatigue is by designing welded connections with 

good detailing practices, mainly based on past steel bridge construction experience regarding fatigue 

behaviour. Most railway bridges that presented load-induced fatigue cracks in the last two to three 

decades were built before 1975 when the procedures to design welded connections to be fatigue resistant 

with good detailing practices were not well developed in structural codes. Currently, rules for detailing 

are seen by some authors as perhaps the most important part of the fatigue and fracture design and 

assessment procedures (Dexter et al., 2014). The detailing rules are intended to avoid notches and other 

stress concentrations. Because of the detailing rules, modern steel bridges are detailed in a way that 

appears much cleaner than those built before the 1970s. There are fewer connections and attachments 

in modern bridges, and the connections use more fatigue-resistant details. For example, in the case of 

lateral attachments welded to the web, a minimum distance from the flange is required to reduce the 

stress concentration in the gusset-to-web weld to a tolerable magnitude and improve its fatigue strength. 

It also provides adequate electrode access and moves the connection plate closer to the neutral axis of 

the girder to reduce the impact of the weld termination on fatigue strength. In this manner, the 

Supplement S6-14 of the Canadian code for bridge construction, specifically in the clause 8.9.5.1 

specifies a minimum distance of 125 to 150 mm between lateral web attachments and the girder flange, 

see Figure 2.17. 

 

Figure 2.17 – Coping of stiffeners and location of gusset plates (Supplement to CHBDC S6-14, 2016). 

 

In the context of novel connections using tubes with recent increased adoption in bridge construction, 

although some welded tube-to-tube connections have also been used in truss bridges (Borges et al., 

2012) with a consolidated knowledge regarding its fatigue strength (CIDECT Part 8, 2001), mainly 

from other applications such as in the offshore industry, they present different fatigue behaviours from 

the tube-gusset plate connection. Important differences are found between structural codes concerning 

the characteristic fatigue strength of such connection on the basis of nominal S-N curves, being FAT 

71 or 63 in reference (EN 1993-1-9, 2005), FAT 63 or 45 in reference (IIW, 2016), FAT 68 or 43 in BS 

7609 and FAT 90 or 71 in reference (DNV, 2016). According to Baptista et al. (Cláudio Baptista et al., 

2017), the fatigue strength of the connection could be increased by adopting a chamfer angle at the end 

of the tube, allowing a smooth stress flow and reducing the stress concentration. In the mentioned case 
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of the fatigue cracking of a Chinese bridge (see Figure 2.15), a tube without chamfer and welded to the 

gusset by means of fillet welds were adopted. The cracks can also be attributed to the overly optimistic 

fatigue nominal strength used in the design phase and based on current standards. For example, 

according to Baptista et al. (Cláudio Baptista et al., 2017) Eurocode curves (FAT 71 or FAT 63 for a 

chamfer angle smaller or higher than 45º, respectively) are clearly unrepresentative and nonconservative 

when compared to previous fatigue tests results of tube-gusset joints. 

Welded bridges built in the 1950s until the late 1960s used the fatigue design specifications developed 

on the basis of fatigue tests largely performed with small-scale specimens in the 1930s (referred in the 

last section). However, fatigue cracking due to primary stresses was then often found in many highway 

and railway bridges. New fatigue tests performed in the 1970s with girder and full-scale specimens 

indicated that the tests performed with small-scale specimens overestimated the fatigue resistance of 

structural details (Fisher, 1997), a fact that is well-known today (Chitoshi Miki & Tai, 2013). As a 

consequence, some fatigue design provisions in use since the 1930s were inadequate and overly 

optimistic, particularly at longer lives, because the assumption of a fatigue limit of 2 million cycles 

proved to be incorrect (a number arbitrarily defined by Wöhler in 1860). On the other hand, another 

cause of fatigue cracking, due to secondary stresses instead of primary stresses revealed to be much 

more critical to railway bridges in the same period. In the following section, this cause will be outlined. 

 

2.6 DISTORTION-INDUCED FATIGUE 

Distortion-induced fatigue cracking results from second-order stresses, typically due to out-of-plane 

deformations and incompatible deformations at intersecting structural elements (Dexter & Fisher, 

1997). Nishikawa et al. (1998) mentioned that almost all fatigue cracks reported in Japan are caused by 

distortion-induced stresses. Connor & Fisher (2006) have estimated that nearly 90% of all fatigue 

cracking is the result of out-of-plane distortion or other unanticipated secondary stresses at fatigue-

sensitive details. Bowman et al. (2012) have conducted a survey of US state transportation officials in 

order to evaluate current fatigue inspection and evaluation procedures. The results of the survey 

revealed that distortion-induced fatigue cracking is the most frequently encountered type of fatigue 

distress observed by various state transportation agencies in the United States. The AASHTO LRFD 

(AASHTO, 2014) specification, as well as the Manual for Bridge Evaluation (AASHTO, 2011), defines 

it as “fatigue effects due to secondary stresses not normally quantified in the typical analysis and design 

of a bridge”. Early reported cracks due to distortion-induced fatigue in welded joints were observed in 

the mid-1970s at the end of vertical stiffeners or connection plates for floor beams and transverse 

diaphragms, see Figure 2.18 (Fisher, Fisher, et al., 1979; Fisher & Roy, 2015). The cracks appeared in 

a region that was previously called a “web gap”, i.e. a space between the transverse stiffeners and the 

tension flanges during girder construction. 
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Figure 2.18 – Web gap cracking due to out-of-plane distortion in a railway bridge (Fisher, Fisher, et al., 1979). 

 

The web gap practice had its origin from the German codes for railway bridge construction developed 

in the 1930s due to the concern of fatigue cracking related with welding an element normal to primary 

stresses (Kommerell, 1936b). This concern, which is frequently mentioned in introductory texts to 

distortion-induced fatigue is herein recovered from a conference paper translated to English by the 

secretariat of the second IABSE meeting held in Berlin in 1936: 

“While in early days stiffeners were welded unhesitatingly to both flanges, later on, endurance 

fatigue tests with fillet welds placed vertically to the direction of force and with the zones in 

which the lateral fillets start and end led to the recognition that, on account of the considerable 

reduction of fatigue resistance, it would be necessary to prohibit welding of stiffeners and 

girder connections in the tension flange for bridge construction.” (Kommerell, 1936b) 

Although distortion-induced fatigue is a problem more frequent in steel girder bridges, it also has 

developed in many other types of bridges, such as trusses, suspension bridges, tied-arch bridges and 

box girder bridges and have been known to crack frequently and relatively early in the service life of 

many bridges (Connor & Lloyd, 2017). Indeed, initiation of fatigue cracks in the web gap regions for 

structures not designed to current code specifications is anticipated to occur within 1/5 of the design 

service life of a bridge, which is equivalent to more or less 20 years for most bridges, as can be testified 

by the data obtained by Yokoyama & Miki (Yokoyama & Miki, 2017), see Figure 2.3. In the following 

subsection, most representative distortion-induced fatigue prone details are outlined and discussed. 

 

2.6.1 EXAMPLES OF DISTORTION-INDUCED FATIGUE CRACKING 

Recent examples of welded girder railway bridges with this type of crack can be found in Åkesson et 

al. (Åkesson et al., 1997), Grondin & Kulak (Grondin & Kulak, 2010), Aygül et al. (Aygül et al., 2014b) 

and Dick et al. (Dick et al., 2013) the latter two shown in Table 2.2 and Table 2.4, bridges k) and s), 

respectively. Grondin & Kulak (Grondin & Kulak, 2010) reports an incredible number of 300 distortion-

induced fatigue cracks in the transverse stiffeners web gaps of a railway composite steel-concrete multi-

girder bridge in Canada, removed from service in 1998. The overall driving mechanism for distortion-

induced fatigue cracking of welded railway bridges is similar throughout the different existing types, 

and it is well-illustrated in Figure 2.19 (Aygül et al., 2014a). Out-of-plane forces are developed in the 

diaphragm members when one girder deflects a different amount than an adjacent girder. Such 
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deflections give rise to diaphragm rotation, which in turn imposes a deformation on the transverse 

stiffeners. The diaphragm members that are typically attached to the connection plates introduce a 

pumping on the corresponding web region and tend to develop elevated out-of-plane stresses. Because 

transverse stiffeners are rigidly welded to relatively flexible girder webs, the latter takes up most of the 

out-of-plane displacement and rotation, leading to web cracking, usually in the form of a ‘horseshoe’ 

crack, Figure 2.20c. The effect of the out-of-plane stresses can be summed to the effect of the primary 

stresses generated by the overall flexural behaviour of the steel girders, leading to a combination of 

both load-induced and distortion-induced fatigue phenomena. It was observed that even though the out-

of-plane deformation being relatively small in comparison to the deformation of the entire structure, it 

can induce very high stresses. For example, some authors put the localized minimum out-of-plane 

deformations that can produce this type of cracking in the order of 0.10 mm, which are quite common 

in actual bridges under normal rail traffic (Connor & Lloyd, 2017; Fisher & Keating, 1989). 

Experimental measurements on actual bridges showed that secondary stresses in web gaps could even 

be much larger (as much as 20 times larger) than primary stresses in flanges (Jajich & Schultz, 2003). 

 

Figure 2.19 – Deformation of a typical two-track half-through welded girder bridge subjected to an axle load 

obtained with FEM (Aygül et al., 2014a) (Bridge case study k), Table 2.2). 
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Figure 2.20 – (a) Half cross-section of a typical steel girder bridge; (b) Out-of-plane distortion and (c) Crack 

location (Aygül et al., 2014a) (Bridge case study k), Table 2.2). 

 

Despite distortion in web gaps of girder bridges, another type of distortion occurring in the top flange 

has often caused fatigue cracks in the welds between the transverse stiffener and top flanges in many 

bridges (Figure 2.21). In railway bridges, the rail track is either lying on cross beams which may be 

directly supported on the girders or lying on sleepers which rest on the ballast. One aspect that was 

often overlooked in early welded railway bridges with this type of construction was the existing 

eccentricity created between the main longitudinal bending axis of the girders and the rail (see Figure 

2.22a). This eccentricity combined with horizontal loads induced by the wheel-rail contact (Figure 

2.22b) can induce additional out-of-plane restraint bending in the flanges, leading to fatigue cracking 

of flange welded attachments. Recent examples of welded girder railway bridges with this type of crack 

can be found in Kyung et al. (2011), Lee & Lee (2012) and Lippi et al. (Lippi et al., 2013), the latter 

two shown in Table 2.2 and Table 2.4, bridges j) and t), respectively. 

 

Figure 2.21 – Cracks due to top flange distortion in a welded railway bridge (Kyung et al., 2011) (Bridge case 

study j), Table 2.2). 
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(a) (b) 

Figure 2.22 – Mechanism of distortion in the flanges due to (a) vertical loads and (b) horizontal loads [adapted 

from (Haghani et al., 2012)]. 

 

Several cracks were found in brackets of the walkway of steel welded railway bridges in recent years, 

due to displacement of the floor-beams in the longitudinal direction. According to Fisher (Fisher, 1984), 

this is one of the oldest cases of cracks due to out-of-plane distortion, firstly detected in highway bridges 

in the U.S. at the beginning of the 1970s. The cracks usually occur in two main locations, i.e. the 

connection of the walkway floor beams to the brackets (as shown in Figure 2.23) and between the 

brackets and the web of the steel girders. Recent examples of bridges that suffered from this effect can 

be found in (Chao-hui & Qi, 2014; Melo et al., 2015; Takagi et al., 2009). It seems to be common in 

brackets of bridges with continuous spans.  

 

Figure 2.23 – Fatigue crack due to secondary stresses in the walkway under the crossing of HAL traffic in a 

bridge located in Vitória-Minas Line (Brazil) (Bittencourt et al., 2013) (Bridge case study w) Table 2.4). 

 

The overall mechanism of crack formation is illustrated in Figure 2.24. In general, the rotation angle 

due to train crossing and girder bending () led to an additional longitudinal displacement (), which, 

due to the rigid connection between floor beams and brackets creates secondary stresses at the level of 

the bracket to the girder weld and at the weld between the brackets and the floor beams. 
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(a) 

  

(b) (c) 

Figure 2.24 – Mechanism of creation of distortion in the walkways of continuous bridges [adapted from (Fisher, 

1984)]. 

 

A famous case of distortion-induced fatigue cracking took place at the Dan Ryan welded railway 

viaducts located in Chicago (Illinois), see Figure 2.25a. Following the discovery of cracking in the bents 

of the Dan Ryan Rapid transit, the cracks were temporarily retrofitted with two stop holes at both crack-

tips of the through-thickness crack (Connor & Lloyd, 2017). This kind of retrofit was then called a “dog 

bone” retrofit. At the time of the discovery of the cracked bents, the structure was analysed using the 

finite element method for computing stresses. The web of the box bent was modelled with shell 

elements. The analysis of the deformations in the area intersection between the east web and bottom 

flange indicated stress concentrations due to out-of-plane bending of the web, see Figure 2.25c 

(Suloway et al., 1979). Another factor contributing for the stress concentration was attributed to the 

lack of fusion in the welds of the intersections, which were connected by partial penetration groove 

welds that resulted in a large unfused region in the box girder web (Fisher, 1984). In a certain time, the 

fractured bents were replaced by new bents, but now at an inferior level, with the I-girders currently 

resting on the upper flange of the bents (see Figure 2.25b). 
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(a) (b) 

 

(c) 

Figure 2.25 – (a) Old and (b) current Dan Ryan Expressway viaduct state and (c) skewed cross girder 

structure with fatigue crack in the bottom flange to box bent web weld (Connor & Lloyd, 2017). 

 

2.6.2 DESIGNING TO DISTORTION-INDUCED FATIGUE 

First attempts to characterize the fatigue strength of distortion-induced fatigue sensitive details were 

performed by Fisher et al. (1979) in NCHRP no. 206 (National Cooperative Highway Research Program 

Report) for the web gaps of welded transverse stiffeners. The goal of this NCHRP study was to develop 

recommended criteria for designing steel girders so that distortion-induced fatigue cracking problems 

would be minimized. The fatigue testing demonstrated that for a cyclic out-of-plane displacement of 

web gap regions, the fatigue strength increased as the web gap length increased. However, a relationship 

between web gap length and the initiation of fatigue cracking revealed not to be directly proportional. 

Small web gaps, less than five times the web thickness, were found to have very unpredictable 

behaviour. Later, a comprehensive experimental study was conducted by Fisher et al. (Fisher et al., 

1990) in NCHRP No. 336 with the goal of recommending criteria for designing steel girders in order to 

minimize distortion-induced fatigue cracking problems. When the data were plotted on an S-N curve, 
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then all the data exceeded the FAT 80 category. From this experimental study, some recommendations 

were made. Rigid connections of the plate to the top and bottom flanges by bolted or welded connections 

are needed to prevent fatigue cracks from out-of-plane deformation. The successful arrest of cracking 

at details with distortion-induced cyclic stresses higher than 105 MPa requires a positive attachment 

between the connection plate and the girder flange in order to bridge the web gap and reduce the 

magnitude of the out-of-plane web bending stress. These early tests mostly tried to characterize the 

fatigue strength based on the nominal applied stress and detail category. More recently, some attempts 

to characterize the fatigue strength of distortion-induced fatigue bridge sensitive details in terms of 

locally applied stresses by testing  (such as the stress at the weld hot-spot) have been performed 

(Ghahremani et al., 2013). In this context, the hot-spot stress method revealed to be suitable to analyse 

the fatigue performance of distortion-induced fatigue sensitive details of composite steel-concrete 

bridges through the use of the finite element sub modelling technique (G. Alencar, De Jesus, et al., 

2018). 

According to Okelo (2017), although current bridge design specifications provide rules to estimate the 

fatigue life for load-induced cases, fatigue cracking due to out-of-plane distortion is not adequately 

addressed in standard structural codes, despite its severity. In general, most bridge design specifications 

codes intend to prevent distortion-induced fatigue issues by recommending detailing guidelines for 

common welded joints. The AASHTO LRFD (AASHTO, 2014) specification, Article 6.6.1.3, as well 

as the MBE (AASHTO, 2011) provide a separate section on distortion-induced fatigue. They contain 

general statements that stress the importance of the proper connection of transverse connection 

stiffeners to longitudinal (i.e. main) components, however, the development of web gap stresses is 

limited through improved detailing requirements and it does not explicitly classify detail categories for 

distortion-induced fatigue. Prescriptive provisions on how distortion-induced fatigue cracking can be 

evaluated or treated are not provided. AASHTO LRFD (AASHTO, 2014) also requires that stiffeners 

used as connection plates for diaphragms or cross-frames shall be attached to both the compression and 

tension flanges of the longitudinal girders. In Europe, although the Eurocode standard for the fatigue 

assessment of steel structures (EN 1993-1-9, 2005) does not deal directly with ‘distortion-induced 

fatigue-sensitive details’, design rules to avoid fatigue web gap cracking are given by the British Steel 

Construction Institute in Hendy & Iles (2010). It is interesting to note that these rules for intermediate 

transverse stiffener design are quite similar in terms of broad concepts to the approach taken in 

AASHTO (AASHTO, 2014).  

 

2.7 VIBRATION-INDUCED FATIGUE 

Vibration-induced fatigue cracking in steel bridges can result from either primary or secondary stresses 

and can originate from different types of actions, e.g. wind loading, railway traffic, earthquakes and 
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others. Due to low local stiffnesses in correspondence of critical details, vibration phenomena can occur 

simultaneously or not with distortion-induced fatigue, and can in fact strongly affect steel bridges safety 

(Chitoshi Miki, 2000; Pantoli et al., 2011). Vibration caused by the wind was already recognized as 

being very critical since the well-known failure of the Tacoma Narrows bridge, which took place in 

1940. In this case, the wind caused an excessive number of stress reversals of the bridge deck (made of 

steel riveted girders), which resulted in resonance with a 0.2 Hz torsional vibration mode, leading to 

failure due to low-cycle bending fatigue (Åkesson, 2008). The sources of railway traffic-induced 

vibration in welded components can be separated as follows: i) due to the complex dynamic interaction 

phenomena between the train and the bridge, ii) due to dynamic effects caused by the contact forces 

between the wheel and the train considering the rail irregularities and the wheel defects and iv) due to 

the resonance that can be created by the crossing of repeated and equally spaced axle loads.  

 

2.7.1 EXAMPLES OF VIBRATION-INDUCED FATIGUE CRACKING 

More recently, fatigue cracks of tensioned welded hanger connections of railway bowstring bridges due 

to wind and traffic vibrations were reported by Haghani et al. (Haghani et al., 2012) and Klinger et al. 

(Klinger et al., 2014), with an illustrative example shown in Figure 2.26. Hangers usually have very 

low bending stiffness, which makes them very sensitive to resonance with many stress cycles in the free 

vibration phase (Andersson et al., 2015; Ribeiro et al., 2012). Since the goal of current work is to review 

fatigue due to traffic loads, from now on a focus will be given for cracks caused by traffic loads. 

 

Figure 2.26 – Cracks induced by vibration, e.g. by wind or traffic in welded hangers of railway bridges 

(Sustainable Bridges, 2007b). 

 

One of the early reported cases of cracks due to vibration induced by traffic loads in railway bridges 

occurred in the Tokaido Shinkansen high-speed line (Chitoshi Miki, 2000). Although high-speed 

passenger trains with regular axle spacing are not ULS relevant due to their relatively low weight 

compared to freight trains (Sustainable Bridges, 2007a), they are able to originate high dynamic effects 

on bridges. The advent of high-speed traffic led to an increase in reported fatigue cracks of welded 

bridges due to secondary stresses created by excessive vibrations observed at certain circulating high-
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speeds. Since the start of operation in 1964, speeds have been progressively increasing and from about 

the time that 200 km/h was exceeded, vibrations of bottom flanges of stringers in plate girder bridges 

and truss girder bridges in directions perpendicular to bridge axes began to appear when crossed by 

trains (Figure 2.27), after only eight years of service (Iványi, 2002).  

  

(a) (b) 

Figure 2.27 – (a) Out-of-plane movement in the transverse stiffener web gaps induced by high-speed trains (b) 

a photo of a typical crack (DRCFW, 2017). 

 

Vibrations in out-of-plane directions have also been reported in diaphragms of box section girder 

bridges in the Tokaido Shinkansen, Figure 2.28a (Sugimoto & Ichikawa, 1999). The presence of local 

vibration modes of the web characterized by high-frequencies in the range 20 – 45 Hz, typically excited 

during train transit, see Figure 2.28b, could cause high local “modal” stresses leading to fatigue damage 

and reducing the remaining fatigue life (Sugimoto & Ichikawa, 1999). The natural frequencies of these 

local modes were identified by means of the FFT acceleration measurements in the actual bridge due to 

the crossing of high-speed trains with speeds of about 270 km/h, considering a coupled dynamic 

analysis of the train-bridge system for the former. Accordingly, peak frequencies at about 30 Hz were 

distinctive with relatively large magnitude, which indicated the possibility of resonance of this high-

frequency mode with the train moving loads (Su et al., 2009). 

  

(a) (b) 

Figure 2.28 – (a) Fatigue cracking in a steel box girder bridge of the Tokaido Shinkansen line and (b) out-of-

plane vibration modes of the web leading to increase “modal” stresses in the web gap (Miyashita et al., 2005; 

Su et al., 2009; Sugimoto & Ichikawa, 1999) (Bridge case study o), Table 2.3). 

Stress concentration occured
by a lateral displacement of

bottom flange and an out-of-
plane deformation of web.

Not
welded

Damage

High-frequency modes of the web-panel
in the range of 20 – 45 Hz



Chapter 2  

88 

Another structure typology often used in long-span high-speed railway bridges which is very sensitive 

to vibration-induced damages according to Lippi et al. (Lippi et al., 2012) are orthotropic steel decks 

(OSDs). OSDs are constituted by a steel deck plate as both the top flange of steel stringers and as the 

underlay for the track wearing surface. The deck and the stringers are integrated by welding the lower 

edges of the deck to the top edges of the stringers, integrating them into a single unit that acts in block 

to carry loads. The orthotropic deck reduced the weight of long-span bridges considerably and 

facilitated the achievement of even higher spans (Mangus & Sun, 2000). However, it is well-known 

that the fatigue phenomenon is a global problem to orthotropic bridge decks (Qinghua et al., 2017). 

Recently, several cases of fatigue cracks in railway bridges with orthotropic decks were reported and 

investigated by the China Academy Railways (CARS, 2009; Cheng et al., 2017), with some typical 

cracks illustrated in Figure 2.29b. In China, OSDs were adopted in the Chengdu-Kunming Railway for 

the first time during the 1960s and had been developing at an unprecedented speed since the 1990s. 

Cracks in OSDs are caused by the secondary bending stress concentration generated by the out-of-plane 

distortion at the welding connection restraint (Figure 2.29a). OSDs have been widely adopted in high-

speed railway bridges in China, and other numerous bridges are planned to be built in the near future 

(Qin & Gao, 2017). The study of the vibration phenomena caused by high-speed trains in orthotropic 

decks and hence the impact on the fatigue life has increasingly attracted research interest in recent years 

(Cao et al., 2016; Song et al., 2016). 

 
 

(a) (b) 

Figure 2.29 – (a), (b) Distortion/vibration induced fatigue cracks in orthotropic decks (Dexter & Fisher, 1997; 

Lippi et al., 2012; Yokozeki & Miki, 2017). 

 

On the other hand, fatigue cracks due to vibration were also reported for train speeds lower than 200 

km/h, specifically for HAL traffic for the welded bridge at FAST (bridge s), see Table 2.4). In particular, 

it was observed a strong correlation between rail irregularities and increased rate of fatigue crack 

initiation and growth. In railway bridges, the irregularities of the rail have a strong influence on the 

dynamic behaviour of the structure, and it can be presented in the form shown in Figure 2.30. In the 

welded bridge at FAST, the static irregularities, i.e. without the effect of the live load were measured 

to have an amplitude, zv, of 2.30 mm on the north rail and 2.80 mm on the south rail, which were 

considered of moderate level. However, they were enough to cause strains about 10% higher than with 

smoother rails. Not only the maximum absolute value increased, but also the measured strain 
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amplitudes. The higher strain ranges then resulted in about a 50% increase in fatigue damage 

accumulation per train crossing under corrugated rail as compared to smoother rail (Dick et al., 2013). 

 

Figure 2.30 – Vibration in the steel structure induced by wheel-rail contact dynamic forces in the presence of 

irregularities for the vertical rail profile [adapted from (Xia et al., 2009)]. 

 

Another example which occurred for speeds under 200 km/h was at the steel structure of one of the 

elevated parts of the Washington D.C. Metro, specifically in the crossing over the Potomac River. The 

Washington D.C. Metrorail system was built in the 1970s and inaugurated in 1976. It has a total 

extension of 188 km, divided between elevated (14 km), underground (80 km) and at surface (94 km) 

portions. Each train is 22.86 m long with a unique track gauge of 1,429 mm and being able to operate 

at a maximum speed of 121 km/h. The crossing within this portion is composed of multiple simple 

spans across concrete piers, varying between 21 to 36 m approximately, with two steel box girders 

sections, which support an RC slab (see Figure 2.31). Within each box girder, K-type diaphragms are 

welded to transverse connection plates which are fillet welded to the box girder webs. The adopted 

structural steel was ASTM A588. The referred fatigue cracks occurred in the transverse connection 

plate weld ends (Dexter et al., 2014). Herein, vibration with frequencies with magnitude in the order of 

20 Hz were observed (Figure 2.32), in a very similar manner with the steel box girders fatigue cracking 

in the Tokaido Shinkansen line. 

 

Figure 2.31 – Section of the Metrorail double-box steel girder bridge over the Potomac River (Bridge case 

study u), Table 2.4). 
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Figure 2.32 – Out-of-plane vibration of the girder web (Bridge case study u), Table 2.4). 

 

2.7.2 DESIGNING TO VIBRATION-INDUCED FATIGUE 

Due to their lightness and low damping capacities, it is likely that steel bridges could experience 

resonance-induced vibrations produced by trains running slower than the maximum design speed 

usually set to 350 km/h for high-speed (HS) lines. If a frequent operating speed of a high-speed train 

passing through a railway bridge corresponds to the resonant speed, excessive span deflections and 

vibration may be caused and, therefore, the dynamic behaviour of railway bridges subjected to HS train 

loading should be taken into consideration in the fatigue assessment (G Chellini et al., 2008). Part of 

first bridges built for the Tokaido Shinkansen line, where most fatigue cracks due to vibration-induced 

fatigue were early reported, adopted pure steel solutions (ballastless half-through girder, through truss, 

box girder or girder bridges), which are well-known to have very low mass and damping ratios. In the 

case of modern high-speed railway bridges, very strict design criteria in terms of deformability (vertical, 

horizontal and torsional) and dynamic behaviour are now recommended by standards and technical-

scientific literature (G Chellini et al., 2008; ERRI, 1999; Hseih & Wu, 2014). These criteria can be 

fulfilled by designing a main steel or composite section, providing the required stiffness, incorporating 

a concrete slab underneath the track and adopting ballasted tracks. The ballast and the concrete 

introduce additional mass and damping under the track, thus reducing the dynamic vibrations induced 

by the live load. This design philosophy has been employed throughout the French HS lines since the 

TGV Nord open to traffic in 1990. The efficient use of materials, alongside with the design of simple 

details, led to a good fatigue behaviour of these structures and, subsequently, to a longer lifecycle and 

lower maintenance (Figueiredo et al., 2008).  

Phenomena like vibration-induced fatigue are still partially uncovered by actual design codes and 

represent a critical aspect for the assessment of existing bridge remaining life and for the design of new 

bridges. One relevant attempt to change this scenario was performed by the European project FADLESS 

(Lippi et al., 2012), whose main objective was to clarify the uncertainties concerning 

vibration/distortion induced fatigue into railway steel bridges. In particular, the most important aspects 
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outlined include the dynamic behaviour, the influence of train-bridge interaction phenomena, the local 

vibration/distortion effects, the actual stress patterns into critical details, the real composition of traffic 

spectra and the influence of secondary stresses on the fatigue resistance of components. Several case 

studies in Europe were selected in order to apply the methodology developed under FADLESS project, 

which included a variety set of bridges with different construction methods (riveted-only, welded, 

composite steel-concrete, etc.). Regarding vibration-induced fatigue on welded joints, the FADLESS 

project highlighted that the structural damping has an important effect on the dynamical behaviour of a 

railway bridge because it is one of the main factors limiting the vibration amplitudes. Its knowledge is, 

therefore, essential for the assessment of existing bridges subjected to dynamic loads. Moreover, the 

computation of the local stress effects by vibration phenomena in order to perform the fatigue 

assessment of critical details requires the consideration of the whole dynamic system for the global 

model. Because the task of numerical simulation is to check the local vibration of the steel bridge, 

sufficiently precise models are necessary, both from a global and a local point of view. 

 

2.8 CONCLUDING REMARKS 

In the present chapter, an in-depth literature review covering more than one century was carried out, 

providing a multidisciplinary analysis with insights into the welding history and practice, especially 

applied to steel railway bridges construction. The individual bridge case studies analysed provided 

valuable insight into the causes of cracking, the importance of details, and the significance of defects 

on the fatigue performance. Some achievements and conclusions of the present chapter can be 

summarized as follows: 

• The combined results of the historical, technical and structural investigations emphasize the 

importance of confronting the original design of a welded joint with its historical context, 

characterized by joining typologies, construction techniques and calculation methods peculiar 

to a certain time period. Advances in welding technology and shop practice played a significant 

role in the fatigue design of steel railway bridges, but few studies have emphasized yet how 

those practices determined, for example, the changes that made possible the construction of 

high-fatigue performance welded bridges. One may note that this is an important area of study 

that needs to comprehend a worldwide context; 

• The first technical issues related to welding and the generated distrusted climate followed by 

many reported cases of fatigue cracking and brittle failures of dynamically loaded structures 

after few years of service in the early times explain why riveted connections were still in use 

until the 1970s. Both the mentioned cases of early reported damages, the cracks of a lattice 

bridge reinforced with welding and the fracture of the girders of the Berlin Zoological Garden 

station bridge were caused by insufficient experience with welding technology applied to steel 
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bridges. Such problems were initially perceived as setbacks by the engineering community; 

however, they contributed later to the further development of welding technology in the correct 

direction; 

• One may note that throughout the years welding slowly became the dominant technology for 

the fabrication of built-up bridge components, surely overtaking riveting as the preferred 

joining method; 

• It was reported that further advice regarding caution with fatigue cracking had been given, 

certainly with good intentions. Some, however, such as the warning to not weld transverse 

stiffeners to tensioned flanges or the recommendation to use groove welds instead of butt welds 

in the flange-to-web weld, lead to other unexpected fatigue-related problems; 

• In early cases, fatigue cracking in bridges resulted from an inadequate experimental base and 

overly optimistic specification provision provided by early experimental data with small-scale 

specimens. Later, fatigue tests with full-scale specimens revealed sources of stress 

concentration and higher residual stresses, which were initially neglected but can greatly 

decrease fatigue life; 

• Nowadays, the identification of vulnerable structures and assessment of secondary stresses are 

very important tasks to evaluate the remaining service life of railway infrastructure inventory. 

However, there is a lack of standard guidelines for the evaluation of distortion/vibration-

induced fatigue, being one of the main challenges that structural engineers could face in practice 

when dealing of the ageing and deterioration of old steel bridges and in the design of non-

standardized structural details for new bridges; 

• For the design of new steel railway bridges, some of the causes of cracking discussed in this 

work can be prevented with the engineering knowledge acquired today. The lessons learned 

from the past assist with an understanding of the behaviour of railway bridges and the 

importance of detail and execution. 

 

Finally, the application of numerical modelling techniques with the Finite Element Method, together 

with advanced methods for fatigue assessment based on local approaches represent an overall trend in 

fatigue-prone detail analysis. Clearly, detailed numerical modelling may offer a unique perspective to 

analyse stress concentrations, distortion effects, and fatigue crack propagation caused by cyclic 

loadings. The stresses acting in the mentioned details are difficult to determine without a high-level 

finite element analysis of the bridge and, hence, are difficult to design for. Local approaches which may 

be useful to evaluate fatigue-prone details will be investigated in the next chapters.
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3  
FATIGUE ASSESSMENT OF WELDED RAILWAY 

BRIDGES BASED ON S-N APPROACHES 
 

 

3.1 INTRODUCTION 

Since this thesis is related to fatigue cracks due to railway traffic loading, and therefore mainly in the 

high-cycle fatigue range (> 104 cycles) for the actual operation conditions, in the current chapter, 

approaches for fatigue assessment based only on stresses, both from a global and local point of view 

will be reviewed. In the first part of the current chapter, a critical literature review on the global-nominal 

stress concepts will be presented. In the second part, a focus will be given to the structural hot-spot 

stress method. Because current modern fatigue codes of welded joints are becoming uniformized 

through the available recommendations to assess civil engineering structures, when necessary, the 

present text will make reference to the European fatigue code procedure (EN 1993-1-1, 2005) and the 

IIW recommendation (IIW, 2016) to illustrate the S-N approaches. In the third part, the standard 

framework for the application of both methods to railway bridges is presented. 

 

3.2 THE NOMINAL STRESS METHOD FOR THE FATIGUE ASSESSMENT OF WELDED JOINTS 

3.2.1 FUNDAMENTALS 

The study of fatigue of metals started mainly with an empirical character consisting of the observation 

of the increasingly frequent accidents and sudden ruptures of railways axles in the nineteenth century 

(R. A. Smith & Hillmansen, 2004). An interesting picture from those failures, which testifies this 

empirical character of the early fatigue studies can be found in a transcript of a hearing proffered by Mr 

J. E. McConnell (L&NWR – London and North Western Railway), in a regular meeting of the British 

Institute of Mechanical Engineers which took place in 1853: 

“Our experience would seem to prove that even with the greatest care in manufacturing, these 

axles are subject to a rapid deterioration owing to the vibrations and jar which operates with 

increased severity on account of their peculiar form. So certain and regular is the fracture from 

this cause that we can almost predict in some classes of engines the number of miles that can 

be run before signs of fracture is visible. The question of deterioration of axles is a very 

important one to all railway companies. It is impossible to embrace [herein] an exposition of 
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all the facts of this branch of subject; but so valuable is a clear understanding of the nature of 

deterioration, that I am now registering each axle as it goes from the workshop and will 

endeavour to have such returns of their performance and appearances at different periods as 

will enable me to judge repeating their treatment. All my experience has proved the 

desirableness of maintaining axles as free as possible from sharp, abrupt corners, and sudden 

alterations in diameter or sectional strength.” [As reported by Freudenthal & Gumbel (1956)]. 

 

In the proffered hearing, McConnell used to refer to the observed phenomenon as “deterioration”, a 

terminology that was replaced in the subsequent years by “fatigue”. In the speech it is also interesting 

to note that it started as an observation of the regularity (“so certain and regular”) of the expected life 

(“number of miles”) of railway axles, taking also note on the influence of notches in the fatigue life of 

components qualitatively speaking (“maintaining axles as free as possible from sharp, abrupt 

corners”). Regarding these failures, Smith & Hillmansen (R. A. Smith & Hillmansen, 2004) reported 

an interesting railway axle failure due to fatigue in 2004 (see Figure 3.1) of a full-sized working replica 

of the first mechanically hauled train launched in 1804, the Penydarren Locomotive, by occasion of its 

200th anniversary. 

 

Figure 3.1 – Fractured axle of a full-sized locomotive replica of the first mechanically hauled train launched in 

1804 (R. A. Smith & Hillmansen, 2004). 

 

In this context, the first systematic attempt to characterize fatigue phenomenon was due to the German 

engineer August Wöhler, in a series of works published at the beginning of 1860 apud Schütz (Schütz, 

1996). Wöhler conducted the investigations on railway axles of carriages motivated by the importance 

of these failures for the safe of railway transports, performing laboratory tests on railway axles 

specimens subjected to bending, torsion and tension loading under cyclic constant amplitude, through 

the development of the first fatigue testing machines, obtaining the number of cycles to failure at 

different stress levels (Wöhler, 1860). This study showed that the number of cycles to failure of 

specimens increased with decreasing applied stress amplitudes and seemed to reach infinite life for 

stress ranges below a certain limit (initially adopted arbitrarily at 2×106 cycles), to be identified for each 

geometry and loading type. This limit was established by Wöehler as a so-called “safe working stress”, 

under which no fatigue failure would occur, and currently referred to as the Constant Amplitude Fatigue 
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Limit (CAFL). Nowadays, this limit (CAFL) is defined in current design codes for the fatigue 

assessment of components under constant amplitude loading, e.g. the Eurocode defines it as “The 

limiting direct or shear stress range value below which no fatigue damage will occur in tests under 

constant amplitude stress conditions” (EN 1993-1-9, 2005), occurring at 5×106 cycles instead of 2×106. 

Besides the influence of the stress type and the stress range, Wöhler also studied the effects of notches 

and the mean stress. 

From the original works, one may notice that Wöhler presented his test results in the form of tables. 

Basquin was the first to propose an exponential relation between the stress ranges and amplitudes 

(Basquin S-N curve) in 1910, using the same Wöhler constant amplitude fatigue test data published 50 

years earlier to demonstrate the curve-fitting (Schütz, 1996). This was the basis of the definition of the 

so-called S-N curves. Basquin also presented his relation in terms of a (log ) − (log N) graph for the 

finite life region (conventionally defined up to 2×106 cycles), in the form of “log ” as the ordinate 

and “log N” as the abscissa, describing it by the following formula: 

log log   = − N  (3.1) 

max min
   = −  (3.2) 

.
max

min constR ==



 (3.3) 

 

where  and  are empirical constants and N is the number of cycles to failure at a constant amplitude 

of  and R is the stress ratio. The logarithmic scale was preferred because it often leads to an 

approximately linear relation between log  and log N for a substantial range of N-values (Schijve, 

2009). In the (log ) − (log N) space, the curve parameters are obtained by simple linear regression 

analysis of experimental data (IIW, 2016). In an actual form adopted in design standards (EN 1993-1-

9, 2005), Equation (3.1) is equivalent to Equation (3.4), where m (m > 1) and C (C >> 1) are positive 

empirical constants to be identified: 

. = =
m

N C const  (3.4) 

1
 =

m
 and 

log
 =

C

m
 (3.5) 

 

The parameter m is called the index of the S-N curve, with its inverse and opposite (–1 / m) being the 

slope of the straight line in the log – log scale. Depending on the number of applied load cycles, the S-

N curve may be subdivided into three regions, although the exact number of cycles that distinguish each 

one has no consensus at all (Schijve, 2009): Low-Cycle Fatigue (LCF, approximately between 10 and 

100,000 cycles), High-Cycle Fatigue (HCF, approximately larger than 100,000 cycles) and Very High-
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Cycle Fatigue (VHCF, approximately larger than 10,000,000 cycles). High-cycle fatigue is more related 

to an elastic behaviour on a macro scale of the material. Actually, high-cycle fatigue is the more 

common case in practice, whereas low-cycle fatigue is only relevant in the case of loadings such as 

those occurring during earthquakes, where usually members experience only small numbers of stress 

cycles of high magnitude (Schijve, 2009). 

In the case of welded joints, the first works aiming the determination of CA S-N curves are among 

others due to Graf and Kommerell in Germany (Graf, 1936b, 1936a; Kommerell, 1936b) and Ros in 

Switzerland (Ros, 1936), mainly during the period from 1925 to 1935. These initial experimental works 

served after to support the definition of the basic design S-N curves that now exist in various design 

standards around the world. The main objective was to define, by testing, the basic constant amplitude 

fatigue strengths of the various types of constructional details that were commonly used in bridge 

construction, involving either butt or fillet welds. More attention and focus was firstly given to butt 

welded joints, because in many cases they were loaded in the transverse direction, although it was 

discovered soon that fillet welds have much lower fatigue strength due to the greater “notch effect” 

(Gurney, 2006). The tests involved aimed constant amplitude S-N curves for each constructional detail, 

primarily under pulsating tension loading but also, to a rather limited extent, under other stress ratios in 

order to investigate the influence of the mean stress. The S-N data is then statistically treated in order 

to obtain a lower bound estimation of the fatigue strength, i.e. the characteristic S-N curve, with most 

codes referring to the mean S-N curve minus two standard deviations, which corresponds to a survival 

probability of 97.7 % (IIW, 2016) assuming a gaussian distribution. Usually, 60 specimens are required 

to properly define the corresponding characteristic S-N curve (Nussbaumer et al., 2011). 

One of the first observations from fatigue tests of welded joints to determine CA S-N curves was that 

the parameter m was often found approximately equal to 3 in the finite life region, which was then 

adopted by many fatigue codes, although it can also assume values varying from 2.17 to 3.95 (Branco 

et al., 1999). Nowadays, codes recommend determining CA S-N curves of welded details fixing m equal 

to 3 in the linear regression analysis for most cases, instead of computing a weighted value of m (IIW, 

2016). Later, it was found that a value of m equal to 3 was also consistent with the principles of Linear 

Elastic Fracture Mechanics analysis of welded joints, since the phenomenological observation of fatigue 

allowed to conclude that welded joints are predominantly dominated by the crack propagation 

phenomenon, for which the Paris-Erdogan law (refer to Chapter 4) assumes an exponent coefficient 

converging to 3 for most experimental data (Branco et al., 1999). This way, one may conclude that 

codes which adopt a value of m lower than 3 are considering a higher contribution of the propagation 

phase in the fatigue life of welded joints, and the opposite is also true, i.e., higher values of m indicate 

a higher contribution of initiation phase in the fatigue life. Moreover, the spread of high-quality 

automated welding processes nowadays has found to give improved fatigue strength (Chitoshi Miki & 
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Tai, 2013). From a fatigue point of view, these processes essentially introduce a longer period of crack 

initiation, also leading to higher values of m. 

Although the possible existing differences among the structural codes, most of them choose to divide 

the fatigue strength of constructional details into different classes, with the number of classes not being 

uniform, of course. In the case of Eurocode 3 (EN 1993-1-9, 2005), a set of 14 equally spaced classes 

in the log scale for normal stress ranges (Figure 3.2) and 2 classes for shear stress ranges (Figure 3.3) 

are present, each class corresponding to a different S-N curve. According to Nussbaumer et al. 

(Nussbaumer et al., 2011), this classification comes from the ECCS original work of drafting the first 

European recommendations. The space between curves corresponds to a difference in a stress range of 

about 12%. Despite the fatigue category strength symbol (C or C), which represents the constant 

amplitude stress range to cause failure after 2 × 106 cycles, sometimes referred as “FAT” class, the other 

symbols represent the constant amplitude fatigue limit D (= 0.74 . C), set at 5 × 106 cycles, the 

applied stress cycles,   or  for shear stresses, the number of cycles to failure, N, and the so-called 

cut-off limit L (= 0.405 . C), or L (= 0.457 . C) for shear stresses, set at 100 × 106 cycles, 

sometimes called the variable amplitude fatigue limit (VAFL), for which no fatigue failure will 

theoretically occur if all stress cycles are below this limit. In the next sections, these parameters will be 

discussed further. The EC3 S-N curves for normal and shear stresses are then defined as follows: 

For 
3 3 6

2 10        =   →
CD

N   (3.6) 

For 
5 5 6

5 10           =   →
DL D

N  (3.7) 

For 
5 5 6

5 10        =   →
CL

N  (3.8) 

 

Figure 3.2 – The Eurocode 3 fatigue strength classes for normal stress ranges. 
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Figure 3.3 – The Eurocode 3 fatigue strength classes for shear stress ranges. 

 

3.2.2 VARIABLE-AMPLITUDE LOADING AND CUMULATIVE DAMAGE 

The design method rooted in S-N curves with straightforward safety factors and a fatigue limit 

determined based on constant amplitude tests were used in several industries in the early times of fatigue 

history (Cahn & Haasen, 1996). However, one question that engineers were not able to answer during 

that time was if there is a way to estimate the remaining life of a component subjected to variable 

amplitude loading if the load history is known or can be estimated. The Wöehler S-N curves were being 

used to predict only the number of cycles to failure at a constant amplitude and to design to “infinite 

life” instead of “finite life”, due to the awareness of fatigue failures being historically happening without 

notice, whereas static failures usually happen with previous long deformation. However, two practical 

issues arise: i) the majority of loading histories in practice are of variable amplitude; and ii) the scatter 

in the fatigue life estimations, which is considered high under constant amplitude conditions, even for 

tests performed at the same conditions, is even higher for variable amplitude tests (Gurney, 2006). 

Therefore, in the current section, it will be discussed how codes normally deal with the first practical 

issue. 

Thus, to cope with the first practical issue, Pålmgren (1924) proposed that the fatigue behaviour under 

variable amplitude loading has to be transformed to that under constant amplitude to make life 

predictions. It is usually assumed that each stress block contributes to the fatigue damage according to 

its damage ratio ni/Ni. The numerator ni is the number of cycles actually occurring, whereas the 

denominator Ni is the number of cycles to failure according to the S-N curve for the actual stress range. 
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It is further assumed that the total damage caused by all stress blocks accumulates linearly. The damage 

accumulation is then given by the Pålmgren summation rule: 

1=

 
=  

 


k
i

F

i i

n
D D

N
 (3.9) 

 

where Ni is calculated from Equation (3.4) at the actual stress range i, DF is an experimental value, 

and k is the total number of cycles. For equally spaced frequency spectra and a unique S-N curve for 

the entire regime, Equation (3.9) leads to a linear damage summation. Of course, for frequency stress 

spectra in terms of a continuous distribution function, Equation (3.9) can be rewritten as Equation 

(3.10), which also reveals the possibility to obtain nonlinear damage summations: 

 
= =  

 
 F

n n
D f D

N N
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The American engineer Milton Miner was among the first to experimentally check the relation n/N 

with VA fatigue tests of unnotched specimens and a few riveted lap joints (Miner, 1945). He found DF 

values varying from 0.3 to 5, but on the average reasonably close to 1.0 (Schijve, 2009). Because of 

that, the Pålmgren Rule is often called the Pålmgren-Miner rule, and for design purposes, DF has been 

historically assumed as being equal to 1.0. It is well-known that the Pålmgren-Miner rule can be derived 

from Fracture Mechanics (Gurney, 2006) if it is hypothetically assumed that the fatigue life is fully 

described as a crack propagation phenomenon in the context of the Linear Elastic Fracture Mechanics 

(which is known to be a conservative rough approximation in some cases, refer to Chapter 4). Consider, 

for example, a structural joint subjected to n1, n2 and n3 cycles, respectively, of stresses, 1, 2, and 3, 

respectively. Thus, from the Paris-Erdogan law for fatigue crack propagation, Equation (4.18), and from 

the S-N curve definition, one can write: 
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In these equations, the initial and final crack sizes, ai and af are known, but the intermediate crack 

lengths a1 and a2 are not. Now for a joint subjected to constant amplitude loading, it is possible to write: 
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So that dividing the first of Equations (3.11) by Equation (3.12) results: 
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If the other Equations (3.11) and (3.12) are similarly compared for the other values of  and the ratios 

are then added together, it is possible to get Equation (3.9): 
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Although most damage calculations currently performed are based on the assumption of linear damage 

accumulation as described above, the validity of this assumption has often been questioned (Lassen & 

Recho, 2006). From about 1950 onwards, doubts about the validity of Miner's rule began to appear in 

the literature, for which both conservative as nonconservative estimations were achieved. Damage sums 

between 0.1 and 10 were found in fatigue tests, which is indicative of the high scatter band of the 

fracture criterion (Gurney, 2006; Schütz, 1996). Hence it led to a consensus that if the objective of the 

calculation is to define a particular fatigue strength or life, the only sensible approach is to make the 

most pessimistic assumptions and to accept that the only possibility is to use the method to derive a 

realistic lower limit estimate of life (Gurney, 2006). For welded joints, this is the currently adopted 

approach by the IIW (IIW, 2016) for variable amplitude loading with the recommendation of a lower 

allowable damage limit equal to 0.5, mainly based on investigations performed by Sonsino et al. (2004) 

on cumulative damage of VA fatigue tests of two types of welded joints (butt welds and transverse 

stiffeners) made of four structural steels, S355M, S690Q and S960Q in the thickness of t = 10 and 25 

mm and applying random spectra of Gaussian type. Most fatigue life estimations with the conventional 

damage sum D = 1.0 were on the unsafe side. For cumulative fatigue design, the evaluation of the results 

suggested the use of an allowable damage sum of DF = 0.5. 
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Another important shortcoming of the Miner rule for VA life predictions is associated with load cycles 

of amplitudes below CAFL. Theoretically, when transposing and extrapolating the CA test results to 

make life predictions under VA loading according to the Miner’s rule, cycles under CAFL theoretically 

does not cause damage. However, it is massively repeated and well-known in the literature that this is 

not being possible for variable amplitude loading. Cycles with amplitudes larger than CAFL can initiate 

a fatigue crack. Later, cycles with amplitudes below CAFL can propagate the crack and thus become 

damaging. A simple and conservative procedure to account for this phenomenon is to extrapolate the 

S-N curve with constant slope m below CAFL towards the zero-stress range after the knee point. In 

works from German authors, this is often called the Pålmgren-Miner-Original rule, according to the 

Pålmgren-Miner-Elementary method, probably because it was the preferred method in early times to 

deal with fatigue in the High-Cycle regime. Among American civil engineers this is also the preferred 

standard procedure, see for example (Bowman et al., 2012), which do not see the need for a slope 

change after the knee point based on some experimental studies (Fisher et al., 1993) and also for 

practical reasons. In AASHTO (AASHTO, 2014) bridge design specifications, which later inspired 

AWS (1995), AREMA (AREMA, 2000) and AISC (2016), the seven primary characteristic CA S-N 

curves are extrapolated below the CAFL with no slope change (Figure 3.4), but a VAFL is set at 

CAFL/2 as recommended by some transport organizations (USDOT, 2015), which is another way of 

dealing with all stress ranges lower than CAFL that contribute less to fatigue damage. This approach 

results in the values shown in the right-hand side of Figure 3.4 for L. The AASHTO nominal S-N 

curves are then defined as follows: 

For 
3 3 6

2 10        =   →
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N   (3.15) 

 

Figure 3.4 – The AASHTO, AWS, AREMA and AISC nominal S-N curves for variable amplitude loading. 
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Another suggestion for extending the S-N curves below the fatigue limit was proposed by Haibach 

(1970), sometimes called the second slope model. Haibach proposed an approximation which considers 

a decreasing threshold level for crack propagation (CAFL) dependent on the accumulated damage 

related to its original value. This approach has mostly been adopted by the International Institute of 

Welding (IIW) and by European rules and regulations, as the old ECCS fatigue design rules, the old 

fatigue British design code and the Eurocode 3 (EN 1993-1-9, 2005). According to Baptista et al. 

(2017), this procedure had an extremely important practical character in fatigue design in general 

because it enabled the use of the extensive database of previous constant amplitude tests of typical 

welded joints since the position of the ‘knee point’ of the second slope model is defined in terms of 

previously determined characteristic fatigue strengths from CA tests. The IIW nominal S-N curves with 

a different knee point at 10×106 cycles instead of 5×106 cycles as in the EC3 are defined by Equations 

(3.16) – (3.17) and illustrated in Figure 3.5. Note that the CAFL and VAFL values provided by IIW are 

lower than those provided by the EC3 S-N curves (Figure 3.2). Regarding the nominal S-N curves for 

shear stresses, one may note that no differences were observed between IIW and EC3 provisions. 

For 
3 3 6

2 10        =   →
CD

N   (3.16) 

For 
5 5 6

10 10           =   →
DL D

N  (3.17) 

 

Figure 3.5 – The IIW nominal S-N curves for variable amplitude loading. 

 

Therefore, the use of CA test results as an evaluation basis became the predominant approach to deal 

with VA design, since constant and high-stress amplitudes were seen as the worst condition to which a 

structure could be subjected to. On the other hand, although the criticism for the use of the Miner’s rule 
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to make VA life predictions, the linear damage summation rule was adopted as the fatigue limit state 

function for the construction of the necessary background for the reliability and structural safety 

analysis of most fatigue codes. One of the reasons is that the Miner’s rule can be used to convert a 

variable amplitude loading history into a single unique constant amplitude loading by means of the so-

called equivalent stress range concept. This conversion strongly facilitates the reliability analysis, since, 

with an equivalent constant stress amplitude, the safety can be checked using only one factor in the load 

side. This forms the evaluation basis of the most recent fatigue design standards, through the use of 

partial safety factors for fatigue loading, Ff, and for strength, Mf, and damage equivalent factors, i, 

ranging from 1 to 4, the latter taking into account different aspects of the loading on the computed 

stresses when simplified assumptions are made at the design phase – for more details see (Maddah, 

2013). 

In this manner, it is possible to obtain for each block of variable loading an equivalent stress range 

(E), defined as the constant amplitude stress range that would result in the same fatigue damage as 

for the design spectrum. For S-N curves with a unique slope m, its computation is straightforward. With 

m equal to 3 it becomes the Root Mean Cube (RMC) of the stress spectrum, and with m = 2 it becomes 

the Root Mean Square (RMS). Thus, from the definition of the Miner’s rule and the S-N curve it 

follows: 

m

i

m

ii

E
n

n
/1
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  (3.18) 

 

Indeed, early researchers on the fatigue of welded highway bridges, noted that the use of constant 

amplitude S-N curves to estimate the fatigue life under variable amplitude is reasonable because the 

RMS of the larger stress blocks on variable amplitude tests is approximately equal to the corresponding 

stress range of the corresponding constant amplitude test (Fisher et al., 1970). Nowadays, as mentioned, 

some of the standard codes for fatigue assessment present bi-linear S-N curves to take into account the 

effect of fatigue damage caused by a great number of cycles with stress ranges below CAFL. Therefore, 

considering S-N curves with two slopes, the equivalent stress range, in this case, can be computed as 

presented in Equation (3.19) (Macdonald, 2011): 
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Equations (3.18) and (3.19) are also very useful to compare variable and constant amplitude fatigue 

tests, or for a straightforward numerical evaluation of structural details subjected to variable stress 

ranges, by imposing to the analysed detail only a single stress amplitude, i.e. the equivalent stress range, 
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E.  On the other hand, in order to be able to convert a stress history into a series of stress amplitudes, 

a counting cycle operation is necessary. The standard procedure to perform this operation is briefly 

mentioned in the following Section. 

 

3.2.3 COUNTING CYCLE METHODS 

In order to deal with the fatigue assessment of components subjected to variable amplitude loading, a 

counting cycle method becomes fundamental to be able to identify individual cycles in a complex load 

history. For this purpose, several methods exist. The peak counting methods, level crossing methods, 

the rainflow counting method, and the reservoir counting method, for example. Counting methods were 

initially developed for the study of fatigue damage generated in aeronautical structures, which are 

subjected to random variable loading and where fatigue design philosophy based on “infinite life” was 

very expensive (Gassner, 1939). The peak counting method is probably the oldest and certainly the 

simplest counting method. Soon aeronautic engineers realized that counting methods have an important 

influence on the final damage computation due to variable amplitude loading, and the use of different 

methods with different parameters is far from leading to the same results and therefore (for some) to 

errors in the calculation of fatigue lives (Lalanne, 2014). In this respect, Endo & Matsuishi (1968) 

proposed an algorithm which is able to reduce any stress history into a stress range spectrum, receiving 

the name of rainflow due to an analogy with the free fall of a water drop over the roof of a Pagoda 

building, a typical Japanese construction. The algorithm for the rainflow counting method can be found 

in several reference books on fatigue, as for example, in Suresh (1998) and IIW (IIW, 2016), and it is 

easily programmable. Rainflow cycle counting becomes the default method in understanding and 

assessing fatigue damage for any variable amplitude load history, and it has been standardised by the 

ASTM (ASTM E1049, 2005). Specifically, for welded metallic structures in civil engineering, there is 

a consensus that the rainflow counting method is the best method for fatigue assessment under variable 

amplitude loading, because of an improved handling of small intermediate ranges and improved 

coupling of ranges (G. Alencar & Correia, 2016; Nussbaumer et al., 2011).  

 

3.2.4 LOAD SEQUENCE EFFECTS 

Usually, when using the conventional rainflow method, or other counting cycle methods, some 

information is lost in the conversion process, namely the sequence according to which the loading was 

applied to the structure. In theory, the loading sequence can affect the crack propagation process either 

in a beneficial or in a detrimental manner. This is mainly due to the effect from high load peaks 

(overloads/underloads) in the cycles, leading either to crack closure effects  (Lassen & Recho, 2006), 

decreasing the crack propagation rate or to significant advance of the crack-tip, lowering the crack 

propagation threshold and increasing the crack propagation rate (C. Baptista et al., 2017). In this 
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manner, it is well-known that for load histories resulting from processes that change with time, high 

and low stresses can change the crack opening level and drastically accelerate or decelerate crack 

growth (Macdonald, 2011). 

Thus, because of the well-known incidences of fatigue disasters in aeronautics during the 20th century 

(Schijve, 2003), further developments on fatigue study under VA loading became urgent. In this 

context, another important and noteworthy contribution was given by Gassner (Schütz, 1996), who was 

responsible for introducing a fatigue test with programmed sequences of load cycles on a discrete basis 

with different amplitudes representing the wind gusts occurring in aircrafts wings in service (Gassner, 

1939). One typical way of representing a sequence of loads in terms of applied stresses is by the 

cumulative frequency of occurrence of stress ranges at different levels. These are represented by the 

columns of Figure 3.6 and is often referred to as the load or stress spectrum. A ‘Gassner curve’ is then 

obtained plotting max vs Nf, and is used to present fatigue results for materials and components tested 

using variable amplitude loading in the same manner that the ‘Wöhler curve’ (S-N curve) is used to 

present constant amplitude fatigue data. 

 

Figure 3.6 – Relation between conventional S-N curve and a Gassner curve [adapted from (Sonsino, 2009)]. 

 

In many cases, there is an advantage in showing the maximum stress that occurs in a load spectrum. 

One benefit of the Gassner line is that it allows designers to easily compare fatigue strength with other 

potential failure modes like global yielding or buckling (Macdonald, 2011). Nowadays, such an 

approach based on ‘Gassner curves’ is commonly used in fatigue evaluation of mechanical components 

of the automotive industry and is usually better suited to take into account the influence of load sequence 

effects on fatigue life. For example, the shape coefficient of the curve fitting the load spectrum (green 

line in Figure 3.6), k, and the width of the entire block spectrum, Ls, is known to have a strong influence 

on fatigue life (Gurney, 2006), see Figure 3.7 with the representation of the Gassner curves. Recently, 

Baptista et al. (C. Baptista et al., 2017) investigated the influence of the shape of the stress spectrum of 

m2 = 2m1–1
(Haibach)

m2 = m

index
m
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different load distributions on the 2nd slope of the characteristic nominal S-N curve of flange tip 

attachments, which is known to be one of the welded bridge details with the lowest fatigue strength. 

The authors proposed the following expression relating the 2nd slope to the shape of the stress spectrum: 

2 1
2 /= +m m k  (3.20) 

 

Figure 3.7 – Schematic representation of the influence of the load spectrum shape k on the fatigue life of 

welded joints (Macdonald, 2011). 

 

In view of the importance of load sequence effects, counting cycle methods were also improved in an 

attempt to preserve the load sequence data in the conversion process (Lalanne, 2014). Moreover, 

because of load sequence effects, the accuracy of the Haibach second slope model described in Section 

3.2.2 has also been criticised (Lassen & Recho, 2006) for giving nonconservative results depending on 

the type of load spectra. For some S-N data at HCF, the fitted value of the second slope, m2, has been 

found varying from near 4 to about 6, a variation that can be considered high, since S-N data are plotted 

in log – log scale, fatigue life will depend linearly on a factor of 2m, which means that increasing one 

unit in the slope m2, will double the fatigue life.  

According to D’Angelo & Nussbaumer (2017), on the light of recent numerical and experimental 

research on variable amplitude testing, the safety check for fatigue limit state carried out on the basis 

of Equation (3.19) and assuming m2 = 5 according to Haibach (Haibach, 1970) are needing an update 

and a re-definition of characteristic S-N curves. At the design phase of a structure, to take into account 
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the influence of a second slope different than 5 in the computed equivalent stress amplitude, 

Nussbaumer et al. (2019) proposed the following additional equivalent damage factor, 5: 

2

1 1

5

5 2
0 02 5.

 
− 

 = 
m

m  (3.21) 

 

For assessment purposes in the context of a cumulative damage approach as outlined by Equation (3.9), 

a slope different than 5 can be set at the computation of the number of cycles to failure, N, Equation 

(3.4), by adopting a different value of m, and recalling to apply the appropriate safety factors for the 

stress amplitudes, Ff × i, and the characteristic fatigue strength, C / Mf, respectively. It is important 

to highlight that the influence of the load sequence effects and of the stress range cycles below the 

CAFL on the fatigue life is still under debate (D’Angelo & Nussbaumer, 2017), and it is a vast field, 

which is out-of-the-scope of the present thesis. For load histories which arise from stationary processes, 

such as the traffic on bridges, the random occurrence of high and low stresses contributes to reducing 

the impact of the sequence effects on the fatigue life (Zamiri et al., 2016). Therefore, the direct 

consideration of load sequence effects will be disregarded in the fatigue life in the current thesis, 

assuming that the adoption of a standard traffic model prescribed in structural codes for the fatigue 

loading can reduce their impact since these models are based on a series of random stationary 

measurements of traffic loads on bridges. 

 

3.2.5 MEAN STRESS AND RESIDUAL STRESS EFFECTS 

Early the mean stress effect on the fatigue life of small-scale specimens was observed as the second 

most influential parameter after the stress amplitude in empirical studies, a fact that was already 

observed by Wöhler in 1860 (Schütz, 1996). This is well known in engineering from various diagrams, 

as for example the Gerber’s (1874) and Goodman’s diagrams (1899). However, in welded components, 

there is a different condition. The residual stresses in welds are typically high due to the thermal welding 

cycles. There could be local plastic flow, or in cases of lacking material toughness or high triaxial stress 

states, cracking may occur. Residual stresses are produced and maintained at certain spots of welded 

components. In extreme cases, they can go up to the yield strength of the material. In particular, for 

steel bridges, there are also other possible sources of residual stresses, as for example, lack of fit at 

fabrication assembly and erection or displacements of abutments. 

In a well-known study, Fisher et al. (Fisher et al., 1970) performed full-scale fatigue tests with different 

strengths at various stress R-ratios, Equation (3.3). There was a clear result that there was almost no 

influence on the stress R-ratio. The governing parameter, besides the notch effect of the structural detail, 

has been the stress range. Because of that, it is assumed that for welded joints mean stresses did not 

influence the fatigue strength since high tensile residual stresses already exist if as-welded (AW) 
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conditions in the uncracked details are assumed. This is the most common situation for joints in welded 

structures (Lassen & Recho, 2006), and S-N data from most uncracked small-scale and full-scale 

welded details used to determine characteristic S-N curves in design codes were tested under high 

tensile residual stresses. Therefore, current standard fatigue design recommendations for welded joints 

are based only on the stress range concept, usually disregarding the mean stress effect and the residual 

stress effects. Such aspects are taken into account indirectly in the S-N curves. 

However, when considered relevant, a common approach is to adopt high tensile residual stresses near 

the yield stress, in order to be on the safe side, because the level of residual stress can hardly be exactly 

defined. High residual stresses are responsible for the fact that fatigue cracks often also occur in the 

compressive region of full-scale specimens subjected to cyclic loading (Chitoshi Miki & Tai, 2013), 

but often cannot propagate beyond the region dominated by high tensile stresses. On the other hand, 

compressive residual stresses increase fatigue life provided the load ratio is not too high (Fricke et al., 

2017). Recently, more detailed analysis based on complex 3D numerical simulations of the welding 

process in order to create a realistic residual stress field in the FE models were proposed (Akhlaghi, 

2014). However, this is out-of-the-scope of the current research work. The structural hot-spot stress 

approach will be presented in the following section. 

 

3.3 STRUCTURAL HOT-SPOT STRESS APPROACH 

3.3.1 INTRODUCTION 

From detailed finite element analysis of structures, it may be difficult to evaluate what is the “nominal 

stress” to be used together with the S-N curves, as the output stress obtained from FEA may contain 

some degree of local stress concentration due to the structural detail geometry, which cannot be 

accounted for in the chosen characteristic S-N curve. 

In many cases, it may, therefore, be more convenient to use an alternative approach for the calculation 

of fatigue damage when stresses are obtained from finite element analysis. Alternative approaches 

include, for example, structural stress-based approaches and their modifications and the effective notch 

stress method. According to the definition of the structural stress approach, the calculated stresses or 

measured strains include all the stress-raising effects of the structural detail but exclude the stress 

concentrations due to the weld itself (IIW, 2016). Generally, the structural stresses account only for the 

overall geometry of the joint and exclude local stress (nlp) concentration effects (notch effects) due to 

weld geometry discontinuities at the weld toe. The notch effects are included in the structural stress 

methods indirectly by the S-N curves determined based on fatigue test results. On the other hand, the 

basic idea of the structural stress approaches is to exclude this non-linear stress peaks from the structural 

stress, because the designer cannot know the actual local geometry (e.g. weld toe) in advance in a 

deterministic way. 
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It is realised that it is difficult to calculate the notch stress at a weld due to a significant scatter in local 

weld geometry and different types of imperfections. This scattering is normally more efficiently 

accounted for by the use of an appropriate S-N curve defined in terms of notch stress. In this respect, it 

should also be mentioned that the weld toe region has to be modelled with a radius in order to obtain 

reliable results for the notch stress (IIW, 2016). 

If a weld corner detail with zero radius is modelled, the calculated stress will tend to infinity as the 

element size is decreased to zero. The modelling of a relevant radius requires a very fine element mesh, 

increasing the size of the computer model and the costs of the analysis. For design analysis and fatigue 

strength assessment of existing structures, a simplified numerical procedure based on structural stresses 

is usually preferred in order to reduce the demand for large fine-mesh models. Based on the author’s 

experience the determination of a notch stress in the context of the effective notch stress method with 

an idealized radius of 1 mm (Radaj et al., 2006) demands very large fine-mesh models, which are 

cumbersome to be used with extensive transient analysis of bridges with many load steps integrated 

with a global model, usually requiring a two-step sub-modelling approach. Therefore, the effective 

notch stress method, based on a notch stress definition is disregarded in the current work, and it is 

described in the following sections only structural stress-based methods. Although the hot-spot stress 

method being very consolidated in the literature and on standards of different industries, because it is 

possible to have its value determined either experimentally or numerically, its state-of-the-art will be 

extensively described and studied.  

 

3.3.2 THE HOT-SPOT STRESS METHOD 

In a welded joint, the critical points at which the fatigue cracks are most likely to initiate and propagate 

are usually located at the weld toes. These points are referred to as the ‘‘hot-spots’’ because of local 

heating under cyclic loading. 

The structural stress calculated at the hot-spot, also called geometric stress, has been used in fatigue 

verification within the Hot-Spot Stress Method. The idea to exclude the local stress concentration due 

to the weld toe by using the stress or strain at a certain distance away from the weld toe is related to 

experimental investigations performed in the 1960s by Peterson, Manson, and Haibach, according to 

Fricke (2003). In the 1970s the hot-spot stress approach was widely developed by operators of offshore 

installations together with research institutes for the fatigue strength assessment of hollow steel tubular 

joints, where the increase in structural stress can be very high due to local bending of the tubular shell 

close to the connection between brace and chord. Indeed, these joints have so many possible 

configurations and loading modes that the tested fatigue life will exhibit an enormous scatter if it is 

plotted as a function of the nominal stress range, resulting in a large set of S-N curves, also called T-

curves (DNV, 2016), which could not be able to take into consideration local weld stress concentrations 
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with significant impact on the final fatigue life for the same nominal loading condition (Lassen & 

Recho, 2006). Hence, for practical reasons, the structural hot-spot stress method becomes a necessity 

for tube-to-tube connections. In this context, two approaches exist: 

• The determination of hot-spot S-N curves defined in terms of the hot-spot stress method 

obtained by means of extrapolation of strain measurements to the weld toe on small-scale 

specimens or by finite element analysis; 

• The determination of parametric stress concentration factors (SCF) formulae, Equation (3.22), 

by means of strain measurements in small-scale specimens with different geometries and 

loading modes or by finite element analysis, and the subsequent multiplication of the nominal 

S-N curve by the determined SCF. 




= HS

HS

NOM

SCF  (3.22) 

 

The first approach leads to a decrease in the number of required S-N curves to be used, solving partially 

the problem with the nominal stress method, which require a large number of laboratory tests to 

determine different S-N curves for a variety of geometries and loading modes, whereas the second 

approach can be used to take advantage of previous experimental nominal S-N curves.  

The definition of the hot-spot stress, and the related design fatigue curve, is not unique among design 

codes since different extrapolation methods exist. In the literature, such extrapolated stress is often 

referred to as structural stress, geometric stress, or structural hot-spot stress (SHSS). After gained 

consolidation on application to tubular structures (Wingerde et al., 1995), the SHSS approach was 

extended for plated-structures, mainly through extensive finite element analysis realized during the 

1990s and culminating in the publication of the IIW-Document XV-845-96 (1996). Nowadays, the 

structural stress determination based on shell type models (extrapolation methods) is well established 

and validated for plated structures in the shipbuilding industry (Fricke, 2001). The first reported 

application of the SHSS approach to steel bridge structural details is probably due to Miki & Tateishi 

(Chitoshi Miki & Tateishi, 1997). In the last decade, the application of the SHSS approach for the 

fatigue life assessment of welded structures has rapidly increased with the spread of the FEA. The 

method is also experiencing a growing adoption for civil engineering structures, namely for welded 

steel bridges (G. Alencar, Ferreira, et al., 2018; J. Y. Park & Kim, 2014).  
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3.3.3 SCOPE OF APPLICATION OF THE STRUCTURAL HOT-SPOT METHOD 

The conventional SHSS approach applies to welded joints for which: i) the fluctuating principal stress 

acts predominantly transverse to the weld toe (or the ends of a discontinuous longitudinal weld) and ii) 

the potential fatigue crack will initiate at the weld toe. In Figure 3.8, the conventional SHSS approach 

applies to cases a)-e). The conventional approach is not applicable to cases where the crack will grow 

from the weld root and propagate through the weld throat, cases f) to j) in Figure 3.8. The conventional 

SHSS approach is also not applicable to continuous welds mainly subjected to longitudinal loading, for 

which there will be no significant stress concentration, with the nominal stress approach being more 

appropriate. 

 

Figure 3.8 – Examples of fatigue crack initiation sites in welded joints [adapted from (Niemi et al., 2018)]. 

 

Root cracking is very common in load-carrying and partial load-carrying welds (cases f) to j) in Figure 

3.8). However, due to modern recommendations on the adoption of good practices in the construction 

to avoid fatigue concerns in the bridge structures, such as to prefer full penetration welds instead of 

fillet or partial penetration welds, it is assumed that fatigue failure will mostly occur from the weld toe 

rather than the weld root (Poutiainen e Marquis, 2006). On the other hand, the adoption of full 

penetrations welds is not always possible, mainly due to geometrical constraints, e.g. in welded tubular 

joints, for which weldment can only be performed from one side. In this case, root cracks were observed 

even with full penetration welds in connections that are increasingly being used in steel bridges, which 

consist of a gusset welded on a slit tube, as shown by Baptista et al. (2017). Thus, approaches that intend 

to assess fatigue root cracking in welded joints using structural stresses which consist of a variant of the 

conventional method are available in IIW guidelines (Fricke, 2013; Fricke et al., 2006). Therefore, 

although the conventional SHSS approach in its surface extrapolation version does not apply to cracks 

growing from the weld root, other structural stress-based approaches for such cases exist, which will be 

mentioned and shortly described in Section 3.3.9. 

  

a) b) c) d) e)

f) g) h) i) j)



Chapter 3  

112 

3.3.4 TYPES OF HOT-SPOTS 

Regarding the fatigue-critical areas or hot-spots, three different configurations which may occur are 

classified into different types, Figure 3.9: weld toes on the plate surface at the ends of attachments (type 

“a”); weld toes on the plate edge at the ends of attachments (type “b”) and weld toes on the plates 

surface amid the weld along with an attachment (type “c”, typical also for tubular joints). Type “a” and 

“b” require different stress extrapolation points the latter not depending on the plate thickness. While 

for type “a” hot-spot the distance between the weld toe and selected points for extrapolation are usually 

a function of the plate thickness, for type “b” fixed distances are usually adopted because of the 

difficulty of clearly define a plate thickness in this case. Other regulations still distinguish a hot-spot 

type “c”, which is not the case in the IIW recommendations. 

 

Figure 3.9 – Types of hot-spot stresses (Aygül et al., 2012). 

 

Since the SHSS is obtained by surface extrapolation, it can be assumed a biaxial state (plane stress) in 

the surface in front of the weld. In this case, the more appropriate stress component to be used in the 

extrapolation is indicated in Figure 3.10: a) considering a variable amplitude stress state, if the principal 

stress angle remains almost within ± 60º with the normal to the weld line alignment for the entire loading 

history, it should be used the principal stress 1(t); b) otherwise, it should be used the stress component 

normal to the weld line alignment, ⊥(t), obtained by decomposition of the stress components in the 

global cartesian system, or the minimum principal stress, 2, whichever shows the largest range. 

Attention must be paid when using principal stresses in the extrapolation, since the direction of the 

principal stress would be different for different load steps, prohibiting any superposition of load steps. 

Therefore, load steps must be superimposed by separately extrapolating the three superimposed stress 

components for plane stress (xx, yy, xy) to the weld toe and then form the first principal hot-spot stress 

there. Strictly speaking, the correct method would be first to extrapolate each stress component to the 

weld toe, and then to resolve the principal stresses and their directions at the hot-spot (Niemi et al., 

2006). 



Structural hot-spot stress approach 

 

113 

 

Figure 3.10 – Biaxial stresses at weld toe, principal stress within a) and without b) an angle of 60° 

perpendicular to the weld (IIW, 2016). 

 

3.3.5 FINITE ELEMENT ANALYSIS GUIDANCE FOR THE DETERMINATION OF THE SHSS 

In the design phase, finite element analysis is an ideal tool for structural hot-spot stresses computation. 

The adequate discretization of the model constitutes an essential part of the structural stress analysis. 

Linear elastic material behaviour can normally be assumed since only localized yielding is permitted 

by most design codes. The result of finite element analysis is mesh-sensitive, as the structural hot-spot 

stresses are often in an area of high-stress singularities. For this reason, clear rules for stress evaluation 

are needed to obtain a relevant stress value that can be related to the fatigue strength of the detail. 

Analysis of large structures with several potential hot-spots can be performed in two phases. Firstly, a 

coarse model is resolved in order to identify the hot-spot areas. Secondly, sub-models are created from 

these areas once at a time, imposing the nodal displacements from the original model as loading at the 

boundaries of the sub-model with the cut-boundary displacements method (C. Albuquerque et al., 2010; 

ANSYS, 2009) or by applying sectional forces in the end nodes of the sub-model by using the mixed-

dimensional coupling method (Li et al., 2007; F. Yan et al., 2016). Another possibility is to refine the 

original element mesh of the global model in the hot-spot regions. 

The adopted element type must be able to model plate bending, remaining two possibilities: shell 

elements or solid elements. Usually, shell (or plate) elements or one layer of 20-node solid elements 

yield reasonably accurate results in the assessment of type “a” hot-spots. It should be noted that the goal 

is to omit the non-linear stress peak. This implies that 20-nodes solid elements with reduced 2- 

integration points in the thickness direction are sufficient. One problem with simple 8-nodes solid 

elements with linear shape functions is the tendency towards the so-called shear locking, leading to 

inaccurate results in the presence of high bending, which also makes 20-noded solid element preferable. 

In general, the surface stress includes part of the non-linear stress peak up to about 0.4⸱t from the weld 

toe or 4 mm, the less of both. Therefore, the stress should be read outside that area and extrapolated to 
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the weld toe. Consolidated specific rules for finite element mesh for the SHSS and the appropriate 

extrapolation points to obtain stresses in plate-type structures are indicated in Table 3.1 and Figure 3.11, 

respectively. For tubular structures, which are out-of-scope of this thesis, different considerations are 

given for the reference points in (CIDECT Part 8, 2001; DNV, 2016). If a coarse mesh is adopted, 

quadratic 20-noded solid elements or 8-noded shell elements are mandatory. For relatively fine meshes, 

linear 8-noded solid elements can be used, but the adoption of at least two or three elements in the 

thickness direction is recommended, to avoid shear locking in the presence of high bending stresses, as 

mentioned. Tetrahedron elements, usually available in FEA software in the form of easy mesh 

generation engines are not suitable for structural stress determination, and regular brick elements are 

preferred (Niemi et al., 2006). 

Table 3.1 – Recommended meshing and extrapolation for the SHSS approach (IIW, 2016). 

Type of model 

and weld toe 

Relatively coarse models Relatively fine models 

Type a Type b Type a Type b 

Element size Shells t × t 

max t × w/2 

10 × 10 mm ≤0.4 t × t or 

≤0.4 t × w/2 

≤4 × 4 mm 

 

Solids t × t 

max t × w 

10 × 10 mm ≤0.4 t × t or 

≤0.4 t × w/2 

≤4 × 4 mm 

 

Extrapolation 

points 

Shells 0.5 t and 1.5 t 

mid-side points 

5 and 15 mm 

mid-side points 

0.4 t and 1.0 t 

nodal points 

4, 8 and 12 mm 

nodal points 

Solids 0.5 and 1.5 t 

surface centre 

5 and 15 mm 

Surface centre 

0.4 t and 1.0 t 

nodal points 

4, 8 and 12 mm 

nodal points 

 

Figure 3.11 – Reference points recommendations for linear and quadratic extrapolation (IIW, 2016). 

 

Relatively fine mesh

(as shown or finer)

Relatively coarse mesh

(fixed element sizes)

Hot-spot 

type a)

Hot-spot 

type b)

a) b)

c) d)
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3.3.6 EXPERIMENTAL DETERMINATION OF THE SHSS 

When the joint is subjected to testing in order to evaluate its condition, and strain gauges will be used 

to estimate the stresses, the SHSS approach is the primary method among the local fatigue assessment 

methods since the FE numerical data can be easily compared with the experimental results. This results 

from the fact that it is difficult to place strain gauges and be able to measure reliable strains at the weld 

notch. Of course, the same distances from the weld toe shown in Figure 3.11 can be used for 

experimental determination of the SHSS by placing strain gauges in the corresponding appropriate 

positions. Alternatively, when there is limited space, strip-strain gauges can be used, with the stresses 

at the points for linear extrapolation being obtained from a fitted curve (Ghahremani et al., 2015b). The 

strain history is easily converted to a stress history by using Hooke’s law, (t) = g(t)⸱Es, where Es is 

the characteristic steel Young’s modulus and g is the measured strain. Attention must be paid in order 

to remove any strain offset error (Leander, 2008), by using Equation (3.23), where g0 is a corrective 

factor to shift the strain measurement to zero. 

0( )  = −s g gE  (3.23) 

 

For biaxial stress states and assuming that the principal stress is not necessarily acting normal to the 

weld line alignment, the structural hot-spot stress must be established from rosette strain gauges. In this 

case, the principal stresses and their corresponding directions can be obtained based on the measurement 

of strains in three distinct directions. The most common directions used in rosette strain gauges are 

rectangular rosettes, being 0º, 45º, and 90º, and delta rosettes, being 0º, 60º, and 120º, for the strains 

measurements herein referred as a, b and c, respectively (Figure 3.12).  

  

(a) (b) 

Figure 3.12 – Strain gauges measurements directions convention for (a) rectangular rosette strain gauges and 

(b) delta rosette strain gauges [adapted from (Dally & Riley, 1991)]. 
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Once the strains histories are determined, the principal stress histories in the planar surface can be 

computed using Equations (3.24) and (3.25) for rectangular and delta rosettes, respectively (Dally & 

Riley, 1991): 

1,2

( ) ( ) 1.5 2 2( ) ( ( ) ( )) ( ( ) ( ))
1 2 2(1 )

 
    

 

+
=  − + −

− +

s a c s
a b c b

E t t E
t t t t t  (3.24) 

1,2

2

2

( ) ( ) ( )
( )

1 2

2 ( ) ( ) ( ) 1
( ( ) ( ))

1 3 3

  




  
 



+ +
= 

−

− − 
+ − 

+  

s a b c

s a b c
b c

E t t t
t

E t t t
t t

 (3.25) 

 

The angles corresponding to the principal stress vectors 1 and 2 directions are computed determining 

an auxiliary angle  with Equations (3.26) – (3.28). Thus, depending on the signal of the numerator 

(N) and the denominator (D), the principal stress angles j to the reference direction (0º) can be 

determined through the use of Table 3.2. 

D

N
t =)(tan  (3.26) 

)()()(2 tttN cab  −−=  (3.27) 

caD  −=  (3.28) 

 

Table 3.2 – Scheme for determination of the principal stress angles to the reference direction (0º) [adapted from 

(Dally & Riley, 1991)]. 

N ≥ 0 (+) > 0 (+) ≤ 0 (–) < 0 (–) 

D > 0 (+) ≤ 0 (–) < 0 (–) ≥ 0 (+) 

Q
u

ad
ra

n
t I II III IV 

  
 

 
j 1/2(0º+) 1/2(180º–) 1/2(180º+) 1/2(360º–) 

 

With the goal of superimposing stresses of different load steps to obtain extrapolated structural stresses, 

and bearing in mind that the principal stress directions change for a transient loading, such as for railway 
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traffic loading, stress components in a fixed cartesian direction defined by a constant angle  (Figure 

3.13) can be obtained from the principal stresses by making a simple coordinate transformation, 

Equations (3.29) – (3.31): 

1 2 1 2 cos 2
2 2

   
 

+ −
= +xx

 (3.29) 

1 2 1 2 cos 2
2 2

   
 

+ −
= −yy

 (3.30) 

ayxxy 
−

= sin
2

, 21 
  (3.31) 

 

Figure 3.13 – The adopted convention for the determination of the stresses in a bi-axial stress condition 

knowing the principal stresses [adapted from (Dally & Riley, 1991)]. 

 

The direction referred to as “Reference direction” (0º) must be placed normal to the weld line alignment, 

as shown in Figure 3.14a, except other evidence suggests the contrary. For example, for highly deviating 

principal stresses in front of the weld toe, the strain gauges can be placed in the major principal stress 

direction. This is proposed by Miki & Tai (Chitoshi Miki & Tai, 2013), in order to reduce the scatter in 

the fatigue life estimation with the hot-spot stress method applied to out-of-plane gusset details welded 

to girder specimens in regions subjected to both in-plane shear and bending (Figure 3.14b). 

 

Figure 3.14 – Example of deviated principal stress direction in front of the weld toe, which could justify the use 

of points not normal to the weld line alignment (Chitoshi Miki & Tai, 2013). 
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3.3.7 ENDURANCE CYCLES FOR THE SHSS APPROACH 

The recommended structural hot-spot stress design S-N curves are expressed in the same form as the 

usual nominal S-N design curves, by reference to a fatigue class, FAT number, corresponding to the 

allowable stress range in MPa for a fatigue life of 2 × 106 cycles (Figure 3.15). However, in this case, 

the FAT number refers to the hot-spot stress range HS rather than the applied nominal stress range, 

as indicated in Equations (3.32) and (3.33), where N is the number of cycles to failure, m is the slope of 

the S-N curve. Similar to nominal stress method, fatigue codes define a constant amplitude fatigue limit 

situated at 10 × 106 cycles in most recent versions (IIW, 2016) instead of 5 × 106 cycles as in Eurocode 

3 (EN 1993-1-9, 2005), because it corroborates with recent experimental data. Of course, a bi-linear S-

N curve is usually also set to SHSS approach because of crack closure effects and the crack propagation 

threshold (Kth) effects (refer to Chapter 4), and thus, for variable amplitude loading, after the constant 

amplitude hot-spot stress range, a slope m = 5 is usually adopted to approximate the S-N curve in the 

high and very high-cycle regime (in the “lower” part of the hot-spot S-N curve). From the IIW 

specifications, three hot-spot S-N curves are available: FAT 90 and FAT 100 to evaluate fatigue 

cracking from weld toes, and FAT 80 to evaluate fatigue cracking from weld toes of bridge cope hole 

details with high shear to bending moment ratios (Aygül et al., 2013; X. Wei et al., 2017) and to evaluate 

fatigue cracking from weld roots (Fricke, 2013), as will be further discussed. Additionally, FAT 112 is 

available from EC3 to butt welds for the hot-spot stress method. 

For 
3 63

2 10        =   →
CHS D HS

N   (3.32) 

For 
5 65

10 10           =   →
DL HS D HS

N  (3.33) 

 

Figure 3.15 – The hot-spot S-N curve for variable amplitude loading according to IIW and EC3. 
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The S-N curves for assessing fatigue resistance of welded details on the basis of the SHSS approach for 

mild steel and fatigue cracking from the weld toes are given in Tables 3.3 and 3.4, with the weld shape 

needing to be similar to that shown in order to apply the method, according to IIW (IIW, 2016) standard. 

The design curves represent a lower bound fatigue strength in non-corrosive environmental conditions, 

based on a statistical analysis of relevant fatigue test data. In general, they are close to the mean minus 

two standard deviations of log N. The resistance values refer to the as-welded condition unless stated 

otherwise. The effects of high tensile residual stress are included. The design value of the SHSS range, 

HS shall not exceed 2⸱fy.  

Table 3.3 – Fatigue hot-spot S-N curves, Part 1 [adapted from Nussbaumer et al. (Nussbaumer et al., 2011) and 

Niemi et al. (Niemi et al., 2018)]. 

FAT 

class 
Constructional detail 

Description Requirements n 

100 

 

3) Cruciform 

joint with full 

penetration K-

butt welds. 

- Weld toe angle ≤ 60º. 

0.3 

100 

 

4) Non-load 

carrying fillet 

welds. 

- Weld toe angle ≤ 60º. 

0.3 

100 

 

5) Bracket 

ends and ends 

of 

longitudinal 

stiffeners. 

- Weld toe angle ≤ 60º. 

0.3 

100 

 

6) Cover plate 

ends and 

similar joints. 

- Weld toe angle ≤ 60º. 

0.3 

90 

 

7) Cruciform 

joints with 

load-carrying 

fillet welds. 

- Weld toe angle ≤ 60º. 

0.3 

90 

 

8) Lap joint 

with load-

carrying fillet 

welds 

 

0.3 

100 

 

9) Type “b” 

joint with a 

short edge 

attachment 

- Fillet or full penetration weld, as welded. 

0.1 

90 

 

10) Type “b” 

joint with a 

long edge 

attachment 

- Fillet or full penetration weld, as welded. 

0.1 

L ≤ 100 mm

L > 100 mm
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Table 3.4 – Fatigue hot-spot S-N curves, Part 2 [adapted from Nussbaumer et al. (Nussbaumer et al., 2011) and 

Niemi et al. (Niemi et al., 2018)]. 

FAT 

class 
Constructional detail 

Description Requirements n 

112 
 

1) Full 

penetration 

butt-joint. 

- All welds ground flush to plate surface 

parallel to the direction of the arrow. 

- Weld run-on and run-off pieces to be used 

and subsequently removed, plate edges to be 

ground flush in the direction of stress. 

- Welded from both sides, checked by NDT. 

0.2 

100 
 

2) Full 

penetration 

butt-joint. 

- Weld not ground flush 

- Weld run-on and run-off pieces to be used 

and subsequently removed, plate edges to be 

ground flush in the direction of stress. 

- Welded from both sides. 

0.2 

 

In the conventional SHSS approach, the design curves presented are applicable for the range of a section 

thicknesses up to a reference thickness tref = 25 mm (Niemi et al., 2018). Because only surface stresses 

are used in the SHSS approach, plate thickness effect (size effect) on fatigue strength cannot be 

explicitly included because the nonlinear stress distribution in through-thickness direction is not 

considered (W. Park & Miki, 2008), although it can be included by using an empirical equation. Thus, 

when considering thicker sections, the FAT classes must be lowered by the thickness reduction factor 

f(teff): 

25
( )

 
 
 
 

=

n

eff

eff

f t
t

 (3.34) 

 

where teff is the effective thickness of the considered joint and n is the thickness correction exponent, 

which is dependent on the joint category, and it is given on the fifth column of Tables 3.3 and 3.4. This 

exponent varies between n = 0.1 for longitudinal attachments welded to plate edges, n = 0.2 for butt-

welded joints and n = 0.3 for fillet-welded joints. The thickness should be considered in welded details 

no. 2), 3), 4) and 7). Other parameters, such as the mean stresses, are treated in a similar way as in the 

nominal stress approach.  

 

3.3.8 MISALIGNMENT EFFECTS 

Welded joints are inevitably fabricated with a certain degree of geometric shape deviation and 

imperfection. Among these, the linear misalignment “e” of the centre lines of the joined plates is among 

the most relevant. Recent studies showed that the omission of a minimum recommended misalignment 

in the FE model would be strongly unconservative using the SHSS approach for axially loaded butt 

welds and cruciform joints when compared with the “benchmark” traditional nominal stress method 
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(Taras & Unterweger, 2017). Quality levels of the weldment imperfections are established by 

recognized standards in the industry. The nominal stress FAT classes from Eurocode 3 (EN 1993-1-9, 

2005) generally refer to the requirements of EN 1090-2 (2009) for the “execution class” EXC 3, which 

in turn makes reference to the weld imperfection quality level “B” of ISO 5817 (2006). Thus, for welded 

joints designed against fatigue, it can be assumed that this quality level must be fulfilled. Usually, this 

quality level is defined by means of a maximum tolerable misalignment value, e, which is a function of 

the plate thickness, t, e.g. e for butt weld joints e ≤ 0.05 t. 

Misalignment in axially loaded joints leads to an increase of stress in the welded joint due to the 

occurrence of secondary shell bending stresses. The misalignment effect can be taken into account by 

performing a stress analysis with the misalignment explicitly included in the geometry of the FE model 

or by using recommended formulae for the stress magnification factor, km (Niemi et al., 2018). Usually, 

the first option is used for the fatigue assessment of existing connections, while the second option is 

preferred in the design phase. In the case of the structural hot-spot stress assessment method, a small 

but inevitable amount of misalignment corresponding to a stress magnification factor of km = 1.05 is 

already included in the fatigue resistance S-N curves (IIW, 2016). If misalignment is explicitly modelled 

in the numerical analysis for the structural stress, the effective stress modification factor km,eff, can be 

computed as follows: 

 covered 1 05

, ,
,

, .
= =m calculated m calculated

m eff

m already

k
k k

k
 (3.35) 

 

The value of km,calculated corresponds to the ratio of the structural hot-spot stress calculated for a joint 

with and without misalignment. This rule effectively means that all stress raising effects calculated with 

a model with misalignment explicitly included may be reduced by a factor of 1.05, in order to perform 

fatigue life assessments. The IIW recommendation also states that a default or minimum value of km,eff 

must always be applied to the stresses calculated for the reference model without misalignment (e = 0). 

This value varies, depending on the weld fabrication and type, and is summarized in Table 3.5. 
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Table 3.5 – Consideration of misalignment through effective values of the stress raising factor km for the hot-spot 

stress method (IIW, 2016). 

Type of welded joint 
km already covered by S-N curves Default / minimum value of km,eff = 

km,eff,min 

Butt joint made in 

the shop in a flat 

position 

1.05 1.10(1) 

Other butt joints 1.05 1.25(1) 

Cruciform joints 1.05 1.40(1) 

Fillet welds on one 

plate surface 

1.05 1.20(2) 

Fillet welds on both 

plate surfaces 

1.25 1.10(3) 

Note (1) but not more than 1+2.5⸱emax/t, with emax = permissible misalignment. 

Note (2) but not more than 1+0.2⸱tref  / t, with tref = reference wall thickness of fatigue resistance curves. 

Note (3) but not more than 1+0.1⸱tref  / t, with tref = reference wall thickness of fatigue resistance curves. 

 

3.3.9 STRUCTURAL STRESS-BASED APPROACH FOR ROOT CRACKING 

Weld root cracks are frequently considered to be more dangerous than weld toe cracks (Figure 3.16a), 

as their initiation cannot be detected until they have grown through the whole weld thickness (Figure 

3.16b). Hence, it is important to have an adequate fatigue strength assessment to ensure the integrity of 

the structure and to avoid early and unexpected fatigue failures. Despite the conventional nominal stress 

method and the crack propagation approach, there are various approaches to fatigue strength assessment 

which are applicable not only to weld toe failure but also to weld root failure (Fricke, 2013). In this 

section, one structural stress-based approach proposed by Fricke et al. (Fricke et al., 2006) and 

applicable to cases where the crack will grow from the weld root and propagate through the weld throat, 

cases f) to j) in Figure 3.8, is described. 

  

(a) (b) 

Figure 3.16 – Typical weld (a) toe and (b) root cracks at the fillet weld of a stiffener termination (Fricke, 2013). 
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Fatigue tests, as well as crack propagation analyses at cruciform and hollow section joints, have shown 

that the crack path was closer to weld leg plane (see Figure 3.17) than to the weld throat section, as was 

initially thought because of evidence of fillet weld static strength tests since it is the lower distance from 

the root to the surface. For that reason, Fricke et al. (Fricke et al., 2006) proposed the use of linearized 

stress in the leg plane in the extension of the root face (section A – A in Figure 3.18), and not in the 

weld throat. 

 

Figure 3.17 – Typical weld root cracking in fillet weld of stiffener plate termination (Fricke et al., 2006). 

 

The stresses in the leg section are characterized in several cases mainly by normal stresses in the leg 

section,  (z), which is the contribution of both membrane, m,w, and bending stresses, b,w, Equation 

(3.36), as also shown in Figure 3.18a. The index “w” stands for “weld” to indicate the difference to the 

common structural stress in plates. Such structural stress components can be computed by equilibrium 

conditions of the linearized stresses, Equations (3.37) and (3.38), which assumes low shear stresses w, 

e.g. lower than 20% of normal stresses, and therefore have been neglected in these formulae. In the case 

of higher shear stresses, Fricke et al. (Fricke et al., 2006) recommend linearizing stresses in other 

direction than A – A, since high shear stresses may cause a change in the assumed crack path. In the 

case of solid elements, the stresses can be computed by average stresses across elements, and for shell 

elements, equilibrium conditions based on nodal forces and moments at nodes level are suggested as 

giving a better approximation (Figure 3.18b). Because equilibrium conditions between the weld and 

plate sections are used, relatively coarse meshes established for the analysis of the conventional SHSS 

approach can be adopted. Once the structural stress is determined, the weld fatigue strength can be 

evaluated by the use of a FAT 80 category, which was found from a fatigue test series of cruciform 

joints (Fricke, 2013). 

s w m w b w
  = +

, , ,
 (3.36) 

0

1
m w

z dz = ,
( )  (3.37) 

2

0
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,
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b w
z z dz  (3.38) 
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Figure 3.18 – (a) Linearization of stresses in the weld root in order to estimate the structural stress and (b) 

equivalent forces and moments acting at the weld root (Fricke et al., 2006). 

 

3.3.10 A REVIEW OF APPLICATIONS OF THE SHSS APPROACH 

In this section, an extensive review of the most recent works on the application of the hot-spot stress 

method for fatigue analysis is presented. In general, the works were reviewed focusing on applications 

connected with steel bridges, or, at least, with any kind of relation with common welded structural 

details present in steel and composite (steel-concrete) bridges.  

Chan et al. (2005) reported that the hot-spot stress method gave a more appropriate fatigue life 

prediction than the nominal stress method for a steel suspension bridge. For the purpose of structural 

health evaluation based on a bridge structural health monitoring system, Li et al. (Li et al., 2007) have 

developed an efficient numerical approach in multiple spatial scales for modelling and calculation of 

the dynamic response and hot-spot stress response of critical connection for fatigue analysis. The multi-

scale analyses on stress state and fatigue damage were carried out for the related bridge under simulated 

traffic loading, in which the hot-spot stresses and the induced fatigue damage on the welded toe of the 

critical components were evaluated with the support of the finite element method through a fully 

coupled damage analysis. 

Radaj et al. (Radaj et al., 2009) highlighted that systematic investigations revealed the need of detailed 

rules for finite element modelling and stress analysis in order to avoid too large scatter and uncertainties 

of the results when determining the SHSS with linear surface extrapolation, as demonstrated in Doerk 

et al. (2003) and Poutiainen et al. (2004). Rother & Rudolph (2011) performed an extensive benchmark 

study regarding different procedures for the fatigue assessment of welded structures, namely different 

variants of the structural stress method and the effective notch stress approach. The employed detail for 

this benchmark and the corresponding considered load cases, pure tension load (Fx) on the horizontal 

plate and pure bending moment Mb applied at the upper face of the T-profile are shown in Figure 3.19. 

The critical regions for hot-spot analysis are marked in the same figure. The magnitude of the loads was 

(a) (b)
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chosen such that the nominal stress was equal to 71 N/mm2 (equal to the FAT class for the nominal 

stress method) near the two hot-spot locations, which, in turn, are classified as FAT 100 in terms of hot-

spot stresses. Different FE models were developed, namely using shell idealization with and without 

simplified weld modelling through added stiffness increase, respectively represented by Figure 3.19b 

and Figure 3.19c and using solid elements, as shown in Figure 3.19d. Several extrapolation rules 

(quadratic vs linear), element types available in ANSYS, such as shell elements (SHELL63, SHELL93, 

and SHELL181) and solid elements (SOLID45, SOLID95, and SOLID186), either with reduced 

integration or full integration and mesh densities (coarse and fine) were compared on the basis of the 

previous IIW Recommendations (Hobbacher, 2009). 

 
(a) 

   
(b) (c) (d) 

Figure 3.19 – a) Geometry, material and load cases used for the benchmarking study by (Rother & Rudolph, 

2011) and b), c) and d) different discretization strategies: shell elements without equivalent weld, shell elements 

with equivalent weld and solid elements with fully modelling of welds, respectively. 

 

Some findings regarding practical aspects and modelling options for the fatigue assessment of welded 

structures using structural stress concepts are highlighted: i) the meshing requirements according to the 

previous IIW (Hobbacher, 2009) give a first recommendation and can be initially used in the fatigue 

assessment of welded structures in order to locate critical hot-spot locations, however, some of them 

were derived from large plate structures, i.e. shipbuilding and thus do not reflect the behaviour of highly 

compact structures. In special, element size of t for coarse models should be applied carefully to smaller 

structures; ii) modelling a weld using shell elements in a global structure can lead to a significant 

underestimation of the fatigue life by a factor of about 3 and should be avoided;  iii) on the other hand, 
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the structural stresses obtained using solid elements are closer to FAT 100; iv) for safety purposes 

quadratic extrapolations should be preferable instead of linear extrapolations, due to the nonlinear stress 

distribution in front of the hot-spot; v) all investigated structural stress concepts have shown significant 

sensitivity with respect to modelling and assessment scheme for the hot-spot stress. 

On the other hand, due to the good performance of the notch stress method, which has shown good 

results for both load cases, Rother & Rudolph (Rother & Rudolph, 2011) synthesizes the benchmarking 

study by proposing a hierarchical two-stage approach using a simpler structural stress approach for the 

localization of critical spots along all welds and a second analysis can be made with the notch stress 

approach from IIW recommendations restricted to critical positions along all welds. In this way, the 

effort of creating sub-models according to the notch stress approach, which is highly meshing 

demanding, should be reduced to a limited number of locations. 

Bowman et al. (Bowman et al., 2012) have proposed the incorporation of fracture mechanics and hot-

spot methods in Section 7 of the Manual for Bridge Evaluation (MBE), which is related with the 

American Standards for Bridge Design (AASHTO), in order to assist the engineer in estimating the 

remaining fatigue life. Chellini et al. (2012) executed fatigue tests on a detail consisting of a gusset 

plate welded to a steel I-beam in order to obtain the corresponding S-N curve. The tested specimens, 

made of S355 steel grade, were representative of a fatigue-prone detail found in a steel-concrete double-

box composite railway bridge located in a high-speed line and achieved FAT 100 and FAT 80 fatigue 

strengths for the HSS and the nominal stress methods, respectively. 

Aygül et al. (Aygül et al., 2012) have investigated the application of the structural hot-spot stress 

approach and the effective notch stress approach to a welded joint with cut-out holes used in orthotropic 

bridge decks. The results of the finite element calculations were compared with the results of the fatigue 

tests which were carried out on full-scale specimens, revealing that the structural hot-spot stresses 

obtained from the shell element models were unrealistically high when the welds were omitted. Aygül 

et al. (Aygül et al., 2013) selected five different welded joints frequently used in steel bridges, i.e. plate-

edge details, overlapped joints, longitudinal attachments, cope-hole details and cover-plate details as 

shown in Figure 3.20 and investigated the accuracy and the applicability of three fatigue assessment 

methods, namely the nominal stress method, the hot-spot stress method, and the notch stress method. 

From a comprehensive literature review, a total of 1,500 specimens tested under constant amplitude 

fatigue loading (CAFL) were selected to be re-analysed using only 3D solid finite element models. For 

the determination of hot-spot stresses at the weld toe, only the quadratic surface extrapolation technique 

recommended by the IIW (Hobbacher, 2009) was used. In the determination of the mean and the 

characteristic fatigue strengths, the hot-spot method presented the smallest scatter among the three 

evaluated methods. 
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Figure 3.20 – Typical bridge welded joints, namely (a) plate-edge details, (b) overlapped joints, (c) longitudinal 

attachments, (d) cope-hole details and (e) cover-plate details re-analysed with the aid of the FE-method and 

local fatigue assessment methods by Aygül et al. (Aygül et al., 2013). 

 

Feldmann et al. (2013) addressed the effects of FEM meshing options and element specifications of a 

welded longitudinal attachment detail and a butt joint in the computed hot-spot stress by taking the IIW-

recommendations into consideration. The author observed that for butt joints when discretized with 

elements with irregular edge lengths (ex / ez ≪ 1.0, see Figure 3.21b) structural hot-spot stresses deviate 

significantly from the mesh convergence trending, as shown in Figure 3.21a, while for longitudinal 

welded stiffeners deviations of approx. 11% for the structural hot-spot stress concentration factor 

(SCFHS) were found between the different FE mesh-types and extrapolation recommendations (linear 

vs quadratic) as shown in Figure 3.22, specifically for the model with the smallest thickness (t = 8 mm). 

For the other models with thicknesses equal to 16 and 30 mm, similar results were found in general. 

 
 

(a) (b) 

Figure 3.21 – (a) Structural hot-spot stress variation according to FE meshing rules and (b) adopted pattern for 

the meshing scheme of welded butt joints (Feldmann et al., 2013). 

 

(a) (b) (c)

(d) (e)
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Figure 3.22 – FE-mesh type and extrapolation methods of longitudinal stiffeners with the computed hot-spot 

stress concentration factor  (SCFHS) [adapted from Feldmann et al. (Feldmann et al., 2013)]. 

 

Zhang et al. (2015) have investigated the actual fatigue performance of different feasible assessment 

approaches for rib-to-diaphragm welded joints of orthotropic steel decks. Full-scale fatigue tests and 

finite-element analyses of orthotropic steel decks were carried out, and a two-location asynchronous 

loading procedure was employed to simulate the vehicle crossing effects (Figure 3.23a). In addition, 

the consistent nominal stress approach, the hot-spot stress approach, and the effective notch stress 

approach were introduced to alleviate the difficulty of fatigue resistance assessment of the targeted 

details. The authors have developed a global finite element model with solid elements with 20 nodes in 

order to apply the local stress methods (Figure 3.23b), and also have followed the recommendations of 

IIW (IIW, 2016) for the stress extrapolation to the hot-spots (Figure 3.24). There were remarkable 

differences in the assessment results of the three approaches adopted herein. As the analysed stresses 

were often at the location of high-stress gradients, the results of finite element analysis were highly 
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mesh-sensitive. The analytical results showed that the fatigue lives provided by the hot-spot stress and 

the effective notch stress approaches were more accurate than using the nominal stress approach. 

Furthermore, better evaluation results agreeing with model tests could be obtained by the hot-spot stress 

approach than the notch stress approach. 

 
 

(a) (b) 

Figure 3.23 – (a) Structural behaviour and crack initiation point for an orthotropic steel deck fatigue prone detail 

and (b) finite element modelling of the fatigue test model (Zhang et al., 2015). 

   
(a) (b) 

Figure 3.24 – (a) Extrapolation path for structural hot-spot stresses and (b) fatigue test results based on hot-spot 

stresses (Zhang et al., 2015). 

 

Wei et al. (X. Wei et al., 2017) have performed the fatigue assessment of 9 specimens of fully-welded 

joints with cope-hole details, typical in steel truss bridges, by utilizing both nominal stress and HSS 

approaches. According to the authors, a characteristic fatigue strength FAT 80 is more appropriate for 

the hot-spot stress method when analysing bridge cope hole details with high shear to bending moment 

ratio. Several authors have re-evaluated the fatigue tests of five complex ship-welded joints (see Figure 

3.25) using different procedures of the HSS method recommended in the IIW (IIW, 1996) to validate 

the related hot-spot design S-N curve (DNV, 2016; Doerk et al., 2003; Fricke, 2001; Fricke & Kahl, 

2006; Hong & Dong, 2004; Kang & Kim, 2003; W. S. Kim & Lotsberg, 2005; Lotsberg, 2006; Lotsberg 

& Sigurdsson, 2006; Shen et al., 2016). The fatigue tests were performed by Hyundai Heavy Industries 

Co., Ltd. (HHI) in the 1990s on FPSO typical details. FPSO stands for “Floating production storage and 

offloading” and is a ship-shaped structure used for floating production, storage, and offshore loading. 
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Figure 3.25 – FPSO typical investigated details on the fatigue tests of Hyundai Heavy Industries Co., Ltd.: (a) 

longitudinal attachment (model 1), (b) gussets on plate edge (model 2), (c) doubling plate (model 3), (d) 

hopper corner (model 4) and (e) fillet weld connection between an I-beam and a flat plate (model 5) (Y. Kim et 

al., 2015). 

 

The main goal of the fatigue tests of the mentioned five welded joints specimens and the subsequent 

works which numerically re-evaluated the tests was to determine the feasibility of using a more general 

unique S-N curve on the basis of the hot-spot stress concept. Therefore, the fatigue test data from HHI 

supported the adoption of a FAT 90 curve as a design hot-spot S-N curve. It should be noted that this 

hot-spot stress S-N curve results in similar calculated fatigue lives by using nominal S-N curves from 

the fatigue tested specimens. In one important work, Fricke (Fricke, 2001) performed a round-robin 

study in order to determine the variations in actually measured and computationally predicted hot-spot 

stresses and in corresponding fatigue lives when different evaluation and assessment procedures are 

applied by different investigators to the ship welded joints tested by HHI.  

Results in terms of SHSS concentration factor (SCFHS) in relation to nominal stresses measured in front 

of the weld toe are presented in Table 3.6. It can be observed from Table 3.6 that the difference between 

the target K factor derived from analyses and measurements corresponds well with the K factors derived 

from the fatigue test data from the HHI specimens. The difference is in the range of ± 10%. The mean 

S-N curves for each of the five details are known in terms of nominal stress S-N curves, see Table 3.6. 

For the HHI specimens 1–3 the failure is defined as a fracture of the specimens and for HHI specimen 

5, the failure criterion is crack growth equal to 20 mm as a mean value along the two sides. Models 4 

and 5 represent stiffener connections being subjected to bending loads. It is seen that the test data from 

the first three models plot nicely into one S-N diagram, while models 4 and 5 show higher stresses in 

the same diagram. The fatigue test results for specimen 4 were explained by the local plate bending at 

the hot-spots. Based on fatigue tests under out-of-plane loading, an arbitrary correction was required in 

the form of an effective hot-spot stress taking into account local bending (Lotsberg & Sigurdsson, 2006). 

Fatigue tests of specimen 5 showed compressive residual stresses at the hot-spots. The fatigue tests 

performed on stress relieved models showed that a stress-relieving reduced the fatigue life by a factor 

of 2.8 (Kang & Kim, 2003; Lotsberg, 2006). When specimens 5 are stress relieved from compressive 

(a) (b) (c)

(d) (e)
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residual stresses and the data for specimens 4 are adjusted to take into account bending correction in 

the form of the effective hot-spot stress mentioned, the fatigue life data adjust much better in a narrow 

band (Figure 3.26). If the data are statistically treated, considering a probability of survival of 97.7 %, 

a FAT 90 characteristic fatigue strength is achieved. 

Table 3.6 – Comparison of different SHSS concentration factors obtained from different authors and standards, 

both experimentally from fatigue S-N data and numerically with FE models. 

Model 

SCFHS 

Fricke et 

al. 

(Fricke, 

2001) 

Kang & Kim 

(Kang & 

Kim, 2003) 

Lotsberg & 

Sigurdsson (Lotsberg 

& Sigurdsson, 2006)  

Shen et al. 

(Shen et al., 

2016) 

DNV (DNV, 

2016)  

HHI Solid Solid 
Mean values from 

fatigue S-N data 
Solid  

Recommended 

values 

1 - 1.49 1.32 1.22 1.32 

2 1.85-2.08 1.95 1.96 2.02 1.86-1.96 

3  1.32 1.33 1.28 1.33 

4 1.96-2.16 - 1.64 2.06 1.64-1.84 

5 1.77-1.85 - 1.69 1.75 1.69 

 
 

(a) (b) 

Figure 3.26 – a) Hot-spot S-N data from specimens 1-5 in as-welded conditions and b) Fatigue test results 

from specimens 1-5 plotted into one S-N diagram where data for specimen 4 is adjusted due to bending over 

plate thickness and data for specimen 5 is adjusted for residual stress (Lotsberg & Sigurdsson, 2006). 

 

Alencar et al. (G. Alencar, De Jesus, et al., 2018) applied the hot-spot stress method to a case study of 

a composite steel-concrete roadway bridge subjected to complex dynamic loading of an actual lorry 

(Figure 3.27a-e), with a more representative analysis considering the vehicle-pavement-bridge dynamic 

interaction, traffic increase and the progressive deterioration of the asphalt pavement throughout the 

bridge’s lifecycle. The investigated detail was a transverse stiffener web gap, which is often subjected 

to distortion-induced fatigue (Figure 3.27c). Short computation times were achieved for the calculation 

of the hot-spot stress time histories of the investigated welded detail modelled with solid elements and 

fine meshes with the application of the dynamic superposition method and the sub modelling technique. 
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Quadratic surface extrapolation and quadratic 20-noded solid elements were preferred. For the worst 

scenario, the estimated fatigue lives in Alencar et al. with the hot-spot stress using a characteristic 

fatigue strength FAT 100 (hot-spot type a) – 19 years – were much more reasonable when compared to 

the lifetime of such details observed in actual bridges subjected to distortion-induced fatigue – 

approximately one-fourth of a bridge design life or 25 years, refer to Chapter 2 – than those obtained 

by the nominal stress method with FAT 80, which were very unconservative – 60 years. The reason is 

explained due to the inability of the nominal stress method to catch the local stress behaviour. Moreover, 

based on a study of the directions of the transient hot-spot stresses and the modal contribution of each 

vibration mode the authors emphasized the importance of performing a dynamic analysis in order to 

take into account relevant local dynamic amplification phenomena in the local stress field, which can 

greatly affect the estimated fatigue damage (Figure 3.27d-e and Figure 3.28). 

 
 

(a) (b) 

  

(c) (d) 

 
(e) 

Figure 3.27 – (a),(b) Investigated composite (steel-concrete) bridge with a typical fatigue lorry; (c),(d) 

distortion-induced fatigue at the web gap and expected crack locations; (e) principal stress directions at the 

hot-spot (G. Alencar, De Jesus, et al., 2018). 
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Figure 3.28 – Damage contribution related to the range of dynamic vibration modes at each investigated hot-

spot for distortion-induced fatigue (G. Alencar, De Jesus, et al., 2018). 

 

3.3.11 A SUMMARY OF THE MAIN ASPECTS OF THE SHSS APPROACH 

The hot-spot stress approach has often been criticized. In particular, the problem of defining appropriate 

reference points for the stress extrapolation has triggered many debates. For example, some authors 

remark that the choice of reference points for extrapolation is always more or less arbitrary and are not 

equally adequate for all possible structures (Labesse & Recho, 1999; Rother & Rudolph, 2011). Several 

codes and guidelines in various industrial sectors recommend different S-N curves and procedures for 

the determination of hot-spot stresses (ABS, 2014; CIDECT Part 8, 2001; DNV, 2016; IIW, 2016). 

According to Fricke (Fricke, 2001), even in the shipbuilding and offshore industry, the procedures 

established by the classification societies and other authorities are diverging. The observed wide scatter 

bands presented in some results for the same details due to different researchers may be attributed to 

diverging stress definitions, which may introduce variability in stress concentration calculations as a 

result of mesh sensitivity in finite element computations. Because of that, uncertainties about the 

suitability of the hot-spot stress approach have been raised by round-robin analyses such as (Fricke, 

2001; J.-M. Lee et al., 2010; Nussbaumer & Grigoriou, 2016), showing large scatter and differences 

between analysis results and measured stresses. 

A non-negligible influence of the software on the evaluated structural/local stresses have been revealed 

by the round-robin study of Nussbaumer & Grigoriou (Nussbaumer & Grigoriou, 2016). The experience 

has shown that the results may considerably depend on the various FE analysis options. Even if all the 

important modelling and analysis options are specified in detail, which is a rather complicated task in 

itself, increased attention is required by the analyst in order to fully comply with these modelling and 

calculations specifications. An important variation in the results may be due (among other reasons) to 

different practices in relation to the integration scheme, elements that are considered in the nodal 

averaging, the use of the results and mid-side nodes. Depending on the type and size of elements, FE 

software package, stress/strain integration schemes and the procedure used to extract the values of the 

hot-spot stresses, the resulting stresses may differ substantially. These differences can be decreased 

through the use of qualitatively higher solid type models. In general, the deviation of the formula from 
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the finite element results will be less than ±10%. However, a small difference in the stress range will 

result in large differences in fatigue life. Recently, even under controlled conditions of fatigue testing 

in a laboratory, the hot-spot stress computed following standard procedures of IIW deviated 7% from 

the experimental measurements for welded flange tip attachments (C. Baptista, 2016). Moreover, 

surface extrapolation stress technique does not account for the through-thickness stress variations, 

which can have a significant influence on details where there is a difficulty associated with the definition 

of a thickness (Fricke, 2014). 

The industry, however, considers the hot-spot stress approach a very practical approach, offering a 

better alternative than the traditional nominal stress approach for the assessment of individual joint 

geometries in marine and offshore industries, which may vary from detail to detail due to different 

pattern and geometrical configurations. In this respect, the structural stress approach for fatigue strength 

assessment for welded structures is essentially supporting the design, dimensioning and optimization of 

those structures (Radaj, 1996). If the life prediction can be called into question due to its high scatter, 

local approaches such as the SHSS method can be used to perform parametric and benchmark studies 

for fatigue performance comparison. Regarding civil engineering structures, the following section 

offers general guidance for the application of the nominal stress method and the hot-spot stress method 

for the fatigue assessment of steel railway bridges, according to Eurocodes. 

 

3.4 GENERAL GUIDANCE FOR THE APPLICATION OF THE NOMINAL/HOT-SPOT STRESS METHODS 

This section offers general guidance for the application of the nominal stress method and the hot-spot 

stress method for the fatigue assessment of steel railway bridges according to relevant standards taking 

advantage of the Finite Element Method. For such a purpose, firstly the relevant Fatigue Load Model 

is introduced. In the second and third parts, the required steps for a global-nominal stress-based 

approach and a hot-spot stress-based approach are shown. In general, the standards allow the engineer 

to choose between a safe life or a damage-tolerant assessment. The former evolved from the traditional 

fatigue assessment introduced in Section 3.2.1, while the latter had its origin in the aeronautic industry, 

usually relying on periodic inspections and rigorous structure maintenance to achieve a more 

economical design. In the discussion below, a safe life assessment with an assumed 100 years for the 

bridge design life is presumed, since damage-tolerant assessment is not suitable for most bridge 

structures when using S-N based approaches. Inspection methodologies, which comprehend a 

preliminary requirement to perform fatigue remaining life estimation of existing bridges are out-of-

scope of the present thesis, and more guidance can be found in this respect in (Kühn et al., 2008). 
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3.4.1 STANDARD FATIGUE TRAFFIC TO BE USED ON RAILWAY BRIDGES 

The development of fatigue damage in railway bridges is the result of a high number of micro-damages 

induced by each single train passage on the structure along the entire life-cycle of the bridge. The entity 

of the final damage depends on the composition of traffic that passed on the bridge (i.e. the traffic 

spectra) and, as also discussed, on the fatigue resistance of each local detail (Lippi et al., 2012). In order 

to simplify complex variable loading from traffic on bridges, standardized “Fatigue Load Models” 

(FLMs) were introduced in EN 1990 (2002) and EN 1991-2 (EN 1991-2, 2003). These FLMs are 

equivalent load models that tend to simulate the “real” traffic loading from the European railway 

network and simplify the calculations for a design or assessment situation while satisfying safety 

requirements. The railway load models were calibrated using railway traffic data from UIC (the 

International Union of Railways) and ERRI (the European Rail Research Institute). In general, the 

railway load models can be divided into two main groups depending on the adopted fatigue assessment 

method, see Figure 3.29. The first group is appropriate for fatigue verification using the simplified -

method, which is intended to be used at the design stage only. This group contains fatigue load models 

FLM 71, FLM SW/0 and FLM SW/2 (Figure 3.30). 

 

Figure 3.29 – Application scope of FLMs for railway bridges according to EN 1991-2 (Zamiri et al., 2018). 

 
(LM71) 

 
(SW/0) 

 
(SW/2) 

Figure 3.30 –FLMs for railway bridges according to EN 1991-2 (EN 1991-2, 2003). 
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The second group of load models is intended to be used when the fatigue verification is going to be 

performed using the Damage Accumulation Method with a Pålmgren-Miner rule as described in Annex 

A of EN 1993-1-9 (EN 1993-1-9, 2005), which can be considered more accurate for fatigue assessment 

purposes than the simplified -method. 

Thus, the second group accounts to different traffic mixes: “standard traffic mix with axles ≤ 22.5 t (225 

kN)”, “light traffic mix with axles ≤ 22.5 t (225 kN)” or “heavy traffic mix with 25t (250 kN) axles”, 

depending on the predominantly traffic carried by the investigated railway bridge (EN 1991-2, 2003), 

and are valid only for broad-gauge railways, i.e. with a track gauge broader than 1,435 mm. Thus, the 

traffic is represented by 12 fatigue trains (Tables 3.7 – 3.9) and their daily frequencies and weights 

(Table 3.10). The numbers of trains or cycles are given per each traffic mix with the corresponding 

traffic volume. The indicative value of standard traffic is 25 million tons per year and per track. 

However, the traffic composition, which is intended to be used for fatigue assessment, can change, 

depending on the contractor requirements. 

According to EC1, to take account the dynamic amplification effects of the Fatigue Trains when 

performing a transient static analysis with moving loads approach, their effects should be multiplied by 

the following dynamic amplification factor, DAF: 

( )1 1
2 21 ' ''j j= + +DAF  (3.39) 

 

where 'j  and ''j  are defined below in Equations (3.40) and (3.41): 

4
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0.40847.16


=K

L
 for 20L m  

(3.43) 

 

where  is the maximum permitted vehicle speed (m/s) and L is the bridge’s span determinant length 

(m). Equations (3.40) and (3.41) are sufficiently accurate for the purpose of calculating fatigue damage 

and are valid only for trains with maximum circulating speeds up to 200 km/h (see Table 3.11). When 

resonance induced by dynamic loading may be excessive, a dynamic analysis is required.  
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Table 3.7 – Fatigue trains silhouettes – Part 1 (dimension units: meters). 

 
FT Silhouette 
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1 

 

2 

 

3 

 

4 

 

5 

 
 

6x225kN 4x110kN 4x110kN 4x110kN

9x(4 x 110kN)

18.5 20.3 20.3 20.3 9x20.3

1.4 2.2

2.2

6.9 11.5 11.5 11.5 2.6

1.82.61.8

1.82.62.2 1.4 2.6

2.2 1.8 2.61.8

1.82.6
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8x(4 x 110kN)
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1.4
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2.5
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2.5
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3x170kN 2x170kN 6x
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Table 3.8 – Fatigue trains silhouettes – Part 2 (dimension units: meters). 
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Table 3.9 – Fatigue trains silhouettes – Part 3 (dimension units: meters). 
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Table 3.10 – Traffic mixes according to EC1: Traffic load on railway bridges for fatigue analysis. 

Standard traffic mix with axles ≤ 22.5 t (225 kN) 

FT No of trains/day Mass of train (ton) Traffic volume (106 t/year) 

1 12 663 2.90 

2 12 530 2.32 

3 5 940 1.72 

4 5 510 0.93 

5 7 2160 5.52 

6 12 1431 6.27 

7 8 1035 3.02 

8 6 1035 2.27 

Total: 67 Total: 24.95 

Light traffic mix with axles ≤ 22.5 t (225 kN) 

FT No of trains/day Mass of train (ton) Traffic volume (106 t/year) 

1 10 663 2.4 

2 5 530 1.0 

5 2 2160 1.4 

9 190 296 20.5 

Total: 207 Total: 25.3 

Heavy traffic mix with 25t (250 kN) axles 

FT No of trains/day Mass of train (ton) Traffic volume (106 t/year) 

5 6 2160 4.73 

6 13 1431 6.79 

11 16 1135 6.63 

12 16 1135 6.63 

Total: 51 Total: 24.78 
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Table 3.11 – Fatigue trains parameters: circulating speed (V), total length (L), total load (Q) and equivalent 

uniform load (q). 

 Fatigue 

Train 

No. 

Description 
V 

km/h 

L 

m 
Q 

kN 

q 

kN/m 

S
ta

n
d

ar
d

 a
n

d
 l

ig
h
t 

tr
af

fi
c 

m
ix

es
 

1 Locomotive-hauled passenger train 200 262.1 6630 25.3 

2 Locomotive-hauled passenger train 160 281.1 5300 18.9 

3 High speed passenger train 250 385.52 9400 24.4 

4 High speed passenger train 250 237.6 5100 21.5 

5 Locomotive-hauled freight train 80 270.3 21600 80 

6 Locomotive-hauled freight train 100 333.1 14310 43 

7 Locomotive-hauled freight train 120 196.5 10350 52.7 

8 Locomotive-hauled freight train 100 212.5 10350 48.7 

9 Suburban multiple unit train 120 134.8 2960 22 

10 Underground 120 129.6 3600 27.8 

H
ea

v
y
 

tr
af

fi
c 11 Locomotive-hauled freight train 120 198.5 11350 57.2 

12 Locomotive-hauled freight train 100 212.5 11350 53.4 

 

Recall that the load models presented in Figure 3.30 (first group) are appropriate only for design 

purposes and considering a transient static analysis with the corresponding dynamic amplification 

factors, while the load models represented by fatigue trains (second group) (Tables 3.7 – 3.9) can be 

used either for a transient static analysis with dynamic amplification factor or a dynamic analysis with 

transient loads (moving loads approach) for safe life assessment purposes. It is important to emphasize 

that as for the traffic loads, historical railway traffic load data (if available) and projected future traffic 

should be preferred for safe life assessment purposes. Sometimes, the complete historical traffic data is 

not available, and in this case, the required analysis needs to extrapolate traffic data also to the past. 

Whenever uncertainty in the determination of historical loads exists, conservative assumptions based 

on the referred Fatigue Load Model available in the standard can be used. Moreover, to better represent 

the rail traffic for a particular country, EN 1991-2 (EN 1991-2, 2003) allows for the specification of 

train load models by national authorities in the appropriate national annexes. 

 

3.4.2 GLOBAL-NOMINAL STRESS-BASED APPROACH 

In the daily design practice, when a joint appears in a welded structure, stresses are usually calculated 

by finite element analysis (FEA). For a test specimen, it is true that the nominal stress range can be 

easily determined by a simple hand calculation. However, for FEA, it may, in fact, be a problem to 

define the actual magnitude, direction and location of the nominal stress (Lassen & Recho, 2006). The 
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location of the measurement of this nominal stress for which the code writers have based the fatigue 

strength classification varies among all the fatigue tests performed and can have a large scattering, due 

to different geometries found for the specimens. Sometimes, for certain details, the available 

characteristic S-N curve was established based on the unintentional measurement of a modified nominal 

stress rather than a nominal stress and may contain some unknown degree of stress concentration 

accounted for in the strength definition. This is not always clear from fatigue test reports available in 

the literature. But, in general, the nominal stress in fatigue testing is usually measured at a relatively far 

distance from notches or from complicated geometries that generate stress concentrations. In summary, 

there is one source of uncertainty related to the nominal stress approach, i.e. the exact location that 

should be used to extract or determine the nominal stresses, which can be a serious problem in certain 

cases. 

In this context, when using FE analysis, the analyst usually takes as assumption that the stress obtained 

in a given direction at the centre of an element or at an element node at a specific region of the numerical 

model is assumed as the same nominal stress indicated in the drawings of the structural detail available 

in the standards (EN 1993-1-9, 2005). It is important to recall that FEA programs usually perform stress 

averaging, taking into account the contribution of all elements sharing the same node. For this reason, 

special attention is required that all the relevant elements are selected to compute the averaged nodal 

stress. 

After this short explanation, the global-nominal stress-based approach with a linear cumulative damage 

rule in the form of Equation (3.9), often referred as the Damage Accumulation Method, can be 

summarized in the following steps: 

1. Pre-definition of the loading scenario, which can be done by the analyst using either the Fatigue 

Load Model as specified in the design standards (Section 3.4.1), the historical railway traffic 

data with projected future growth (if available) or by measurement data obtained from long or 

short-term monitorization scaled to annual traffic; 

2. Identification and classification of structure’s fatigue prone details, according to the S-N curves 

proposed by the EC3 (Figures 3.2 and 3.3). The selection of the appropriate S-N curve for 

design is made by the analyst in an engineering judgment basis, based on a comparison between 

the actual designed detail and the tested typified constructional details shown in codes. The use 

of S-N curves of other design codes are allowed, e.g. from AASHTO (Figure 3.4) and IIW 

(Figure 3.5), taking attention to verify the similarity of the corresponding standard structural 

detail to the investigated one; 

3. Definition of the desired level of safety in terms of fatigue regarding the consequence of failure 

(high consequence of failure, Mf = 1.35; low consequence of failure, Mf = 1.15); 
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4. Calculation of the related stress ranges in critical structural details, i, from a transient quasi-

static analysis or a dynamic analysis (moving loads approach), and multiplying them by the 

partial safety factor for fatigue loading, Ff, which is usually set as 1.0, unless the corresponding 

structural code, such as the Eurocode national annexes suggest a different value. When 

performing dynamic analysis, a damping coefficient ratio of 0.5% is adopted for steel and steel-

concrete structures as a lower bound estimation (EN 1991-2, 2003); 

5. Calculation of stress histograms, representing the number of cycles versus the corresponding 

distribution of stress ranges, by using a cycle counting algorithm, e.g. the rainflow algorithm in 

the traditional form (ASTM E1049, 2005); 

6. Computation of the fatigue damage, by using appropriate cumulative damage models, e.g. that 

proposed by Pålmgren-Miner (Miner, 1945), as described by Equation (3.9). For a bi-linear S-

N curve with a knee point at 10×106 cycles, and considering m1 = 3 and m2 = 5, the following 

Equation applies: 
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7. Finally, in light of new guidance regarding fatigue damage accumulation of welded joints (IIW, 

2016), fatigue safety will be ensured for welded joints if the following Equation is satisfied: 

0.5FD D =  (3.45) 

 

One may emphasize that to compute a reliable stress field from the FE analysis is of most importance 

for fatigue assessment purposes following the above steps. In the author opinion, even in the absence 

of experimental measurements on the actual structure and using an idealized geometry provided by 

design, to compute a reliable structural response in terms of overall displacements and global-nominal 

stresses with FEM is not difficult to achieve for steel and steel-concrete bridges, mainly because of the 

suitability of such materials to be modelled with a linear-elastic law and because of the low scatter of 

the steel modulus. The previous experience of the engineer with bridge FE modelling strategies and a 

good understanding of the structural behaviour of the bridge is also of most importance to obtain reliable 

FE models in terms of the global-nominal stress response. In terms of dynamic response (frequencies, 

accelerations, mode shapes, etc.), except for the very first vibration modes, reliable results are more 

difficult to achieve without calibrating the FE model with experimental measurements.  

Regarding the limitations of such an approach, note that for general purposes, several phenomena which 

have the potential to rather complicate the FE analysis were disregarded, such as constrained plastic 
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flow; nonlinear contact interaction; residual stresses; stress-relieving due to structure’s accommodation 

along time, and hence a higher impact of mean stresses in the estimated fatigue life; construction 

misalignments; welding and manufacturing defects; construction sequence; lack of fit of structural 

elements; load sequence effects; train overloads effects with axle loads higher than 250 kN which can 

trigger fatigue cracking; material degradation due to corrosion; railway track degradation; structural 

interaction with the supporting infrastructures, such as the foundations; bolts prestress; semi-rigid 

behaviour of the connections; damping ratio scatter; non-structural masses scatter; train-bridge dynamic 

interaction; among others. Recall that not all of these effects were considered in the fatigue strength 

scattering of the tested specimens or in the Fatigue Load Model development, and some of them can 

greatly affect the overall global-nominal stress distribution. In order to determine whether any of them 

can have a beneficial or detrimental impact on fatigue life can be difficult without validating the 

numerical model with experimental measurements of the actual structure. For this reason, although 

quite often the Damage Accumulation method is being carried out in literature using lower values of 

Mf, from the point of view of the author the use of the highest value for the fatigue strength reduction 

factor provided by EC3, 1.35, is highly recommended for safe life assessment of bridges when using 

non-validated bridge FE models due to the mentioned uncertainties, irrespective of the adopted 

consequence of failure. 

 

3.4.3 HOT-SPOT STRESS-BASED APPROACH 

In order to synthesize the overall application of the SHSS approach for the fatigue assessment of welded 

joints, Ladinek et al. (2016) reviewed the IIW guidelines and organized them in flowcharts. The main 

purpose is to extend in detail the Annex B of the Eurocode 3, Part 1-9 (EN 1993-1-9, 2005) in the next 

review of the European structural codes, because in its current edition the code does not provide detailed 

instructions regarding the application of the structural hot-spot stress method, i.e. the FE modelling and 

extrapolation techniques and the types of hot-spot points, apart from some welded joint types and their 

corresponding FAT classes. 

In this thesis, these flowcharts were translated from German to English and slightly modified, see 

Figures 3.31 and 3.32. They provide the overall fatigue assessment framework for welded railway 

bridges using a hot-spot stress-based approach, covering the relevant aspects of the literature review 

carried out in the second part of the current chapter. Except for Step 4 (Section 3.4.2), the general 

guidance is very similar to the global-nominal stress approach, differing only in the way the relevant 

stresses are computed. Thus, Ladinek et al. (Ladinek et al., 2016) divided the hot-spot stress-based 

approach into four overall stages:  
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a) Classification: At this stage, the engineer identifies the extrapolation hot-spot among type “a” 

or “b”, the loading mode, and hence the corresponding characteristic hot-spot S-N curve 

(Tables 3.3 and 3.4). If the welded joint does not fall into any standard category, for example, 

fillet welds subjected only to stresses in the longitudinal direction, the hot-spot stress method 

would not be applicable. If the base plate thickness is greater than 25 mm, the engineer must 

reduce the FAT class by using Equation (3.34); 

b) Modelling: At this stage, the engineer creates the idealized geometric model of the detail, for 

example, using CAD programs with either volumetric or surface entities. If low local bending 

stresses can be presumed, which is quite rare even for uniaxially loaded specimens because of 

unsymmetrical geometry, one can allow the use of simplified models without the need to model 

the weld; 

c) Meshing: At this stage, after the geometry was created and imported to the FE program, the 

engineer must choose the type of finite element and the integration scheme to be used. If linear 

4-noded solid elements are employed, discretization of plates with only 1 element through the 

thickness should be avoided because of shear locking effects. If a steep stress gradient or the 

presence of any discontinuity in the vicinity of the hot-spot point can be presumed, fine meshes 

should be preferred. Otherwise, coarse meshes are allowed in order to achieve lower 

computation times. Continuing to the next step (Figure 3.32), the analyst must define the FE 

size depending on the hot-spot type, whether fine or coarse meshes and solid or shell elements 

are employed. Note that the FE size requirements must be followed for regions near the hot-

spots. For regions relatively far from investigated hot-spot points and with a more uniform 

stress distribution, the element size can be more relaxed; 

d) Extrapolation: At this stage, the analyst must compute the hot-spot stress value from the 

readily available formulas of each fatigue loading cycle, using as input the average nodal 

stresses of the appropriate reference nodes of the FE model. The locations of the reference 

nodes depend on the type of FE size employed in the previous stage. The hot-spot stresses must 

be computed for every step of the fatigue loading history from the FE solution for either a static 

or dynamic analysis. For transient analysis, this process can be automated in most FE programs; 

e) Verification: At this stage, once the hot-spot stresses have been computed, the rainflow 

algorithm is employed. Then, the final damage is computed with Equation (3.44), and the 

fatigue safety is verified according to Equation (3.45). 
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Figure 3.31 – Flowchart for the structural hot-spot stress method [adapted from Ladinek et al. (Ladinek et al., 

2016)]. 

 

The overall process can be highly recursive among the stages and can become more straightforward, 

depending on the experience of the analyst. Recently, a numerical framework and a post-processor 

independent of the employed FE program has been developed (Hectors & Waele, 2020), allowing the 

computation of the hot-spot stresses for several points along the weld line. In the following section, a 

numerical tool to perform computations on the basis of the Damage Accumulation Method and 

developed in the context of the present thesis is presented. 
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Figure 3.32 – Flowchart for the structural hot-spot stress surface extrapolation method (continuation) [adapted 

from Ladinek et al. (Ladinek et al., 2016)]. 

 

3.4.4 A DEVELOPED NUMERICAL TOOL FOR FATIGUE DAMAGE ACCUMULATION ACCORDING TO EC3 

In order to allow quick computations of the Damage Accumulation Method as described in the above 

steps, a fatigue calculator with a user-friendly graphical interface was developed by the author, see 

Figure 3.33. The main contribution of this computational tool is to offer engineers a more efficient and 

practical manner to assess steel structures fatigue damage based on the global-nominal S-N approach. 

The availability of an image library with the standard categories allows to easily classify the structural 

detail, see Figure 3.34. The developed software integrates the rainflow algorithm, a linear damage rule 

and the fatigue design in a comprehensible manner to current steelwork practice. 
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Figure 3.33 – Developed EC3 Fatigue calculator. 

 

Figure 3.34 – Structural details gallery and corresponding FAT class. 

 

Data can be imported from external programs, e.g. worksheets. One can control the number of decimal 

places used in the stress history as input for the rainflow algorithm, which affects the final result of less 

than 3%. The program considers as default a bin of 1 MPa. It is expected that the stress history units 

entered by the user should be in MPa, due to required unit consistency with the standardized S-N curves. 

Once the stress history is inputted, and the detail category is defined, the next step is to run the 

calculations. The rainflow algorithm, implemented according to (ASTM E1049, 2005), converts the 

stress history into a series of peak and valleys and then perform the corresponding cycle counting. After 
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the cycle counting is done, the program performs the damage accumulation computation for each stress 

cycle. The results are immediately shown on the right-hand side of the program window. Finally, a 

report can be exported in PDF, Word or Excel format, the latter with readily available graphics from 

the computations. 

The process of software testing and validation requires a comparison between the software computed 

values and those obtained in the literature. Herein, one presents an example from a well-known 

reference (ESDEP, 1995), in which was considered a sample of variable amplitude stress spectra applied 

to a detail category 90 with a partial strength factor of Mf = 1.0. According to EN 1993-1-9 (EN 1993-

1-9, 2005), this structural detail category may consist, for example, of one-sided connection with 

preloaded high strength bolts (C = 90 MPa). 

The stress history used as input is shown in Figure 3.35. The results from the cycle counting algorithm 

are 1 cycle at 120 N/mm2, 1 at 100 N/mm2, 4 at 80 N/mm2, 6 at 60 N/mm2 and 10 at 30 N/mm2, exactly 

same as the mentioned work. In order to calculate the total damage accumulation, the sample event was 

supposed to occur over 1 year. As a result, the number of cycles of each stress range were multiplied 

by 29,200. Then, the application of Miner’s rule leads to 0.1169 of total fatigue damage, which differs 

less than 0.5% from the reference value of 0.1174 performed with hand calculations (ESDEP, 1995). A 

good agreement between the reference and computed values was achieved (Figure 3.36). The final 

report is generated and exported to PDF format (Figure 3.37). 

 

Figure 3.35 – Stress history used as input for program validation (ESDEP, 1995). 
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Figure 3.36 – Calculation example. 

 

Figure 3.37 – Exported report in PDF format. 
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3.5 CONCLUDING REMARKS 

In the current chapter, the fatigue assessment of welded joints based on both global-nominal and 

structural stress-based S-N approaches was critically reviewed. It was possible to observe that although 

the physics of fatigue has been well-known for over 100 years, the application of this knowledge still 

poses challenges specifically for welded joints and steel bridges, where most difficulties are related to 

variable amplitude stress spectra in the high-cycle range and non-classified details with complex 

geometry. Further factors affecting the fatigue strength have been briefly described, such as the mean 

stress ratio effect, the damage model under variable amplitude loading, the cycle counting method, the 

standard traffic load model, residual stresses, imperfections, size effects, and others. Some of these 

aspects are considered in the approaches in different ways as well. The main conclusions that can be 

drawn are summarized as follows: 

i. Regarding the nominal stress method: 

• The historical evolution of the nominal stress method for fatigue assessment is intrinsically 

related to the railway industry since the beginning of fatigue research; 

• Currently, the global-nominal S-N approach is the most practical and widespread design 

procedure for the fatigue assessment of bridge details, being a benchmark for other methods 

because of its strong statistical foundation based on countless S-N data obtained throughout the 

years; 

• The nominal S-N curves provide lower bound estimations of the fatigue strength with the 

effects of misalignments, welding residual stresses, mean stress, weld geometry, weld process 

and imperfections, metallurgical defects, crack shapes and others, even in a “blind” manner. 

Although the explicit consideration of some of these effects in modelling can be important, 

their implicit inclusion on resistance scatters greatly simplifies fatigue safety checks; 

• The method is limited, however, to classified details, relatively simple joints, and uniaxial 

loading cases. Basically, if a studied detail cannot be attributed to one of the available detail 

categories in Eurocode or IIW, the global-nominal method cannot be used, because the 

similitude hypothesis does not apply in this case; 

• Variable amplitude and fatigue life estimation on the HCF and VHCF regimes represent 

nowadays one of the fields in which most research efforts had been concentrated. The subject 

is still under debate, because of the difficulties associated with performing laboratory tests 

under these regimes. However, important contributions were given recently by Nussbaumer 

and co-authors (Angelo & Nussbaumer, 2015; C. Baptista et al., 2017; Maddah, 2013; 

Nussbaumer et al., 2019), proposing slight changes in the design codes to take into account 
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seconds slopes different than 5 for the characteristic S-N curves and consider the influence of 

the load spectra of railway and highway traffic on the fatigue strength of bridge details; 

• Assuming that the stress spectra is known from experimental measurements or from numerical 

simulations, quick calculations can be performed for the global-nominal stress approach and 

the Damage Accumulation method using the developed numerical tool, which also provided a 

user-friendly graphical interface for daily practice fatigue design for structural engineers. 

 

ii. Regarding the structural stress-based methods: 

• Structural stress-based methods, such as the hot-spot stress method are useful in cases where 

nominal stresses cannot be meaningfully defined, a situation that is very recurrent in design; 

• If a structural detail differs in respect to individual parameters of the classified details of design 

codes based on the global-nominal stress approach, structural stress-based methods become 

indispensable as supplementary methods. Non-classified details, complex connections or 

multiaxial stress states may be assessed with the aid of the finite element method, in order to 

assess fatigue failures either from the weld toe or the weld root; 

• Nowadays, the IIW provides the most comprehensive recommendations for the application of 

the structural hot-spot stress method, such as element type, size, and reference points. A more 

detailed procedure of the hot-spot stress method was proposed to be included in the next 

revision of the Eurocode 3, since there is little guidance on how to apply the method in the 

current version of the standard (EN 1993-1-9, 2005); 

• According to IIW and EC3, while the global-nominal stress method can require up to 13 S-N 

curves for normal stresses for welded joints (FAT 36 to FAT 140, not considering FAT 160 

which is suitable for rolled profiles), the hot-spot method may require only 4 S-N curves; 

• The application of the hot-spot stress method can be useful to estimate possible locations of 

fatigue cracking initiation, while this is not possible with the global-nominal stress method; 

• The method has a strong correlation with experimental results, easily performed by 

conventional strain measurements on the surface of metallic materials, allowing the 

establishment of a link between FEM and experiments; 

• Third-party post-processors are not necessary to compute the hot-spot stress for simple loading 

cases, being readily available from the stress solution of any common FE program. In the last 

two decades, the method was validated with the reassessment of a countless number of tested 

specimens, and it is currently well-established in standards, industry and in daily practice design 

of offshore and marine structures; 
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• One of the main advantages of the SHSS approach in relation to the so-called effective notch 

stress method is to consider only the structural stress but not the nonlinear stress peak caused 

by the weld toe itself. Therefore there is no need to know in advance the geometric parameters 

of the weld notch in the FE analysis (G. Liu et al., 2014). Another advantage is to obtain 

reasonable fatigue life predictions with lower computational effort. 

 

On the other hand, from the carried out literature review, some important shortcomings of the hot-spot 

stress method may include: 

• The observed mesh sensitivity, mainly in the presence of high local bending ratios; 

• Very restricted mesh requirements are necessary to obtain reliable results, see for example 

Figure 3.32, although the final meshes are much coarser than those required by the effective 

notch stress method; 

• Detailed rules for mesh refinement. If the analyst engineer does not follow the meshing rules 

strictly, the computed value can rather deviate; 

• It is difficult to deal with a highly multiaxial stress state and hence to define the reference 

direction in relation to the maximum principal stresses. Note that if the analyst engineer does 

not have in his possession an automatic post-processor for this specific task, this analysis can 

easily become cumbersome when evaluating many possible hot-spots; 

• It is difficult to perform extrapolation in small regions due to limited space, either in numerical 

models or in experiments. For example, in bridges web gaps, in the region between two fillet 

welds, the flange-to-web weld and the stiffener-to-web weld (Figure 3.27); 

• Different guidelines for mesh refinement across standards can exist (ABS, 2014; CIDECT Part 

8, 2001; DNV, 2016; IIW, 2016). Note that different extrapolation rules lead to different fatigue 

strength definitions in terms of the hot-spot stress method; 

• The lack of consideration of the bending ratio either in the hot-spot stress value or in the defined 

characteristic fatigue strength; 

• In the conventional form of the SHSS approach, only surface stress is considered for the fatigue 

life assessment. It has been found that the stress gradient into the plate thickness also influences 

the fatigue life (G. Liu et al., 2014); 

• Manual correction of the size effect by an empirical factor, indirectly leading to the definition 

of “extra” hot-spot S-N curves depending on the main plate thickness size of the detail; 
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• In the view of recent experimental works (X. Wei et al., 2017) and numerical reassessments 

based on FE analysis (Aygül et al., 2013), the structural codes need to include an additional 

hot-spot S-N curve, FAT 80, to be used for cope hole details in steel beams located at sections 

with high shear to bending moment ratio. 

 

Finally, the shortcomings of the hot-spot stress method serve to remind that it is not the ultimate answer 

to fatigue life estimation of welded joints. Therefore, in Chapter 4, a framework to assess the crack 

propagation life of welded details of railway bridges relying on basic principles of Fracture Mechanics 

and dynamic analysis will be presented. Next, in Chapter 5, the equilibrium-equivalent structural stress 

method, an S-N method based on Linear Elastic Fracture Mechanics and structural stresses obtained on 

the basis of the local equilibrium of nodal forces and nodal moments at the hot-spot will be discussed.
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4  
IMPROVED FRAMEWORK FOR FATIGUE CRACK 

MODELLING OF WELDED RAILWAY BRIDGES 

 

 

4.1 INTRODUCTION 

The overall lifetime of a cyclically loaded welded structure consists of three periods: fatigue crack 

initiation, fatigue crack propagation, and final fracture. A transition crack is usually assumed between 

the crack initiation and propagation phases. Some authors define the initiation phase as being the time 

spent to reach a minimum crack depth of 0.1 mm (C. Baptista et al., 2017; Broek & Rice, 1986; Y. 

Dong et al., 2018; Lassen & Recho, 2006; Lawrence, 1996), although there is no consensus for this 

value (U Zerbst et al., 2014). In cases where the weld notch is relatively sharp or the welding‐induced 

crack‐like flaws such as undercuts, microcracks, cold laps, and slag intrusions exist at the weld toe in 

the same depth order (0.1 mm), the crack initiation phase is negligibly short in comparison with the 

crack propagation phase. Therefore, the fatigue life of welded joints can be approximated by the 

propagation life in some cases, which can be assessed by Linear Elastic Fracture Mechanics. 

In this manner, since the size of an initial defect (crack) is known (or assumed) at a specific location, 

fatigue life can be defined as the number of cycles needed to propagate this crack up to final fracture, 

which can be defined as the maximum allowable crack size, often called the critical crack length. 

Although crack propagation does not always result in failure, the final collapse may also be understood 

as the occurrence of three processes or their combinations: (1) brittle fracture, (2) plastic collapse of the 

remaining cross-section, (3) instability or (4) resonance, i.e. excessive vibration caused by changes in 

the natural frequency of a structure due to the growth of a fatigue crack, leading to unserviceability. 

Linear Elastic Fracture Mechanics (LEFM) is based on the continuum mechanics of elastic bodies 

containing cracks. Since the 1970s, LEFM has been applied to crack propagation assessment of welded 

components. Initially, only analytical and approximated hand calculation methods were available to 

determine the stress/displacement field in the vicinity of a crack (Tada et al., 1973). Those formulas, 

however, are of cumbersome application to welded joints, due to their complicated geometry. In the last 

decades, with the increase of computational power and the increasing development of commercial Finite 

Element (FE) programs, the use of FE numerical methods combined with LEFM have widespread 
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among different industries, becoming easier to compute the stress/displacement field in cracked 

components. Thus, analytical methods with simple formulae are rarely available for complicated weld 

geometries, and hence crack propagation problems are normally solved using some computational 

method. Recently, Rege & Lemu (2017) presented a broad review of the fatigue crack propagation 

modelling techniques using FEM.  

However, one may note that conventional LEFM analysis cannot be used to assess the entire fatigue 

life of welded structures in certain cases. Technological improvements in weldment production lead to 

smaller manufacturing defects and high-quality welds (Lassen, 1990). Hence, the importance of the 

crack initiation phase should be emphasized. Indeed, recent experimental observations had supported 

that the crack initiation phase can range from 1 to 50% of the entire fatigue life of welded specimens 

(C. Baptista et al., 2017). Neglecting the crack initiation phase in LEFM may well yield too conservative 

results for fatigue life in real bridge problems. On the other hand, one can cite the following applications 

of LEFM to fatigue cracking of welded details which could not be carried out with the conventional S-

N approach according to Radaj et al. (Radaj et al., 2006): 

• Definition of tolerable flaw sizes or other crack-like imperfections (Clubley & Winter, 2003; 

C.-S. Wang et al., 2013); 

• Fitness-for-purpose assessment for structural members with crack-like flaws whose size, shape 

and distribution are outside normally acceptable limits (IIW, 1990); 

• Definition of intervals for in-service inspections in a reliability analysis framework (Zou et al., 

2018); 

• Assessment of residual fatigue life of a structure in which definite fatigue cracks of readily 

detectable size already exist (crack propagation life) (C Albuquerque et al., 2015; Horas & 

Alencar et al., 2018); 

• Back-tracing of failures for forensic engineering (Fisher, 1984; Fisher et al., 2001); 

• Engineering Critical Assessment (ECA) analysis, which is a procedure standardized by several 

codes (API 579-1/ASME FFS-1, 2016; BS 7910, 2015; EDF Energy R6 Procedure, 2015) by 

which the safety of a welded structure with defects or flaws can be determined. ECA uses the 

material properties and the stress history to determine a flaw acceptance criteria which will 

attempt to ensure that welds will not fail during the service life of the welded structure. The 

assessment can be used before the structure is in use, or during an in-service inspection, to 

determine whether a given weld is in need of repair. ECAs are based heavily upon fracture 

mechanics principles. 
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The crack propagation approach is also well suited to parametric studies as far as the crack initiation 

phase can be neglected (i.e. mainly residual fatigue life investigations): 

• Comparison of the fatigue performance of welded joints in different materials, production 

process, and environments (Barsoum & Jonsson, 2013; U Zerbst et al., 2014); 

• Comparison of the fatigue strength or life of welded joints with different geometries (shape and 

size) and loading conditions (C. Baptista et al., 2017; Leander et al., 2013). 

 

As can be seen, the usefulness of the LEFM is very broad. In practice, some computational programs 

are available to perform crack propagation analysis, using either the Finite Element Method or the 

Boundary Element Method, such as FRANC3D developed by Franc Analysis Consultants, CrackWISE 

developed by TWI group and BEASY software developed by BEASY Ltd. (FRANC3D, 2011; 

Huailong & Weifang, 2017; Neves et al., 1997). However, the application of such computational 

simulation programs to welded railway bridges poses some challenges, e.g.: 

• The need to perform dynamic analysis in the time-domain to take into account the dynamic 

effects caused by the trains crossing; 

• The inherent multi-scale character of the problem, ranging from kilometres to millimetres; 

• The lack of standard load spectra for trains due to different traffic characteristics among lines 

of different countries and regions; 

• The change of global behaviour of the bridge throughout the crack propagation due to localized 

damage. The characteristics of the structure being changed, hence a nonlinear analysis is 

needed to account for these effects. 

 

In this line, particular strategies were proposed in order to overcome the high numerical efforts and 

address some of these challenges, with the development of a computationally efficient framework 

within MATLAB and ANSYS environments by Albuquerque et al. (C Albuquerque et al., 2015). In 

this Chapter, recent developments and improvements to this framework are proposed. The text is 

organized in the following manner: 

• In the first part, the basic principles of Linear Elastic Fracture Mechanics are outlined. 

Numerical techniques for LEFM application in the context of FEM are discussed. Some 

examples of crack propagation analysis to steel bridges by other authors are briefly reviewed; 

• In the second part, the computational algorithms and the improvements in the framework for 

crack propagation analysis of welded details of railway bridges are presented; 
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• Later, in the third part, a previous application of the referred framework to a Railway Bridge is 

reviewed with the proposed improvements and developments. Remaining fatigue life 

estimations are performed considering an initial arbitrarily through-thickness crack of 1 mm at 

the weld toe of a critical connection. 

 

4.2 FUNDAMENTALS OF LINEAR ELASTIC FRACTURE MECHANICS (LEFM) 

4.2.1 INTRODUCTION 

Fracture mechanics involves applying the physics of stress and strain to discontinuities found in 

materials to study crack propagation in those components and structures. Fracture mechanics can be 

divided into linear elastic fracture mechanics (LEFM) and elastoplastic fracture mechanics (EPFM). 

When cyclic stresses applied to a component are such that the zone of plastic deformation ahead of the 

crack-tip is small compared to the crack length, linear elastic fracture mechanics solutions provide 

appropriate descriptions for fatigue fracture (Suresh, 1998). This imposes minimum crack sizes for the 

range of applicability of LEFM. For example, in some codes, initial crack sizes of 0.1 and 0.5 mm have 

been recommended (BS 7910, 2015; IIW, 2016). Most existing cracks and defects found in old welded 

railway bridges by means of visual inspections and NDT can fall into this classification (refer to Chapter 

2). The first attempts to characterize fracture in cracked bodies will be outlined in the following 

Sections. 

 

4.2.2 ENERGY-BALANCE APPROACH 

The theory of brittle fracture appeared as the theory of limiting equilibrium of elastic bodies with cracks. 

To determine the fracture load (more precisely, the load required for crack initiation), Griffith (1921) 

made the following basic assumption: crack propagates if the potential strain energy of the body 

released in this process, W, is sufficient to compensate the energy required for the formation of new 

surfaces, i.e., 

 =W A  (4.1) 

 

where  is the specific surface energy in Joules/m2 and A is an increment in the area of the top and 

bottom surfaces of the crack. In other words, the strain energy release rate (relative to the increment in 

the area of the crack) must be equal (more precisely, greater or equal) to the specific surface energy: 





=

W

A
 (4.2) 
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According to Griffith original’s theory, if Equation (4.2) is satisfied, then a rupture will occur. Thus, 

Griffith derived one formula from this theory for the determination of the failure load pc for a simple 

case, i.e. an elastic and isotropic plate with a crack of length 2a subjected at infinity to the action of 

uniformly distributed forces p perpendicular to the crack faces: 

2 '


=c

E
p

a
 (4.3) 

 

where E´ = E for plane stress state and E´ = E/1 – 2 for plane strain, E is the Young modulus and  is 

the Poisson ratio. Griffith’s Equation (4.3) provided an excellent agreement with experimental data for 

brittle materials such as glass. However, for ductile materials, like steel, the surface energy  predicted 

by Griffith's theory was significantly different from experimental data. In the 1950’, based on a review 

of Griffith’s work, Irwin realized that plasticity must play a significant role in the fracture of ductile 

materials (G.R. Irwin, 1948). He proposed to add to the specific surface energy  the work of plastic 

deformation, p, in small zones in front of the crack related to a unit area of the newly formed surface, 

Equation (4.4), which revealed to be in better agreement with experimental measurement of pc for 

ductile materials with initial flaws such as steel. 

( )2 ' 2 '  

 

+
== eff p

c

E E
p

a a
 (4.4) 

 

4.2.3 STRESS-INTENSITY FACTOR (SIF) APPROACH 

Although the energy-balance approach provided a good insight into the fracture process, it does not 

allow to describe the fracture as a process. In Griffith theory, the fracture is instantaneous and occurs 

as soon as condition (4.2) is satisfied. Therefore, in terms of fatigue crack growth, Equations (4.1) – 

(4.4) cannot be used to evaluate the state of damage. Thus, Williams (1957) and Irwin (1957) started 

efforts in order to make it possible to describe fracture as a process, based on the work of Westergaard 

(1939) to analyse the elastic stress field near the crack-tip of cracked bodies. Both authors have 

investigated the singularity stress field near a crack-tip of an infinite plate with a central crack with 

length equal to 2a (Figure 4.1a), adopting a polar coordinate system (Figure 4.1b), instead of a complex 

variable, as in the work of Westergaard (Westergaard, 1939), z =a+rei 
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(a) (b) 

Figure 4.1 – (a) Plate with a crack of length equal to 2a and a remote tension p at the infinity (Macdonald, 

2011) and (b) convention herein adopted for the particular case of stresses over the horizontal alignment. 

 

Assuming small yield plasticity and for relatively low values of r, Williams (Williams, 1957) and Irwin 

(G.R. Irwin, 1957) showed that the stress and displacement field at the crack-tip could be described by 

Equations in the general form of,  

2
( ) 


=

ij ij

K
f

r
 (4.5) 

2
ij ij

r
u Kg 


= ( )  (4.6) 

 

where K was defined by convention as being equal to  a , ij are the stresses acting on a material 

element at a distance r from the crack-tip, and an angle  from the crack plane, fij() and gij() are 

dimensionless geometrical functions of , and uij is the corresponding component of displacement.  

Equations (4.5) and (4.6) are also derived from the so-called Williams power series (Williams, 1957). 

In particular, from Irwin’s work, the most significant result is that the functional relationship of elastic 

stresses to r and  (polar coordinates measured from the crack front) is, in general, the same and that it 

differs from one problem to the other in intensity only by K, which received the name of stress intensity 

factor (SIF) and was designated as K in the honour of Joseph A. Kies, a friend, and co-worker of Irwin. 

For the referred problem of a plate subjected to remote stress equal to , Equation (4.5) evolves to the 

following expression in the Cartesian coordinate system, ignoring higher order terms: 
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For distances close to the crack-tip ( 0.1r a ), the second and higher-order terms indicated by dots may 

be neglected. At large distances from the crack-tip, these relations cease to apply, and the stresses 

approach their far-field values that would result if the crack was not present. In this respect, Irwin (G.R. 

Irwin, 1957) observed that K remained constant in the related stress field around the crack-tip for a 

given loading and geometry of the cracked body. In this manner, the K factors form the core of Linear 

Elastic Fracture Mechanics (Kanvinde & Asce, 2017), and were seen as the “driving force” of the 

cracking process under certain conditions which must be satisfied to apply LEFM. The SIF can be 

computed by the classical expression, Equation (4.8), where Yu is a universal correction function, that 

must be determined (e.g. analytically, numerically) for each case and depends on the geometry and the 

external loading condition. For an infinite plate with a central horizontal crack with length equal to 2a, 

Yu = 1. 

 =
u

K Y a  (4.8) 

 

In the case of welded structures, it has been proved to be useful to split the universal correction function 

Yu into a function Y, which refers to a solution of a standard crack configuration in a plate, and a second 

function, referred as Mk, which gives a correction according to the local stress concentration of the weld 

and is a function of the crack size, geometry, and loading: 

u k
Y Y M=   (4.9) 

 

Many codes include parametric formulae for the calculation of Mk (BS 7910, 2015; IIW, 2016). In 

general, the correction factor, Mk, is defined as the ratio of the K for a crack in a plate with weld stress 

concentration to the K for the same crack in a plate without weld. In other words: 

 for a crack in a structure containing a weld

 for a crack in the same structure without the weld
k

K
M

K
=  (4.10) 

 



Chapter 4  

162 

In more complex structures, which are subjected to complex loading during their operation, the far-field 

stress applied to local cracked details is responsible for creating a tri-axial stress field in the crack front. 

In order to characterize the propagation of cracks and their branching, Irwin (1958) proposed a 

classification according to the directions of displacements of their lips in the vicinity of the crack-tip 

or, equivalently, according to the formally attributed macroscopic mechanisms of their virtual 

increments. This classification distinguishes the following modes of crack propagation: opening 

displacement or tensile cracks (mode I), Figure 4.2a, transverse (with respect to their front) shear cracks 

(mode II), Figure 4.2b, and longitudinal shear cracks (mode III), Figure 4.2c.  

 

Figure 4.2 – Different crack loading/deformation modes according to Fracture Mechanics. 

 

The stress-strain state of an isotropic body near an arbitrarily oriented crack under loads of all types can 

be decomposed into three components. The first of these components is induced by the stress N normal 

to the crack surface. The other components are induced by the tangential stresses in the plane of the 

crack, normal, N, and tangential, T, to its front. In this manner, the stress intensity factor concept was 

also extended to comprise this classification, and can be obtained from the stress-strain field around the 

crack-tip: 

N
0 0 0

2 lim        2 lim ,       2 lim,     
→ → →

= = =
I II N III T

r r r
K r K r K r  (4.11) 

 

From Figure 4.2 it is also possible to state that negative values of KI are not possible and indicate crack 

closure, while negative values of KII or KIII are possible and indicate the change in the direction of the 

in-plane sliding (mode II) or out-of-plane tearing (mode III). Thus, the stress field under mixed-mode 

conditions near the crack-tip now becomes characterized by: 

1

2
( ) ( ) ( )   


 = + + 

I II III

ij I ij II ij III ij
K f K f K f

r
 (4.12) 

 

Another important contribution of Irwin (1956) was a more practical way to determine the surface 

energy of  Griffith’s theory, . He showed that the potential strain energy released in the course of virtual 

closure (and, hence, opening) of a crack along with a small interval of length, designated as G in the 

(a) (b) (c)

Mode I

Tensile opening

Mode II

In-plane shear
Mode III

Out-of-plane shear
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honour of Griffith, can be computed by Equation (4.13), where E´ = E / (1 –  ) for plane strain and E´ 

= E for plane stress, which is twice the surface energy – for a proof, see (Broek & Rice, 1986):  

2 2

2
' '


= = =

a K
G

E E
 (4.13) 

 

This allowed Irwin to relate the Griffith (energetic) approach to the strength approach based on the 

analysis of the linear elastic stress field near the crack-tip. Equation (4.13) is very important and have 

been used for many purposes, mainly to derive fracture criteria, because it allows relating an approach 

based on fracture mechanics and theory of elasticity with a fracture energy approach, in the manner that 

for each stress intensity factor mode (KI, KII, and KIII) there is a corresponding strain energy release rate 

(GI, GII, and GIII). In the case of mixed-mode loading (see Subsection 4.2.6), Equation (4.14), where  

is the shear modulus of the material, could be used (Broek & Rice, 1986). In the following section, the 

most common fracture criterion for mode I, i.e. whether or not a crack in a body will grow, will be 

outlined. 

2 2 21 1

2
( )

' 
= + +

I II III
G K K K

E
 (4.14) 

 

4.2.4 FRACTURE CRITERION FOR MODE-I PROPAGATION 

Based on the concept that the crack growth is dominated by crack-tip stress singular field through K 

(KI, KII or KIII for different loading modes), Irwin proposed a monotonic/static fracture criterion, which 

is the most simple criterion, that states that crack growth occur when the stress intensity factor reaches 

a critical value. Under mode I conditions, Irwin’s criterion can be expressed as: 

, ,  
I C I I C I

K K G G  (4.15) 

 

where KC,I is the critical value, at fracture, of KI, or fracture toughness, and GC,I is the critical value, at 

fracture, of GI, or maximum strain energy release rate. Therefore, Irwin’s K-based fracture criterion 

differs from Griffith’s free surface energy criterion in that the former focuses on the response of stresses 

near the crack-tip, while the latter considers the global energy balance during crack growth (Yarema, 

1996). As aforementioned, this was among the first important step in order to characterize the fracture 

mechanism as a process. It is well recognized that the validity of the criterion requires that the fracture 

process and plastic deformation zones are sufficiently small so that they are well contained inside the 

K-dominance zone around the crack-tip (Figure 4.3). Generally, for a tested specimen used to determine 

the fracture toughness of a material, this is verified through Equation (4.16) (Kanvinde & Asce, 2017): 
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Figure 4.3 – K-dominant zone (C. Chang & Mear, 1996). 
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 (4.16) 

 

where B is the characteristic component thickness and fy is the yield strength of the material. 

Theoretically, KC,I in Equation (4.15) is assumed to be a material constant. However, measurement of 

KC,I may vary depending on the geometry of the test specimen and the loading conditions, resulting in 

a higher scatter of the fracture toughness data. Laboratory tests for the determination of KC,I are 

regulated by existing standards such as the ASTM E399 (2012). One of the main parameters influencing 

KC,I is the specimen thickness (Figure 4.4).  

 

Figure 4.4 – Thickness dependence of Kc, the critical stress intensity factor [adapted from (Macdonald, 2011)]. 

 

For a crack in a plate, there is a region of the material around the crack-tip that is under large tensile 

stresses (and part of it plasticised). Under these high tensile stresses, the material in the hypothetical 

“cylinder” tends to contract in the axial direction of the “cylinder” (Poisson’s effect) but is constrained 

by its surrounding material. Considering r as the cylinder radius and B as the plate thickness, and 

Plane stress Plane strain

KC,I

KC
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assuming that the plate is sufficiently thick (B ≫ r), then the constrained contraction causes tension in 

the direction perpendicular to the plate surface. This means that now the “cylinder’s” material is under 

triaxial tensile stress state in the interior of the plate (plane strain), while the stress state near the plate 

surface is biaxial (plane stress). On the other hand, if the plate is relatively thin, then the contraction of 

the theoretical “cylinder” can take place freely, and the stress state is biaxial all along the crack-tip. 

Therefore, KC,I is considered a material constant only if the stress state at the crack-tip is triaxial (i.e. 

plane strain), which implies a minimum thickness in the tested specimen in order to determine the lowest 

toughness. The triaxial stress state means almost complete constraint of the material and limits plastic 

deformation at the crack-tip (Zamiri et al., 2018). 

 

Figure 4.5 – Constraint condition for a through-thickness crack, showing higher constraint in the inner side of 

the plate, i.e. at the plane strain region [adapted from (Broek & Rice, 1986)]. 

 

4.2.5 PARIS-ERDOGAN LAW FOR FATIGUE CRACK PROPAGATION RATE 

Following the publication of George Irwin’s classical paper in 1957, Paris et al. (1961) and Paris & 

Erdogan (1963) proposed a relation between Irwin’s stress intensity factors and the fatigue crack growth 

rate. Specifically, they proposed that the stress intensity factor range may be used to represent the 

driving force for crack growth under cyclic loading, in the form of the following empirical expression: 

     (

0                ( )

)     
= 

  

m

th
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C K K Kda

dN K K
 (4.17) 

max min = −K K K  (4.18) 

 

where, a is the crack size; N is the number of stress cycles; C and m are material dependant crack growth 

parameters; Kth is the threshold stress intensity factor range; and K is the stress intensity factor range, 

calculated as the difference between the maximum and minimum SIF at a single applied load cycle. 

no contraction here
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Equation (4.17) is applicable for a single mode of far-field loading and for a fixed value of R. For tensile 

fatigue, it is understood that K refers to the range of mode I stress intensity factors during the stress 

cycle. Similarly, a stress intensity factor range KII and KIII can also be used in Equation (4.17) to 

characterize fatigue crack growth in mode II or mode III acting isolated, respectively. Although there 

was a scepticism regarding the characterization of crack growth using an elastic parameter such as K in 

the early 1960s, experimental data obtained for a wide range of metallic materials confirmed later a 

power-law relationship of the form given by Paris & Erdogan (P. Paris & Erdogan, 1963). Today, many 

variations of Paris Law based on empirical data of different materials exist in the literature, considering 

different aspects (BS 7910, 2015; Macdonald, 2011). It is not the objective of this thesis to cover such 

an extensive subject. Herein, the focus will be concentrated only in the classical Paris Law. For more 

precise crack propagation laws, refer to Beden et al. (2009) and Correia et al. (2016). 

For most engineering alloys, a plot of log da/dN against log K exhibits a sigmoidal variation, as shown 

schematically in Figure 4.6. In this plot, three distinct regions of crack growth can be identified: 

• Region I – This region is associated with crack growth at low K’s and the existence of a 

threshold stress intensity factor range, Kth. SIF ranges below Kth are believed to not 

generating crack propagation. This region is believed to account for the significant proportion 

of the fatigue life of a structure, in which crack growth is sensitive to microstructure, mean 

stress and environment. 

• Region II – This region is characterised by a linear relation between log (da/dN) and log (K). 

This is the region where the Paris power equation (4.17) is valid. 

• Region III – This is the fracture region, which accounts for rapid crack growth which will 

ultimately lead to structural failure. 

 

Figure 4.6 – Fatigue crack growth diagram, da/dN = f(K) (Macdonald, 2011). 
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Besides its well-known limitations, the Paris Law as presented in Equation (4.17), which does not 

account for the crack propagation near the threshold, Kth, Region I, neither the unstable propagation, 

Region III, has been widely used to evaluate the propagation in Region II characterized by a stable 

progression of the crack. 

At this point, one observation concerning the similitude concept mentioned in Chapters 2 and 3 should 

be made. It is clear that engineering applications normally require a similarity between the small-scale 

test specimens and the real structures, mainly due to practical reasons. Therefore, it must be highlighted 

that the similitude concept, as stated in Chapters 2 and 3, is not restricted only to the S-N approach, but 

it is also the basis of the crack propagation approach. As in the S-N approach, the term similitude has 

been described such that the da/dN–K characteristics obtained on test specimens can be transferred to 

other specimens or components. In other words, the similitude concept states that if the stress intensity 

factors (K) at the tip of a crack in a real structure (e.g. a welded connection) and the test specimen are 

the same, then the crack growth response in each case will also be the same and can be described by the 

Paris relationship (Socie & Marquis, 2011). 

 

4.2.6 FRACTURE CRITERIA FOR MIXED-MODE PROPAGATION 

The use of fracture mechanics has traditionally concentrated on crack growth under an opening or mode 

I mechanism. However, it is now widely accepted that, for brittle fracture under conditions of 

constrained yielding, a single fracture parameter, such as KC,I, is insufficient, requiring the definition of 

a fracture surface criterion by means of an equivalent stress intensity factor. In a spatial mixed-mode-

loading situation, fatigue crack growth depends on all crack loading modes. There are no universally 

accepted methods of fracture toughness testing other than those for mode I loading (BS 7910, 2015). 

Therefore, a common approach is to determine an equivalent stress intensity factor, Keq, often also 

referred as “effective”, which is a function of the three mechanisms, Equation (4.19), and comparing it 

with the mode I fracture toughness, KC,I. The stress intensity factor range, Keq, should also be higher 

than the intensity factor threshold range, Kth (refer to Figure 4.6) (mode I), in order to occur subcritical 

crack growth, i.e. fatigue.  

,max ,max ,max ,max ,
( , , )eq I II III C I

K f K K K K=   
(4.19) 

eq th
K K    (4.20) 

 

In order to evaluate fatigue crack growth under mixed-mode conditions (sub-critical crack growth), 

many authors and standards have proposed different expressions for Keq (Biner, 2001; Borrego et al., 

2006; BS 7910, 2015; Richard et al., 2014; Xiangqiao et al., 1992). Generally speaking, the different 

expressions are based on the partitioning between KI, KII, and KII, using different weight factors. One 
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of the most widely adopted and earliest developed expression is due to Tanaka (1974), who derived the 

equivalent stress intensity factor based on the dislocation model for fatigue crack growth proposed by 

Weertman (1966): 

4
4 44

8
8

1
III

eq I II

K
K K K


= + +

−
 (4.21) 

 

The determination of fracture toughness for each loading mode is a very complicated task because of 

the difficulty of isolating each mode in laboratory tests and due to complex mechanisms at the crack 

face level (Uwe Zerbst et al., 2016). However, some relations among the fracture toughness for the 

different modes have been proposed, thus leading to the creation of a fracture surface, Figure 4.7. 

Independently of the material, empirical and mathematical mixed-mode fracture criteria predicted 

values of KC,II / KC,I equal to 0.87 and KC,III / KC,I = 1.0. Depending on the adopted fracture criteria, other 

values have also been proposed for KC,II / KC,I and KC,III / KC,I, with predicted ratios being no larger than 

1.0 (J. Wang et al., 2016). Other experimental results of combined mode I+III fatigue fracture of pre-

cracked alumina have suggested a maximum ratio of 2.3 for KC,III / KC,I (Suresh & Tschegg, 1987). 

Furthermore, many experimental fracture results have been reported for mode II loading that does not 

agree with KC,II / KC,I = 0.87, with the results varying within a range from 1.09 to 2.2 (D. J. Smith et al., 

2006). 

The laboratory determination of the crack propagation threshold, Kth, for mixed-mode conditions 

poses similar difficulties. Experimental observations have shown that under static mode III or II it tends 

to increase (Uwe Zerbst et al., 2016), and also would be theoretically on the conservative side to adopt 

a unique threshold intensity factor range based on mode I tests, Kth,I, since it would be a lower bound 

estimation. 

 

Figure 4.7 – Fracture and threshold surfaces for three-dimensional mixed-mode fracture (Richard et al., 2008). 

 

Although the underestimation of the mode II fracture toughness is on the safe side for design purposes, 

some authors argued that predicted toughness values could be explained because of the presence of the 
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T-stress, a constant stress parallel to the crack. As mentioned in Section 4.2.3, Williams (Williams, 

1957) showed that the elastic stresses in a cracked body could be expanded as an infinite power series 

with the first terms in the expansions providing singular stresses. The general form of the infinite series 

assumes the form of Equation (4.22) in polar coordinates. The T-stresses are represented by the second 

terms of the series. The higher-order terms of the Williams’ series were neglected in most initially 

proposed fracture criteria formulations, such as the MTS-criterion, which will be outlined in the next 

subsection. 
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The first terms of Williams’ series, which are used to obtain most expressions for stress intensity factors, 

may not be sufficient to describe the onset of fracture and the higher-order terms in series expansion 

may also be important. Because of that, many authors have recently proposed further extending fracture 

criteria which also takes into account the T-stress in the closed-form formulations of the near-tip stress 

field. Reassessments of experimental results with consideration of the T-stress have revealed a major 

role in promoting brittle fracture under mode II loading (Mirsayar & Park, 2015; Razavi et al., 2018; 

D. J. Smith et al., 2006). From the above observations, it is possible to conclude that there is an overall 

trend in recent years to include the T-stress in the existing fracture criteria in order to better predict the 

fatigue and brittle fracture behaviour of ductile and brittle materials under mixed-mode loading 

(Ayatollahi et al., 2018; Ayatollahi & Saboori, 2015b), although they were not considered in the present 

analysis carried out in Section 4.5 due to limited data. 

One important aspect of a fracture criterion theory to describe fatigue crack growth under mixed-mode 

propagation is the so-called crack branching criterion, which indicates the crack propagation direction. 

Some available criteria available in the literature are described in the next subsection. 

 

4.2.7 CRACK BRANCHING CRITERIA 

In fatigue loading, crack growth rate and structure life are significantly dependent on the crack path. 

Thus, the effect of mixed-mode loading on fatigue crack propagation is of high practical relevance (Uwe 

Zerbst et al., 2016). Efforts to determine crack growth initially under 2D mixed-mode conditions started 
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in the 1960s, initially for static fracture only, and after for cyclic loading fracture (sub-critical crack 

growth). 

Real service loading in practice leads to failures occurring from cracks subjected to three-dimensional 

mixed-mode loadings. A characteristic of 3D combined mode fatigue cracks is that the crack front 

usually propagates in an unsuitable manner (Figure 4.8). Therefore, under mixed-mode loading 

conditions, not only the fatigue crack growth rate is of importance, but also the crack growth direction, 

which is characterized by two angles, the so-called kinking angle,  (associated with KII) or twisting 

angle,  (associated with KIII). This is very important in modelling the development of cracks by the 

finite-element method. Various criteria for crack growth direction prediction under mixed-mode 

loadings have been proposed, either based on the stress intensity factor concept, strain energy 

approaches or displacement-based approaches. Extensive reviews of different crack growth criteria 

under mixed-mode cracking were carried out by Rozumek & Macha (2009), Salimi-Majd et al. (2016), 

and Qian & Fatemi (1996). 

 

Figure 4.8 – Different types of fracture propagation depending on the loading conditions, (a) mode I, (b) mode 

II, (c) mode III and (d) mixed-mode I+II+III (Richard et al., 2008). 

 

According to Petit et al. (1994), although the existence of more than thirty-five fracture criteria for a 

cracked component under plane mixed-mode loading (I+II), only a few theories on mixed-mode fracture 

survived (Rege & Lemu, 2017). The maximum tangential stress (MTS) (Erdogan & Sih, 1963) and the 

maximum energy release rate (MERR) (Cotterell, 1965; Nuismer, 1975), among others, are the earliest 

and today’s mostly used criteria for ductile, elastic and isotropic materials under 2D crack propagation. 

In the following subsections, brief explanations of each mentioned criteria are given. 

On the other hand, there are very few fracture criteria for spatial (out-of-plane) mixed-mode problems 

including mixed-modes I+III, II+III and especially general mixed-mode I+II+III. Nonetheless, 

according to Ayatollahi & Saboori (Ayatollahi & Saboori, 2015b) most of the existing fracture criteria 

for general mixed-mode I+II+III have some shortcomings, such as the limitation of not being able to 

predict fracture direction or being insensitive to mode III effects in predicting the fracture direction. 





(a) (b)

(c) (d)

Mode I Mode II

Mode III Mode I+II+III
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Since the study of mixed-mode I+II+III fracture criteria can be of high interest for the fatigue crack 

growth assessment of a large number of structures for future research, for example in welded bridges 

subjected to distortion-induced fatigue, two further criteria are also reviewed, namely the 1
' -criterion 

and the MPERR, which are both extensions of the MTS and the MERR criteria for mixed-mode 

(I+II+III) crack propagation, respectively. 

 

4.2.7.1 Maximum Tangential Stress criterion 

The maximum tangential stress criterion (MTS) was one of the early conditions predicting critical load 

and crack growth angle under mixed I+II mode, and become one of the most widely used in practical 

applications (Erdogan & Sih, 1963), because it presents a very good correlation between numerical and 

experimental results in terms of final fatigue life and cracks propagation path for different materials 

(Bittencourt et al., 1996; Boljanović & Maksimović, 2011; Demir et al., 2018; Jensen, 2015; Silva et 

al., 2017) and because it is simple and intuitive. It is the preferred criterion for elastic materials. It is 

based on the tangential stress near the crack-tip, 
 , which for isotropic materials assumes the following 

form: 

1 3 3
cos cos 3 sin sin

2 2 2 24 2


   




    
= + − +    

    
I IIK K

r
 (4.23) 

 

where r and  are the polar coordinates around the crack-tip. Note that the term ‘tangential stress’ refers 

actually to a normal stress in polar coordinates. According to this criterion, the crack growth starts from 

the crack-tip at an angle  perpendicular to the maximum tangential stress, ,max. The crack becomes 

unstable if ,max exceeds the material limiting value, or – equivalently – if the equivalent stress 

intensity factor Keq resulting from ,max exceeds the fracture toughness KC,I. It can be expressed as 

follows: 

2

2
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which yields to: 

sin (3cos 1) 0 + − =
I II

K K  (4.25) 

 

Thus, the kinking angle  (Figure 4.1), i.e. the angle along which the crack will propagate in the next 

step, can be computed by the following expression: 
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In this manner, the maximum stress criterion defines a fracture curve in the KI vs KII plane such that the 

equivalent stress intensity factor can be computed as follows (Erdogan & Sih, 1963) under combined 

static loading: 
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eq I IIK K K  (4.27) 

 

4.2.7.2 Maximum Energy Release Rate criterion 

The Maximum energy release rate (MERR) fracture criterion (Nuismer, 1975) was developed to mixed 

I+II condition based on Griffith’s theory. The MERR states that 1) the crack will propagate in the 

direction  which causes the maximum energy release rate 
maxG  to occur, computed according to 

Equation (4.14); and 2) the fracture will initiate when the energy release rate in that direction reaches a 

certain specified level, 
max CG G , which is related to the mode I fracture toughness. Since Irwin proved 

the relation between G = f(K), and since there are expressions for the stress field near the crack-tip in 

polar coordinates, G can be expressed in terms of the kinking angle  (see Figure 4.9), G = f(). 

Therefore, in order to find the maximum strain energy release rate, the MERR criterion is evaluated by 

the following equations: 

2

2
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G G
 (4.28) 
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C
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The evaluation of the MERR criterion requires, therefore, knowledge of near tip stress field, which are 

given by the Williams series. However, it is very difficult to calculate the energy release rate G(), and 

several approaches exist in order to obtain approximate expressions. Based on the physical meanings, 

if the crack kinks into the  direction, G() can be expressed as (J. Chang et al., 2006): 
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Figure 4.9 – Sketch for calculating G() (J. Chang et al., 2006). 
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For all that, the MERR criterion has a firm theoretical basis on energy balance. Compared with other 

criteria, it would be more suitable to be extended to the case of three mixed-mode (I+II+III), if one can 

give a mathematical expression for G(). 

 

4.2.7.3 1
' -criterion and Richard’s empirical criterion 

Since the MTS criterion have been proved to be one of the straightforward and simple criteria, and it 

has been supported by experimental tests under mixed-mode I+II crack propagation, as already shown, 

in this section an emphasis will be made to an extension of the MTS criterion according to Schöllmann 

et al. (2002), which is able to predict fatigue cracking under three mixed-mode (I+II+III) conditions. 

According to this extension of the MTS criterion, the crack grows into the angle direction  which is 

perpendicular to the direction of 
1 ' , where 

1 '  is the maximum principal stress on a virtual cylindrical 

surface whose normal is radial to the crack front (Figure 4.10a-b). The crack growth direction is thus 

defined in terms of a kinking angle and a twisting angle, with the latter creating an inclined plane in 

relation to the crack-tip for each crack increment (Figure 4.10c). Such an assumption allows 

determining 
1 '  in relation to the components of the near-tip stress field , z, and z in terms of 

cylindrical coordinates, Equation (4.31), with its maximum function value determined from common 

calculus differentiation, Equations (4.32). 
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If one substitutes the near-tip stress field, Equations (4.33) – (4.35) into Equation (4.31), and then 

differentiates it according to the left-hand expression in Equation (4.32), after some manipulations it 

would be possible to yield to: 
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which is an implicit trigonometric function that can be solved numerically for discrete ratios of mode 

mixities – refer to Schöllmann et al. (Schöllmann et al., 2002) for more details on the solution of this 

equation –, thus finding the kinking angle . Once the kinking angle is determined, it automatically 

results from the geometric convention adopted in Figure 4.10 that the twisting angle can be computed 

as follows: 
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(a) (b) 

 

(c) 

Figure 4.10 – (a) Stress components and cylinder coordinates at the crack front, (b) view of the cylindrical 

surface with the stress components , z, z, and the principal stresses 1
'  and 2

' and (c) crack growth 

plane defined by MPS criterion (Schöllmann et al., 2002). 
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On the other hand, Schöllmann et al. (Schöllmann et al., 2002) also derived an expression for the 

equivalent stress intensity factor: 

2

2 2 21 3 3
cos cos sin cos sin 4

2 2 2 2 2 2

  
 

 
  

= − + − +  
   

eq I II I II IIIK K K K K K  (4.38) 

 

For planar mixed-mode situations, i.e. KIII = 0, the modified MTS-criterion is equivalent to the MTS-

criterion of Erdogan & Sih (Erdogan & Sih, 1963). Because of the assumption of the crack growth in 

the direction of the maximum principal stress 
1 ' , this extension of the MTS criterion for 3D cases is 

called the maximum principal stress criterion (MPS), or, sometimes, the 3DMTS criterion (Lazarus et 

al., 2008). Recent investigations of generalized 3D fracture criteria for a wide range of materials support 

that the MPS criterion is usually a benchmark method for comparisons purposes (Ayatollahi & Saboori, 

2015a; J. Wang et al., 2016). Indeed, it has shown a good correlation with experimental data for different 

mixes of mixed-mode ratios, except for pure II+III mixed-mode, for which the MPS criterion gives 

unconservative results; although this condition rarely occurs in practice. 

In order to simplify the prediction of crack growth under multiaxial loading, approximation functions 

have been developed. One of these formulas is the criterion by Richard (Richard et al., 2014), which is 

helpful for practical applications. Thus, Richard et al. (Richard et al., 2014) reanalysed several 

experimental crack propagation data, regarding the onset of fracture initiation and crack growth 

directions, and have proposed the following empirical model for the equivalent stress intensity factor, 

the kinking angle  and the twisting angle , respectively: 
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Richard et al. (Richard et al., 2014) showed that the fracture limit surface resulting from his criterion 

are very similar to the results of the 
1 '  criterion for the values of pure mode I, pure mode II and pure 

mode III, presenting very slight differences. Therefore, it is easier and faster to use the criterion by 

Richard than solving Equations (4.36) – (4.38). A further investigation demonstrated that the MPS 

criterion is able to provide a crack surface similar to those obtained experimentally (Lazarus et al., 

2008). All the above-mentioned criteria were verified with experimental results of aluminium or steel 
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specimens under constant amplitude and proportional loading, however, for general applications usually 

one assumes that they could be extended to variable amplitude loading and nonproportional loading if 

required. 

 

4.2.7.4 Maximum Potential Energy Release Rate criterion 

Another general 3D brittle fracture criterion was proposed by Chang et al. (J. Chang et al., 2006), who 

selected maximum energy release rate criterion (MERR) as the theoretical basis to establish the new 

criterion, which was designated as MPERR. Chang et al. (J. Chang et al., 2006) proposed to express the 

total energy release rate due to three mixed-mode conditions using the near-tip stress field approximated 

by Equation (4.42). Applying Equations (4.28) to (4.42) yields to Equation (4.43), which is an implicit 

trigonometric function of KI, KII, and KIII. By solving Equation (4.43) it is possible to compute the 

kinking angle, , and the Keq can be computed by means of Equation (4.44), since KI, KII, and KIII are 

known from finite element computations. 
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where  = 3 – 4 for plane strain, = (3 – )/(1+) for plane stress. Equation (4.43) can be numerically 

solved in terms of parametric SIF ratios expressed in terms of mode ratio angles:  
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Then, the kinking angle values are given by Figure 4.11 (J. Chang et al., 2006): 
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Figure 4.11 – Kinking angle  according to MPERR in relation to mode ratio angles of the stress intensity 

factors (J. Chang et al., 2006). 

 

In order to verify the aforementioned criterion, failure experiments under the three-mode mixed 

loadings have been carried out in aluminium, and experimental results agree well with the general 

fracture criterion (J. Chang et al., 2006). However, although the criterion derived by Chang et al. (J. 

Chang et al., 2006) from the MERR criterion considers the influence of KIII over , one of its limitations 

is that it does not consider 3D crack propagation strictly, i.e. an expression for the twisting angle () 

was not determined. 

 

4.2.8 NUMERICAL METHODS TO ESTIMATE SIFS OF WELDED CRACKED STRUCTURES 

In order to carry out fatigue crack growth analysis, appropriate SIF solutions are needed. Knowledge of 

the stress intensity factor at the crack-tip is critical in the fracture analysis of linear elastic materials or 

materials that show small-scale yielding at the crack-tip. One possibility to determine stress intensity 

factors is recurring to handbooks with analytical solutions (Tada et al., 1973). However, because of the 

wide variety of possible configurations of the global joint geometry, the weld geometry, the crack 

geometry and loading, reliable ready-made stress intensity solutions are seldom available. Currently, 

the main approaches for determining SIF solutions are based on the Finite Element Method, either by 

the computed displacement or stress-strain field or by the so-called weight functions approach (Y. Dong 

& Guedes Soares, 2018). In the current section, two methods, which are easily programmable and can 

give accurate results, the displacement-extrapolation method and the VCCT method, will be outlined. 

Another important method which was not covered in the current thesis is the J-integral, refer to (Rice 

& Levy, 1972). 
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4.2.8.1 Displacement-extrapolation method 

One of the most known methods to determine SIFs from the finite element solution is the displacement-

extrapolation method. Since the crack-tip stress and displacement fields are mostly determined by the 

stress intensity factors, one should be able to extract stress intensity factors from the results of a finite 

element simulation of a cracked body. By choosing a fixed direction  in the near-tip field, Figure 4.12a-

b, the three components of displacements, u, v, and w, in cartesian coordinates, x, y, and z, respectively, 

are obtained for all the nodes lying in the corresponding direction, taking note also of their position (r, 

).  

 
 

(a) (b) 

Figure 4.12 – (a) Fixed direction for selection nodes to extract displacements (Zafošnik & Fajdiga, 2016) and 

(b) convention adopted for the displacements (ANSYS, 2009). 

 

“Non-real” stress intensity factors, K*, are computed by solving the approximated Williams’ series for 

the displacement field ignoring higher-order terms, Equations (4.46) – (4.48), for all the selected nodes, 

NE: 
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where u, v, and w are the nodal displacements, assessed in a local Cartesian coordinate system located 

at the crack-tip; r and  are coordinates in a local cylindrical coordinate system;  is the shear modulus 

and  is the Kolosov’s constant, equal to (3 – 4) / (1 + ), for plane stress conditions, and equal to (3 

– 4) for plane strain conditions, and  is the Poisson ratio. Usually, the fixed direction is chosen such 

that it facilitates the solution of the system of Equations (4.46) – (4.48), e.g.  = 180º, which lies in the 

crack faces. The “non-real” SIFs are plotted against their position r, see for example Figure 4.13 for the 
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mode I. The straight line is constructed with a least squares-based regression technique, Equations 

(4.49) – (4.51), ignoring “non-real” SIFs very near to the crack-tip which present high values compared 

to the overall trend. 

 

Figure 4.13 – Typical distribution of non-real SIF near the crack-tip (Zafošnik & Fajdiga, 2016). 

 

Most FEM programs implement some variation of the displacement-extrapolation method (ANSYS, 

2009). The estimated stress intensity factors are thus obtained for r = 0 in Equation (4.49) with the linear 

coefficients, A and B determined by Equations (4.50) and (4.51), respectively: 
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where Yi stands for the stress intensity factor in the extrapolation point at the distance ri from the crack-

tip. Stress-extrapolation methods adopting the same above presented principle are also possible. 

However, the displacement-extrapolation has the advantage over stress-extrapolation because 

displacements are the primary solution variables provided by the displacement-based finite element 

method and the near-tip stress field is singular. Moreover, the stress intensity factor values can be 

improved by solving a set of linear Equations (4.46) – (4.48) from the displacements extrapolations of 

non-real factor K

extrapolation point NE

trend line
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more than one direction, leading to the solution of an overdetermined linear system by the non-linear 

least square regression method (Ayatollahi & Nejati, 2010). Usually, from the author’s experience, 

obtaining the displacements from concentric circles from the crack-tip leads to the best solutions. 

The main advantage of this method is its simplicity, whereas the disadvantage is the requirement of 

very fine and regular mesh near the crack-tip. If correctly applied, from the author’s experience, the 

computed SIFs can deviate almost ±10% from the analytical solution. In 3D propagation, the 

requirement of fine mesh may result in regular hexahedra or tetrahedra at the crack front. Improved 

accuracy of the stress/strain near-tip field can be obtained by using elements with quarter-point nodes, 

i.e. mid-side nodes moved to ¼ of the element side to create a stress/strain singularity, as shown in 

Figure 4.14. Since most crack growth simulation based on FEM requires remeshing at every crack 

increment (see Subsection 4.2.9), this fine mesh needs to be reconstructed at every step of the crack 

propagation, which is very cumbersome to perform and demands very substantial computational efforts. 

Another limitation of the displacement-extrapolation method is related to short-cracks near the surface. 

In order to overcome this shortcoming, Lebaillif & Recho (2007) have adopted a methodology for the 

remeshing of the crack-tip, called the crack box technique (CBT). They have adopted three zones with 

increased mesh density and element complexity (from linear to quadratic) around the crack-tip (Figure 

4.14b): i) the crack box with quadratic elements (zone A), which moves according to the computed 

crack increment in the direction determined by the adopted branching criterion at every step, but without 

changing the overall mesh of the box; ii) a previously defined transition zone (zone B), which is known 

in advance according to the possible propagation direction of the crack and it is automatically remeshed 

at every step with an automatically meshing algorithm, such as the Delaunay 3D algorithm; and iii) a 

global unchanged coarse mesh with linear elements (zone C), which is not remeshed at every step. 

  

(a) (b) 

Figure 4.14 – (a) Typical rosette and crack box patterns for the FEM mesh at the crack-tip. Note the use of 

quarter-point elements in the inner rings. (b) Crack box in a structure (regions A, B and C)  (Lebaillif & Recho, 

2007). 

 

Rosette Crack box 

Cracked structure 
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4.2.8.2 Virtual Crack Closure Technique for mixed I+II+III mode 

The Virtual Crack Closure Technique (VCCT) was proposed by Rybicki & Kanninen (1977) in order 

to compute stress intensity factors using the results of finite element analysis. It consists of a very 

attractive SIF extraction technique because of its good accuracy, a relatively easy algorithm of 

application and the capability to calculate SIF for all three fracture modes (Leski, 2007). The application 

of the VCCT in 3D FE models is commonly called the 3D VCCT. The VCCT is based on the energy 

release rate, resulting from nodal forces at the crack-tip which in turn are multiplied by the nodal 

displacements, computed at a local coordinate system, located at the crack-tip (Figure 4.15). The energy 

release rate is obtained through the computation of the nodal forces and displacements at the nodes 

located at the crack-tip in two steps and in a single step for the “modified VCCT”. For this purpose, an 

assumption is made such that the energy released when the crack is extended by a, from a+a (node 

i) to a+2a (node k), Ua+a, is identical to the energy required to close the crack between the location 

of the node i and node ℓ (Figure 4.15), Ua, as indicated in Equation (4.52). It is also assumed that a 

crack extension from a+a (node i) to a+2a (node k) does not significantly change the state at the 

crack-tip. Therefore, the displacements behind the crack-tip at node i are approximately equal to the 

displacements behind the original crack-tip at node ℓ (Krueger, 2004).  
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For 20-noded solid elements, the equations to calculate the mode I, mode II and mode III strain energy 

release rate, at the element corner nodes (Locations Li) (refer to Figure 4.15) are given by: 
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where AL = a⸱b as shown in Figure 4.15 (Krueger, 2004). Here XKi, ZKi, and YKi denote the nodal 

forces at the delamination front in column K and row i. The relative displacements at the corresponding 
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column K are calculated from the displacements behind the delamination at the lower face node, row 

ℓ*, as uK* and wK* and at the top face node, row ℓ, as uK and wK. Similar definitions are applicable to 

column M for the forces at node row I and displacements at node row ℓ and to column L for the forces 

at node row i and j and displacements at node row ℓ and m, respectively. Only one-half of the forces at 

locations Ki and Mi contribute to the energy required to virtually close the area AL. Half of the forces 

at location Ki contribute to the closure of the adjacent area Aj, and half of the forces at location Mi 

contribute to the closure of the adjacent area AN.  

 

Figure 4.15 – Virtual Crack Closure Technique. Nomenclature for the computation of the energy release rate 

at corner nodes of a 20-noded solid mesh (Krueger, 2004). 

 

The same expressions for G can be obtained considering mid-side nodes, which can be considered more 

accurate (Krueger, 2004). Once the GI, GII, and GIII are found, KI, KII, and KIII can be computed by 

employing Equation (4.13). When using VCCT for crack growth simulations, the modelling of the 

crack-tip with the crack box technique, as presented in the last section, is recommended due to the 

requirement of elements with regular geometry at the crack-tip. 

 

4.2.9 ARBITRARY 3D FATIGUE CRACK PROPAGATION USING FEM 

In a three-dimensional structure, a crack path is given as a surface within the cracked object. For 

incremental simulation approaches, an additional crack growth area has to be determined in any 

simulation step (Figure 4.16a-b), by means of the remeshing of the crack front, creating new elements 

and nodes according to the new determined crack direction. Such a technique is often referred to as 

Automatic Adaptive Remeshing in the literature (Aygül et al., 2014a; Schöllmann et al., 2003). The 

description of the crack propagation area relies on the knowledge of the local propagation direction as 

well as on the local crack growth increment at every point of the actual crack front of the structural 
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model (respectively at every node of the FE-model), Figure 4.16c, by means of a crack propagation 

law, e.g. the Paris Law, Equation (4.17), and a crack branching criterion. 

  

(a) (b) 

 

(c) 

Figure 4.16 – (a), (b) Crack propagation areas for a 3D-simulation in an incremental approach and (c) crack 

growth increment at each node [adapted from (Fulland & Richard, 2003)]. 

 

Therefore, the fatigue crack growth rate has been firstly expressed by Tanaka (Tanaka, 1974) using a 

Paris type equation (see Section 4.2.5) as a function of an equivalent stress intensity factor range defined 

for each cycle as follows: 

,max ,mineq eq eq
K K K = −  

(4.56) 

( )= 
m

eq

da
C K

dN
 (4.57) 

 

Once one has determined the SIFs for each individual mode with the VCCT or the displacement-

extrapolation method (Subsection 4.2.8), the maximum and minimum equivalent stress intensity factors 

in Equation (4.56) can be calculated for each step and each node of the crack front by Equations (4.21), 

(4.27), (4.38), (4.39), or (4.44), depending on the chosen fracture criterion. 

Under constant amplitude loading, Equation (4.57) can be numerically integrated step-by-step to 

compute the crack increment, a, at each step. On the other hand, for transient analysis and variable 
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amplitude applications, usually, the equivalent stress intensity factor series in the time domain, Keq(t), 

is converted into a series of equivalent stress intensity factor amplitudes, Keq,i grouped by the same 

number of occurrences, ni, through a cycle-counting method, for example, the rainflow method (see 

Chapter 3). In this situation, the crack increment can be computed by Equation (4.58): 

, =    m

i eq i

i

a n C K  (4.58) 

 

where a is the crack increment at each step, ni is the number of repetitions of a certain Keq,i magnitude, 

and C and m are material constants of Paris Law constant. However, because each cycle range Keq 

from the variable amplitude loading will indicate a different crack propagation angle by the application 

of the crack branching criterion, a simple engineering approach is to consider a weighted average 

function of all equivalent stress intensity factor amplitudes to compute a weighted crack propagation 

angle for mode II,   (FRANC3D, 2011): 
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Of course, the same expression could also be used to compute a weighted average twisting angle, mode 

III,  : 
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4.2.10 RANGE OF APPLICATION OF LEFM 

A typical division of the fatigue crack growth phenomenon is shown in Figure 4.17, ranging from 

initiation, short crack propagation, microcrack propagation, macrocrack propagation, long crack 

propagation and final fracture. There is no absolute consensus regarding the precise limits among them, 

and depending on the application, different definitions may exist. Usually, welded connections are not 

classified as unnotched details, because of the weld notch effect (refer to Chapter 1), and therefore the 

fatigue phenomenon may trigger somewhere between a/t ≈ 0.01 and 0.1, depending on the quality of 

the executed weld. The standard S-N methods (refer to Chapter 3) are suitable to assess the so-called 

Nsafe-life. However, they lack to offer information regarding the final crack size. For bridges, because 

most S-N curves for welded connections were derived using small-scale specimens, the Nsafe-life may be 

located somewhere about w, i.e. the width of the small scale specimens, since this was one of the most 
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adopted failure criteria. Another widespread failure criterion is a/t ≈ t, which is limited by the plate 

thickness, to avoid gas or liquid leakage in pressure vessels and piping structures. 

In this context, the range of application of the LEFM approach with the aid of the Finite Element Method 

described hitherto in this chapter starts with the so-called “technical crack” (ai), a crack which can be 

detected by common crack-detection methods. Sometimes the technical crack is found in literature as 

equal to one-tenth of the plate thickness, or between 0.1 and 0.5 mm. Thus, LEFM can be used to assess 

the fatigue crack growth phenomenon from this point up to the final fracture assuming confined 

plasticity, determined by brittle fracture, Keq = KC. The total fatigue life can be considered as the sum 

of the Nsafe-life and the so-called Nresidual-life, the latter starting when a long crack is detected during 

inspection. For such a purpose, a crack propagation law is required, being the Paris Law, Keq – da/dN, 

the most frequent. In Figure 4.17, the first part of the x-axis is given as the ratio of crack size over the 

baseplate thickness (a/t), and after a through thickness crack is achieved the values are given as absolute 

crack sizes. 

 

Figure 4.17 – Range of application of the conventional LEFM with Adaptive Remeshing in terms of crack size. 

 

4.3 EXAMPLES OF APPLICATIONS OF LEFM TO FATIGUE ASSESSMENT OF WELDED BRIDGE 

DETAILS 

At this point, a brief review will be carried out in order to present some recent and interesting research 

on the application of LEFM to fatigue life evaluation of welded steel bridges and related welded details. 

LEFM combined with complex numerical simulation based on the FEM have found in steel bridges a 

helpful and valuable application in fatigue life assessments. However, it is still a research field which 

needs further investigation in order to clarify the mechanisms of fatigue crack propagation, mainly due 

to complex three-dimensional loading generated by railway traffic. Another important aspect is the high 

computational effort to numerically simulate fatigue crack propagation problems. Therefore, improved 
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tools and algorithms are necessary in order to reduce the computational effort and extend the 

applicability of LEFM to steel bridges. 

Aygül et al. (Aygül et al., 2014b) performed a complex 3D crack propagation analysis by assuming an 

initial semi-elliptical flaw of the order of 0.5 mm in the weld toe of the web gap of a connection (Figure 

4.18) of the Södeström Bridge subjected to distortion-induced fatigue with the goal to examine the 

behaviour of these cracks. A global model of the bridge using Abaqus software was created, in order to 

simulate the train axle loads on the studied detail. A local sub-model including the studied region has 

been modelled using second-order solid elements with a very fine mesh, as approximately as possible 

to 1×1×1 mm in the analysed region. The crack propagation simulation was made by using the 

FRANC3D (FRANC3D, 2011) software, through the adaptive remeshing technique by computing the 

SIFs in the crack front under mixed-mode propagation (I+II+III). The stress range spectra given for the 

FRANC3D software for the crack propagation analyses were obtained by applying the rainflow cycle 

counting method for the quasi-static analyses results due to several crossings of a passenger train during 

a week. This loading spectrum was consistent with the actual service loads from field-measured data 

using strain gauges. 

As stated by the authors, the distortion-induced fatigue cracking is generally a result of mixed-mode 

loading effects, mainly the mode I (opening) and the mode III (tearing). The kinking angle was 

computed by considering different available direction criteria in the software: maximum tensile stress 

criterion (MTS), maximum generalised stress criterion (GEN) and the maximum strain energy release 

rate criterion (MSERR). All crack propagation analyses were interrupted when the crack length reached 

approximately 66 mm in the plane of the web (adopted critical length). According to the analyses, it 

would take almost 20-25 years for this crack to develop for this critical length. The results in terms of 

crack formation match very well with the real track found in the bridge (Figure 4.18), with little 

difference between the different crack growth branching criteria throughout the numerical simulations. 

Figure 4.19 shows the stress intensity factors in the thickness and longitudinal directions and the 

developed crack shape. The authors concluded that crack propagation is the result of a mix of mode I 

and mode III in the initial phase when the crack is still in the weld region. When the crack propagation 

is passed over the welded region, the crack propagation was a result of all three modes in all directions. 

For the whole crack development, however the mode I was dominant. 
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Figure 4.18 – Numerical simulation of fatigue crack growth in Södeström bridge: (a) Local model and initial 

crack, (b) Quasi-static analysis crack growth and the detected crack in the bridge (Aygül et al., 2014b). 

 
Figure 4.19 – Numerical simulation of fatigue crack growth in Södeström bridge : (a) The stress intensity 

factors in the thickness and longitudinal directions (left and right sides of the crack), (b) crack shape in the web 

plate and (c) crack front lines (Aygül et al., 2014b). 

 

Triamlumlerd & Lenwari (2017) and Dinh et al. (2014) investigated the effects of initial crack size, 

fillet weld size, stiffener dimension and web gap length on the fatigue crack propagation of a steel girder 

with several double-side vertical stiffeners welded to the web spaced by 1 m (Figure 4.20a) with pure 

bending under constant amplitude loading, both numerically and experimentally. Herein, one highlights 

the parametric results in function of the web gap length, which were varied between 90, 215 and 340 

mm, as shown in Figure 4.20b-d, achieving fatigue lives of 9,300, 20,900, and 65,000 cycles, 

respectively. By simulating the crack propagation with the aid of the software FRANC3D, the authors 

have shown that the fatigue life increased as the web gap length increased, with a small web gap length 

producing higher stress intensity factors and hence shortening the fatigue life, although this would be 

detrimental to the shear buckling limit state of the web. 

(a) 

(b) 
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(a) 

   

(b) (c) (d) 

Figure 4.20 – Steel girder with several double-side vertical stiffeners welded to the web, under pure bending 

and constant amplitude loading (Triamlumlerd & Lenwari, 2017). 

 

Triamlumlerd & Lenwari (Triamlumlerd & Lenwari, 2017) and Dinh et al. (Dinh et al., 2014) have also 

distinguished between three phases of propagation, consisting of i) phase I involves the propagation of 

the surface or part-through crack in the web. One or more semi-elliptical cracks initiate at one or more 

points along the toe of the stiffener-to-web weld; ii) Phase II involves the propagation of a two-tip 

through-thickness crack in the web after the surface crack penetrates the web plate. The through crack 

in the web propagates in a direction perpendicular to the principal tensile stress upward into the web 

and downward toward the web-to-flange junction and iii) Phase III involves the propagation of a three-

tip crack after the two-tip web crack reaches the extreme fibre of the tension flange. The three-tip crack 

propagates across the flange and extends farther into the web until the failure by either fracture or 

yielding of the tension flange at the net section (see Figure 4.21). According to Dinh et al. (Dinh et al., 

2014), approximately 10%, 70%, and 20% of the total number of cycles to failure are consumed in 

phases I, II, and III, respectively. 
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Figure 4.21 – Overall behaviour of distortion-induced fatigue crack propagation at the web gap of steel I-

beams (Dinh et al., 2014). 

 

Ju & Tateishi (2014) have used the extended MPERR criterion to investigate the influence of KIII 

propagation behaviour of fatigue cracks in rib-to-deck detail of orthotropic bridge steel deck (Figure 

4.22). The authors concluded that the crack direction change was mainly originated by the Mode II and 

Mode III deformation near the crack-tip due to the out-of-plane bending of the rib wall along the crack. 

  

(a) (b) 

Figure 4.22 – Behaviour of fatigue cracks in rib-to-deck detail of an Orthotropic Bridge Deck (a) Deformation at 

two ends of the crack-tip (sliding of the crack faces) at the weld root of the rib-to-deck joint and (b) deformation 

of rib and deck plate around crack (Ju & Tateishi, 2014). 

 

It is worth noting that the crack propagation analysis performed in the abovementioned works had the 

displacement field determined on the basis of a simple linear static or quasi-static analysis. In the 

following section, improvements in a framework that is capable of performing fatigue crack growth 

analysis considering a linear dynamic analysis are presented. 
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4.4 IMPROVED FATIGUE CRACK PROPAGATION FRAMEWORK 

4.4.1 FATIGUE ANALYSIS USING MODAL SUPERPOSITION CONCEPTS 

For structures subjected to dynamic loading, simulating the fatigue crack propagation requires the 

integration of crack growth laws along with numerical schemes within the context of complex finite-

element models. This is challenging for many reasons, especially because crack propagation simulated 

on the basis of FEM may be highly mesh dependent in terms of the crack path as well as the extent of 

propagation itself. When a certain structure is frequently subjected to cyclic loadings, for each dynamic 

event, a response dependent on the structural system and loading characteristics is generated. In such 

cases, when the load case is well characterized, the dynamic behaviour may be assessed using numerical 

models based on the FE method, which depending on its complexity may allow evaluating global and 

local phenomena. The determination of the acting nodal forces, on a certain time instant, t, added to the 

knowledge of the structural properties such as mass, damping and stiffness, allows computing the 

dynamic response using direct time-integration algorithms or the modal superposition technique. The 

dynamic behaviour of a structure with N degrees of freedom can be evaluated through the following 

system of Equations (4.61) (Bathe, 2014): 

[ ] ''( ) [ ] '( ) [ ] ( ) ( ) +  +  =M u t C u t K u t F t  (4.61) 

 

where, associated with the N degrees of freedom, [M], [C] and [K] are, respectively, the mass, damping 

and stiffness matrices, each with N×N dimension. Also, for a certain time-step, F(t) is the nodal forces 

vector and u(t), u'(t) and u''(t), respectively, the displacement, velocity and acceleration vectors, each of 

them defined by N×1 terms. For each time step, the calculation of the system of Equations (4.61) can 

be achieved applying direct time-integration algorithms, although when a structural system has a large 

number of degrees of freedom, it will imply high computational costs. Otherwise, if the structure 

remains globally elastic and its properties are invariant along the time, the modal superposition method 

is applicable being more effective in computational terms since the global structural behaviour can be 

reproduced superimposing a limited number of vibration modes. Thus, considering the modal 

superposition technique, the systems of N×N simultaneous Equations (4.61) are converted into N 

decoupled equations that can be solved independently (Bathe, 2014): 

2'' ( ) 2 ' ( ) ( ) ( )+    +  =j j j j j j jY t w Y t w Y t F t  (4.62) 

 

Equation (4.62) is the decoupled equation of the jth vibration mode, where Yj(t) is the modal coordinates 

vector and Fj(t) the vector of modal nodal forces, both associated to the N degrees of freedom, wj is the 

natural frequency and ξj the damping coefficient. As abovementioned, in addition to the decoupling of 

the vibration modes, the efficiency of superimposing process is also increased because a limited number 
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of modes, generally much smaller than the N degrees of freedom, is required for accurately assessing 

the dynamic response. 

In order to analyse the evolution of the fatigue crack propagation in a complex bridge detail, 

Albuquerque et al. (C Albuquerque et al., 2015) proposed and implemented a computational algorithm 

based on the modal superposition technique. Such workflow allows essentially calculating data to 

analyse the development of the fatigue cracking through the integration of the Paris Law, Equation 

(4.17). More specifically, it enables computing the stress intensity factors time-histories, K(t), according 

to: 

( ) ( ) =  K t Y t a  (4.63) 

 

where, Y is a function dependent only of the geometries of both the structure and crack, σ is the nominal 

stress acting on the detail under analysis, and a is the crack dimension. Considering that the total acting 

loading is composed of static and dynamic parts, the stress intensity factor can also be decomposed into 

two values, Ksta and Kdyn(t), the former dependent on the static stress, σsta (obtained from a linear static 

analysis with gravitational forces of only the structure’s self-weight), and the latter which depends on 

the acting dynamic stress, σdyn(t): 

( ) ( )total sta dynK t K K t= +  (4.64) 

sta staK Y a =    (4.65) 

( ) ( )dyn dynK t Y t a =    (4.66) 

 

The principles of the modal superposition method can be applied to structural systems where fatigue 

cracking occurs if the local plasticity phenomenon or the non-linear contact between the crack faces do 

not affect the linear global behaviour (C Albuquerque et al., 2015). Therefore, if such assumptions are 

verified, the dynamic stress time-history can be expressed as follows: 

( ) ( )dyn j j jt Y t =    (4.67) 

 

where σj is defined as the related modal nominal stress, and it is related to the modal coordinates of the 

jth vibration mode, Yj(t). Taking into account Equations (4.63) and (4.67), the calculation of the stress 

intensity factor can be achieved by considering: 

( ) ( ) ( )dyn j j j j j jK t Y a Y t K Y t =     =    (4.68) 
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where Kj is defined as the stress intensity factor calculated for the mode shape of the jth vibration mode, 

conventionally named as the modal stress intensity factor. Thus, the total stress intensity factor, Ktotal(t), 

can be calculated using the following relation: 

( ) ( )total sta j j jK t K K Y t= +    (4.69) 

 

Naturally, depending on the type of mode loading (refer to Figure 4.2), mode I, II, and III, Equation 

(4.69) can be adapted to compute the respective stress intensity factors: 

, ,( ) ( )= +  I I sta j I j jK t K K Y t  (4.70) 

, ,( ) ( )= +  II II sta j II j jK t K K Y t  
(4.71) 

, ,( ) ( )= +  III III sta j III j jK t K K Y t  
(4.72) 

 

It is worth recalling that negative values of KI are not accepted, and then a cut-off is enforced at 0 (zero) 

for KI(t), in order to obtain a stress intensity factor time-history admitting only positive values. The 

equivalent stress intensity factor time-history will be a weighted combination of KI(t), KII(t), and KIII(t), 

by using either Equations (4.21), (4.27), (4.38), (4.39), or (4.44), according to the fatigue crack growth 

criterion. For example, for Tanaka criterion (Tanaka, 1974), Equation (4.21), it becomes: 

( ) ( ) ( )
( )4

4 44
8

8
1

III

eq I II

K t
K t K t K t


= + +

−
 (4.73) 

 

The use of the above presented dynamic analysis methodology can be found with a similar form for 

composite steel-concrete bridges in the literature based on a moving loads approach representative of 

actual or standard railway traffic (C Albuquerque et al., 2015; K. Liu et al., 2013; Hui Zhou et al., 2016). 

It is worth noting that the principles which are the basis of the modal stress intensity factors definition 

may also be extended to other local quantities as stresses or strains. Therefore, Equation (4.69) may be 

expressed in more general form: 

( ) ( )  = +  sta j j jt Y t  (4.74) 

 

where  can be a generic fatigue damage parameter, being sta the part related to the static loading and 

j the value computed considering the modal coordinates of the jth vibration mode. Thus, the modal 

superposition may be extended to assess other local quantities required to evaluate the fatigue cracking 

phenomena, even based on S-N approaches, such as for structural stresses (G. Alencar, De Jesus, et al., 

2018). 
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4.4.2 SUB MODELLING TECHNIQUE 

Commonly, the global behaviour of a large structure may be properly represented by a numerical model 

conceived with beam and shell elements coarsely discretised. Although, local fatigue analyses, such as 

the hot-spot stress method, as early stated in Chapter 3, Section 3.3.5, and the crack propagation 

approaches, require much more refined modelling, which is hard to achieve through the inclusion of 

such refinement directly on the structure’s global model due to the high computational costs. An 

alternative approach, lighter in terms of computational costs, consists of the analysis of the global model 

and subsequent imposition of the obtained displacement fields to a refined local model (sub-model). 

Therefore, in the context of accurate and computationally efficient fatigue analyses, the consideration 

of sub modelling techniques, such as beam-to-shell and beam-to-solid by the mixed-dimensional 

coupling method (Li et al., 2007; F. Yan et al., 2016), or shell-to-shell, shell-to-solid by the cut-

boundary displacement method (ANSYS, 2009), are particularly useful once they allow the 

compatibility of a lighter global model with refined local modelling. Among the sub modelling 

techniques, the shell-to-shell and shell-to-solid types can be particularly useful because they do not 

require the existence of master nodes as in the mixed-dimensional coupling method, nor the exact 

coincidence between the boundary nodes of both global and local models (ANSYS, 2009). In such 

cases, the displacement fields applied to the boundary nodes of the local model may be obtained by 

extrapolation considering the appropriate shape functions and the relevant results obtained from the 

global model. Moreover, from the author’s experience, shell-to-shell and shell-to-solid sub modelling 

lead to more accurate results, since they are not subjected to end effects as in beam-to-shell and beam-

to-solid approaches (F. Yan et al., 2016). 

 

4.4.3 PROPOSED COMPUTATIONAL ALGORITHM: SINGLE PROCESS 

Albuquerque et al. (C Albuquerque et al., 2015) proposed and implemented a workflow to perform a 

detailed analysis of fatigue crack propagation in a complex welded bridge detail. In the present work, 

considering the modal superposition technique, two alternative computational algorithms are suggested, 

differing between them on the capability to perform or not parallel processing. Both algorithms were 

implemented using the MATLAB and ANSYS software, the former to control the entire computing 

process and the latter to carry out the required numerical analyses through the Parametric Design 

Language (APDL). In the present chapter, according to the goal of assessing the crack propagation on 

a welded detail in a railway bridge, the workflow contemplates the sub modelling technique. The former 

computational algorithm (single process) can be defined as a sequence of tasks that are described below 

in Figure 4.23. In this figure, BDCO stands for Boundary Conditions, and are related to the 

displacements interpolated through the sub modelling technique, to be applied to the refined local sub-

model. 
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Figure 4.23 – Proposed workflow for fatigue crack propagation analysis using modal superposition, sub 

modelling, and automatic adaptive remeshing techniques. 

 

As outlined, firstly, a modal analysis of the global model is performed allowing to compute the 

respective modal displacements fields, j, and other dynamic properties, modal frequencies and modal 

masses, wj and mj, respectively, for each vibration mode j. The modal damping ratios, j, can be 

estimated based on standards or experimental measurements, e.g. as in Ribeiro et al. (Ribeiro et al., 

2012). On the other hand, the displacement field originated by the static loading, sta, is obtained after 

a static analysis of the same global model considering only the gravitational forces due to the self-

weight. Then, using a sub modelling process, part of the abovementioned displacement fields are stored 

after their extrapolation to the boundary nodes of the local model through the cut-boundary 

displacements method (ANSYS, 2009). Lastly, with respect to the global analysis, the available traffic 

data, assessed by either a monitoring system (see Section 4.5.3) or considering standardized fatigue 

trains (Chapter 3, Section 3.2.6), is combined with the global model dynamic properties (j, wj, mj, and 

j) in order to obtain the modal coordinates time-histories, Yj(t). 

In the second stage of the analysis, the previously stored boundary conditions, based on j and sta, are 

applied to the sub-model where an initial crack length is assumed, ai. The analysis of the loaded local 

model allows computing the modal stress intensity factors, Kj, and static stress intensity factors, Ksta, 

considering an appropriated approach, such as the virtual crack closure technique (VCCT) (see Section 
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4.2.8.2) or the displacement-extrapolation method (see Section 4.2.8.1). According to Equations (4.70) 

– (4.72), for a certain train loading, the respective modal coordinates time-history, Yj(t), along with the 

values of Kj and Ksta, allows calculating KI (t), KII (t), and KIII (t). Subsequently, considering a crack 

branching as those presented in Section 4.2.7, the equivalent stress intensity factor series in the time-

domain of each train crossing, Keq(t), and the corresponding kinking angle,  (t), and twisting angle, 

 (t), are computed. At this point, the stability of the crack propagation is assessed, comparing the 

maximum values observed for Keq (t) of all traffic events with the material toughness, KC (mode I), 

resulting in unstable crack propagation if the former surpasses the latter, according to Section 4.2.6. 

Otherwise, if the maximum value of Keq (t) is lower than KC, a cycle counting method as the rainflow is 

applied allowing to calculate the equivalent stress intensity factor amplitudes, Keq,i, grouped by the 

number of cycles occurrences, ni. Finally, the crack length increment, a, associated to the train passage 

is calculated using the Paris Law, Equation (4.58), and the respective averaged kinking and twisting 

angles,   and  , are computed by means of Equations (4.59) and (4.60), respectively. 

Advancing for the onset of crack propagation and perform the automatic remeshing, for computational 

reasons, it is convenient to adopt a constant crack size increment between iterations, ainc. In such case, 

the crack increment corresponding to a loading block or set of trains, e.g., hourly, daily or monthly 

trains, needs to be scaled by Bn = ainc / a, where Bn is the number of loading blocks required to achieve 

ainc. After calculating a and the weighted kinking and twisting angles,   and  , respectively, in 

order to update the cracked FE sub-model to be loaded by the next block of trains, it is generated 

information regarding the new crack geometry (refer to Figure 4.16). The described computational 

algorithm is continuously applied until a stop criterion is met or the crack propagation becomes 

unstable. 

 

4.4.4 PROPOSED COMPUTATIONAL ALGORITHM: PARALLEL PROCESSING 

The workflow detailed in the previous section, based on the modal superposition principles, requires 

the sequential calculation of the stress intensity factors for each jth vibration mode considered. Despite 

its unquestionable effectiveness when compared with the implementation of direct time-integration 

methods such as the Newmark algorithm (Clough & Penzien, 1993), such technique loses efficiency 

when a large structure is analysed since a significant number of vibration modes are obtained from the 

modal analysis. Two measures can be considered to minimize such issue: i) the assessment of the 

relevant number of modes since only the vibration modes related to the cracked details are important; 

and ii) once a linear dynamic analysis is performed at the structure’s global level, the workflow detailed 

in the previous section suggests the possibility to modify the previous algorithm in order to allow the 

parallel computing of the modal stress intensity factors. The second option is also considered viable for 
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the reason that the mode superposition technique is based on the solution of the decoupled equations of 

movement, which can be solved independently. 

Regarding the step ii), the relevant modal stress intensity factors can be computed using the total CPU 

capacity of a certain workstation to run multiple calculation processes instead of a unique sequential 

calculation as previously described. Hence, it is possible to run multiple numerical analyses allowing 

each of them to compute an equal pre-defined number of modal stress intensity factors, which is a 

function of the number of processes. Subsequently, the computation of such values enables the 

assessment of the crack propagation using the macro illustrated in Figure 4.23. Thus, a new 

computational algorithm based on the parallel computing of modal stress intensity factors is proposed 

in order to minimize the computational time, see Figure 4.24. 

In the workflow accounting for parallel computing, firstly, for a certain iteration n, once the cracked 

local model is generated considering a defined crack path characterized by the sum of the sequential 

scaled crack increments, an, each of them related to the respective weighted kinking and twisting angle, 

  and  , respectively, the displacement fields obtained after the analysis of the global model are 

inputted. Subsequently, the numerical process started with an analysis carried out to compute the static 

parts of the stress intensity factors, KI,sta, KII,sta, and KIII,sta. Then, depending on the relevant number of 

the jth vibration modes, the amount of parallel computing processes, np, is defined and the attributed 

number of vibration modes analysed by each process, NoM, is specified. Considering the values 

established for np and NoM, for each parallel process the modal displacements of each vibration mode 

jp are inputted on the boundary nodes of the cracked local model and the respective modal stress 

intensity factors, KI,jp, KII,jp, and KIII,jp, are computed. It is important to emphasize that, since it is 

assumed that the local damage may not affect the global behaviour, the modal boundary displacements 

of each vibration mode imposed to the sub-model need to be computed only once and not at every single 

step. In cases where the relevant number of modes is not divisible by np, the first processes consider 

NoM vibration modes and the last one the remaining quantity. 

Due to numerical reasons or hardware constraints, the numerical analysis cannot be finished at the same 

time. For such reason, when a certain computing process is completed, a verification check is performed 

to evaluate if other ones are still running. Once all the numerical analyses are concluded, the parallel 

computing macro is closed, and the macro crack propagation (Figure 4.23) is triggered.  
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Figure 4.24 – Proposed workflow for parallel computing of the modal stress intensity factors for a large number 

of vibration modes of the structure. 

 

In the following section, firstly, using a Fracture Mechanics based approach, the abovementioned 

algorithms are applied in a residual fatigue life calculation of a welded bridge detail. Starting from a 

postulated initial defect (crack), the remaining fatigue life is computed from a crack propagation 

calculation using the equivalent stress intensity factors time-histories obtained superimposing a limited 

number of vibration modes. 
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4.5 RAILWAY BRIDGE CASE STUDY: FATIGUE CRACK PROPAGATION APPLICATION 

4.5.1 CONTEXT 

In the current section, the implementation of the previously proposed computational algorithms aiming 

at to analysing a postulated cracked welded detail of a composite railway bridge is described. Firstly, 

based on the work developed by Albuquerque et al. (C Albuquerque et al., 2015), several improvements 

to the workflows grounded on the concept of modal stress intensity factors and in the FE modelling 

aspects are proposed. Also, the achieved results are analysed and commented. Afterwards, considering 

the obtained data, the impact on the computational efficiency of the parallel computing process 

implementation is evaluated with reference to the single computing process. Some results of this section 

have been published in the journal paper entitled “Development of an efficient approach for fatigue 

crack initiation and propagation analysis of bridge critical details using the modal superposition 

technique” by Horas & Alencar et al., Engineering Failure Analysis, July 2018. 

 

4.5.2 ALCÁCER DO SAL RAILWAY BRIDGE: STRUCTURAL MODELLING 

The described computational algorithms were considered to simulate the fatigue crack propagation in 

an assumed cracked detail of the bridge over the river Sado, located in the Lisbon-Algarve railway 

connection in Portugal which opened to service in 2010. Such structure is a composite bowstring bridge 

composed of 3 continuous spans of 160 m, each of them suspended by a steel arch through 18 tension 

rods (see Figure 4.25). The railway track is installed on a concrete deck laid over a trapezoidal steel 

box-girder. At the tension hanger-to-deck connections, the deck has additional steel diaphragms and 

two diagonal strings, which transfer the suspension loads from the tension rods to the deck. Diagonals 

are 600 mm wide and have a thickness of 35 mm. The bridge was designed to support two ballasted rail 

tracks, nevertheless only the upstream track is in operation. More details of the entire crossing, including 

the approach viaducts, are given in Horas & Alencar et al. (Horas & Alencar et al., 2018) and Alencar 

et al. (G. Alencar, Ferreira, et al., 2018). 

 

Figure 4.25 – Railway bridge over the river Sado: global overview (C Albuquerque et al., 2015). 



Railway bridge case study: Fatigue crack propagation application 

 

199 

 

Considering shell and beam elements, Albuquerque et al. (C Albuquerque et al., 2015) developed a 

global numerical model of the bridge using the ANSYS (ANSYS, 2009) software. The cross-section, 

composed of a concrete slab and a steel box-girder, was modelled using shell elements with 4 nodes 

(SHELL181) with shear deformation and six degrees-of-freedom per node (three translations and three 

rotations). The remaining structural members, most of the diaphragms and diagonals, the arches and the 

tension rods were represented by beam elements (BEAM181 of ANSYS library). The assembly of the 

concrete slab and the upper flanges of the steel box-girder was performed using rigid link elements 

(MPC184 of ANSYS library) with zero mass. Additionally, in order to obtain accurate boundary 

displacement fields to input on the local model, the welded connection identified to perform the 

intended fatigue analysis was modelled with refined detailing in the global model. The designated 

diaphragm 51 and respective diagonals were simulated using 4-noded shell elements instead of beam 

elements and adopted a refined mesh. Locally, a maximum mesh size of 0.1 m was considered (Figure 

4.26b), while in the remaining global model, a coarse mesh with multiple sizes until 2 m was used 

(Figure 4.26a). 

 

 

(a) (b) 

Figure 4.26 – Partial view of the global numerical model of the bridge: (a) view of the deck, tension rods and 

arch and (b) diaphragm 51 and diagonals (C Albuquerque et al., 2015). 

 

In terms of materials, the numerical model was characterized considering the properties specified at the 

design stage. Although, in order to minimize the differences between the experimental values (natural 

frequencies, mode shapes and traffic-induced deformations) and corresponding numerical results, the 

Young modulus of the concrete, Ec, was calibrated and an optimum value of 43 GPa was achieved. 

Regarding the modelling task, using the same finite element software, a sub-model of the diaphragm 51 

was also conceived considering 20-noded solid elements with quadratic shape functions (SOLID186 of 

ANSYS library). Its geometry and material properties were defined according to the built structure, 

being such characteristics properly validated considering a non-cracked geometry and experimental 
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strains. Moreover, the modelling techniques used to conceive such model considered the demands of 

the proposed computational algorithm, namely the possibility of materializing the presence of an initial 

crack at the point of high-stress concentration, Figure 4.27 (C Albuquerque et al., 2015). 

In Figure 4.27c, the local model of the welded detail developed by Albuquerque et al. (C Albuquerque 

et al., 2015) is presented. The geometry was created using SolidWorks. Regarding the location of the 

initial crack, the hot-spots with high-stress concentration were evaluated after the loading of the 

uncracked sub-model by several train passage dynamic transient simulations using moving loads. The 

maximum normal stresses at the diagonal were always verified at the same location, allowing to 

conclude that a possible small defect can potentiate the initiation of a fatigue crack at the toe of the fillet 

weld around the cope-hole. Therefore, in this work, an initial through-thickness crack is explicitly 

modelled at that referred location, and residual fatigue crack propagation lives are estimated. 

  

(a) (b) 

 

(c) 

Figure 4.27 – Investigated connection at diaphragm 51: (a) internal cross-section of the deck, (b) critical 

welded detail and (c) previous sub-model of the welded detail with an assumed hypothetical through-thickness 

crack explicitly modelled (C Albuquerque et al., 2015). 

 

4.5.3 DYNAMIC LOADING AND TRAFFIC MONITORING DATA 

4.5.3.1 Structural monitoring system on Alcácer do Sal’s Bridge 

In January 2012 a structural monitoring system was designed and implemented in the railway bridge 

over the Sado River in the framework of the European Research Project FADLESS (Fatigue damage 

control and assessment for railway bridges), with the main goal of continuously characterize the traffic 

and the bridge’s structural behaviour in an autonomous way from a remote location (C. Albuquerque, 
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Calçada, et al., 2012). The components of such a monitoring system are illustrated in Figure 4.28. The 

global monitoring system is divided into five fundamental parts, constituted by the following modules: 

(1) Power system; (2), (3) Control and Acquisition system; (4) Bridge’s structure and traffic 

characterization system; and (5) Communication system (data transmission and remote access). These 

modules are interconnected between them and then connected to the Control and Acquisition system, 

which is responsible for handling all the acquisition process. 

The selected equipment for the Control and Acquisition system was of the CompactRIO (cDAQ-9172) 

series from the National Instruments (Figure 4.29), in order to handle the acquired data for the 

investigated structural details, using the corresponding Integrated Electronic Piezoelectric (IEPE) 

analogue input module NI 9237 for strain gauges and NI 9234 for accelerometers. The location of the 

Control and Acquisition system was near to the electric power source inside the bridge’s steel box. 

Thus, the cables that connected the acquisition system to the strains sensors installed in the rails and the 

details extended approximately by 40 meters. This remark is important in view of the need of “dummy” 

strain gauges to eliminate the influence of the length of the cables in the Wheatstone bridge resistances 

and thus in the measured strains. The cables remained connected to the acquisition system during the 

entire scheduled rail traffic events.  

 

Figure 4.28 – Components of the long-term monitoring system (C. Albuquerque, Calçada, et al., 2012). 

  

(a) (b) 

 

(c) 

Figure 4.29 – Photos of the selected Control and Acquisition equipment (cDAQ-9172): (a) Controller, (b) 

Chassis and (c) System modules 
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4.5.3.2 Railway traffic characterization system 

The traffic characterization was performed by means of three shear strain gauges installed in the web 

of one of the rails (see Figure 4.30) located in the rail track over the main bridge, within the context of 

the same experimental works described in the last subsection. These strain gauges are currently working 

appropriately, and have been tested in the context of the experimental campaign performed by Malveiro 

et al. (2018), which occurred in July 2016. The electric cables connected to the three strain gauges were 

protected within plastic tubes, which were conducted to the inside of the bridge’s steel box and 

connected to the Control and Acquisition System. The conversion of the measured shear deformations 

in the rail to axle loads was made by a calibration process, which involved a Load Test with locomotives 

of known axle weights crossing the main bridge with a low speed (Figure 4.31).  

 
  

(a) (b) (c) 

Figure 4.30 – Traffic characterization system by means of strain gauges installed in the rail’s web: (a) 

principle of axle load estimation, (b) after-installation and (c) protection of the strain gauges. (C. 

Albuquerque, Calçada, et al., 2012). 

 

Figure 4.31 – Shear stress ranges captured for the calibration process performed for a locomotive in the 

Load Test (Carlos Albuquerque, 2015) 
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The difference of shear strains at two consecutive measurement sections is proportional to the vertical 

load applied to the rail between them (see Figure 4.30a). This principle is the basis for the axle load 

measurement (Valério et al., 2005), denoted by F in Equation (4.75). The time step at which each peak 

of shear strains occur in the treated signal is used to compute the speed and axle spacing of each traffic 

event (Figure 4.31). 

 3 2( ) ( )S SF t t C = −   (4.75) 

 

The calibration procedure with a train of known axle weight allowed to determine constant C, which 

assumed a value equal to 0.707 for F in kN and  in 10-6 m/m. It is important to emphasise that this 

calibration process did not consider the train speed in the determination of the axle forces. Thus, in 

order to verify the accuracy of the traffic characterization system for trains with high circulating speed, 

several different crossings of the Alfa-pendular tilting train with an average speed of 220 km/h were 

measured. For this passenger train, the axle weights are well-known. The results of the different 

crossings compared with the expected estimated average weights of each axle are presented in Figure 

4.32. From the measured results, it was possible to verify the ability of the system to characterize the 

speed, the axle loads, the number and the spacing between train axles which pass over the railway line, 

which in general presented a relatively acceptable scatter for these parameters. Past recorded data 

measured with this traffic characterization system will be very useful for the fatigue life assessment of 

the investigated welded detail in the next section. 

 

Figure 4.32 – Measured axle loads for several crossings of the Alfa-pendular tilting train with the railway traffic 

characterization system (axle spacing dimensions: meters). 
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4.5.3.3 Measured railway traffic 

The fatigue analysis of the assumed cracked structural members was carried out considering the traffic-

mix scenarios prescribed by EN 1991-2 (EN 1991-2, 2003) (refer to Chapter 3) and Real Trains 

circulating on the bridge, as illustrated from the photographs taken with the IP camera installed on the 

bridge with the long-term monitoring system. The real traffic scenario characterized by Albuquerque et 

al. (C. Albuquerque, Calçada, et al., 2012; C Albuquerque et al., 2015) was used to construct a database 

in MATLAB consisting of a block of trains, storing for each train the following parameters: estimated 

constant speed, axle spacing, number of axles and corresponding axle loads. A passengers train and a 

freight train are illustrated in Figure 4.33. 

  

(a)  (b) 

Figure 4.33 – Examples of trains circulating on the bridge: (a) passengers train and (b) freight train (C 

Albuquerque et al., 2015). 

 

The monitored speeds for the passenger trains reached speeds varying between 200 and 220 km/h, while 

freight trains showed a higher speed scatter. This justifies the employment of dynamic analysis in order 

to perform fatigue crack propagation analyses. The employed traffic data in the analyses of the present 

thesis consisted of a block accounting for 565 trains, with a total tonnage of 0.52 million comprehending 

to a monitoring time of nearly two months. Therefore, the circulating trains correspond to an equivalent 

annual traffic volume of 3.1 million tons, which is inferior to the value of 25 million per year and per 

track foreseen in EN 1991-2 (EN 1991-2, 2003). More details about the characteristics of the monitored 

trains can be found in Albuquerque (Carlos Albuquerque, 2015). 

 

4.5.4 MODELLING IMPROVEMENTS 

The developments proposed in the present chapter are focused, in part, on the improvement of the 

previous sub-model conceived by Albuquerque et al. (C Albuquerque et al., 2015) without decreasing 

the computational efficiency. Therefore, considering the same geometric and material properties, a new 
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local model was developed (Figure 4.35). Among the changes performed in the local model, the 

following can be highlighted: 

i. Overall improvement of the mesh refinement, but, in order to limit the computational cost, the 

mid-side nodes of the solid elements in the areas of reduced importance for the local fatigue 

cracking were eliminated. Therefore, the 20-noded configuration was only maintained at the 

boundaries of the model and around the area with high-stress concentration, in which they are 

required for SIF calculations. Such modelling capability is available in the used software 

through the option “Remove mid-side nodes”. To achieve this and in order to preserve a 

coherent FE mesh and the compatibility hypothesis, the elements located in the transition zones 

require an intermediary node configuration (see in Figure 4.34 an illustration example for planar 

elements); 

 

Figure 4.34 – Examples of (a) compatible and (b) incompatible element assemblage in transition zones of 8-

noded elements to 4-noded elements (Bathe, 2014). 

 

ii. Enhancement of the mesh size discretization at the boundaries of the model through a more 

regular brick meshing, in order to obtain uniform stress fields without pronounced singularities. 

This enhancement also decreases uncertainties related to the sub modelling interpolation of the 

displacements field from the global model to the local model; 

iii. Modification of the weld corner geometry removing the singularity introduced by a one-quarter 

cylinder, allowing smaller initial crack lengths and improving the mesh refinement at the initial 

cracked area through a progressively increased mesh density, from the boundaries to the crack-

tip. With the modified geometry, an assumed initial crack size equal to 1 mm, which is a 

common value adopted in Engineering Critical Assessment analysis, with a smaller crack box 

at the crack-tip to compute SIFs was also achieved; 

iv. Remeshing of only regions affected by the crack growth, with remaining parts preserving the 

original mesh in an efficient manner. 

 

Coordinates and displacements

vary parabolically along both

element edges

3-node edge:

coordinate vary linearly but

displacements vary parabolically

2-node edge:

doordinates and

Displacements

vary linearly

2-node edge:

coordinates and

Displacements

vary linearly



Chapter 4  

206 

Since in the adaptive remeshing approaches, the model needs to be remeshed in every step (at least the 

region near the crack-tip), all the changes were automated in an algorithm for any possible crack length 

such that the computational benefit is accomplished for the entire analysis. The described enhancements 

of the modelling techniques may allow increasing the accuracy of the fatigue cracking numerical 

simulations, enabling to explore a new set of relevant analyses which are presented and scrutinized in 

the present chapter. 

 

Figure 4.35 – The improved numerical model of the critical detail (diaphragm 51) with an assumed initial crack 

size of 15 mm. An initial crack ai = 1 mm (most common) have also been tested with the improved sub-model. 

 

4.5.5 ANALYSIS ASSUMPTIONS 

The dynamic modal properties, mj, wj, and j were computed according to the geometry and materials 

characteristics after the calibration process. Regarding the modal damping ratio, , a constant value of 

0.5% was assumed for all the vibration modes, as recommended by EN 1991-2 (EN 1991-2, 2003) for 

steel-concrete composite bridges.  

According to Albuquerque et al. (2012; C Albuquerque et al., 2015), the Paris Law material-dependent 

parameters, C and m, were evaluated through crack propagation tests on compact tension (CT)  

specimens fabricated with the same material used in the bridge and a similar thickness to the one of the 

analysed welded detail. The limits for the stable fatigue crack propagation domain were established 

defining the material toughness, KC, equal to 1434 N/mm3/2. In other words, when the maximum 

equivalent stress intensity factor at one step, Keq, Equation (4.21), reaches KC, the analysis is interrupted. 

Such value was based on the maximum K determined at failure in fatigue crack propagation tests 

performed on CT specimens composed of identical material (C. Albuquerque, Miranda, et al., 2012). 

For the fatigue stress intensity factor threshold, Kth, a cut-off value of 63 N/mm3/2 was adopted 
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according to the BS 7910 (BS 7910, 2015), being disregarded its influence on the crack propagation 

rate, according to the celebrated Equation (4.17) for the Paris Law. 

Table 4.1 – Adopted Fracture Mechanics parameters for fatigue crack propagation analysis. 

C1 m1 Kth (N/mm3/2) KC (N/mm3/2) 

9.93 × 10-14 3.14 63 1434 

1Paris Law parameters set for data da/dN in mm/cycle and K in N/mm3/2. 

 

Regarding the computational aspects of the crack propagation, the employed crack branching criterion 

for the present analysis was the MTS (Subsection 4.2.7.1). Moreover, when an iteration is completed 

an arbitrary crack increment, ainc, of 5 mm is performed. Therefore, considering that additional crack 

length, a, related to each traffic loading is much lower than ainc, the equivalent number of traffic 

loading blocks, Bn, needs to be calculated. Albuquerque et al. (C Albuquerque et al., 2015) adopted an 

initial crack length, ai, equal to 15 mm, due to limitations of the legacy sub-model. In the present 

chapter, the improved sub-model permitted to consider smaller values for ai, up to 1 mm, in order to 

obtain more accurate remaining fatigue life predictions. 

 

4.5.6 RESULTS: RELEVANT NUMBER OF VIBRATION MODES 

Considering the size of the analysed structure, it is expected that only part of the modes significantly 

contributes to the total dynamic response. In this subsection, such an issue is analysed in terms of the 

mode shapes influence on the value of the stress intensity factors according to the concepts of modal 

superposition, in a similar fashion as performed in Alencar et al. (G. Alencar, De Jesus, et al., 2018). 

In the fatigue analyses performed by Albuquerque et al. (C Albuquerque et al., 2015), the contribution 

of 1500 modes for the calculation of the stress intensity factors was considered, which still led to a 

considerable excessive calculation time. In order to optimize the computational algorithm, the relevant 

modes for the dynamic structural response of the diaphragms 51 were determined. For such purpose, 

implementing the already described single computing algorithm, a reference calculation considering 

1500 modes and the heavy traffic-mix proposed in EN 1991-2 (EN 1991-2, 2003) was performed. In 

this analysis an initial crack length, ai, equal to 15 mm and a standard crack-box of 5 mm square side 

for the Virtual Crack Closure Technique (VCCT) implementation (Subsection 4.2.8.2) were used. The 

crack propagation simulation workflow comprised blocks of 51 trains and 29 crack increments and was 

completed in approximately 64 hours, confirming the relative computational efficiency of the 

methodology once an equivalent analysis using a direct time-integration algorithm, such as the 

Newmark (Clough & Penzien, 1993), would be impossible or would take considerably more time. Such 

analysis was performed using a personal computer with a 3.40 GHz i7-6700 CPU processor and 16 GB 
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RAM memory. For comparison purposes, the same computer was used in all numerical analyses 

detailed in the present chapter. 

In Figure 4.36, the crack propagation path, before the criterion for the unstable crack propagation has 

been achieved, is represented. Starting from an initial defect of 15 mm, under the loading of the heavy 

traffic scenario (EC3), the critical crack length, ac, would be reached after 1 year and 10 months. 

 

Figure 4.36 – Numerical crack propagation in the critical detail: 1500 modes, last iteration (Keq = KC) 

(diaphragm 51).  

 

As mentioned, the number of modes that significantly contributes to the magnitude of the stress intensity 

factor is considerably lower than 1500. According to the modal superposition principles, the value of 

the dynamic part of the stress intensity factor, Kdyn, can be calculated using Equation (4.68), where, the 

multiplication of the modal stress intensity factor Kj by the modal coordinate Yj allows obtaining the 

contribution of the jth vibration mode for Kdyn. Thus, in order to evaluate the relevant modes, for each 

instant of time, t, parametric analyses were performed establishing cut-off values under which the 

contribution of each mode for the dynamic part of either KI, KII, or KIII, and, consequently, Keq can be 

disregarded. In Table 4.2, the relevant number of modes for the dynamic analysis of the diaphragm 51 

and the respective adopted cut-off values are shown. Note that the relevant modes do not correspond to 

the first nth modes, but are selected in a sequential order skipping modes with little influence to the 

response. On the other hand, the initially selected 1500 modes corresponded to the first 1500 modes of 

the structure. As can be seen, the cut-off limit has a high influence in the number of considered modes. 

Table 4.2 – Relevant vibration modes: parametric analysis. 

Cut-off limit (N/mm3/2) 0.05 0.10 0.15 0.20 0.25 

Relevant no. of modes 972 808 685 697 540 

 

In Figure 4.37, the time-history of the dynamic part of KI, related to the passage of the standard Fatigue 

Train no. 5 prescribed in EN 1991-2 (EN 1991-2, 2003) for heavy traffic mix, is presented. In this 
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figure, the enforced cut-off at zero was not applied in order to allow a better comparison. The 

comparison between the time histories of the dynamic stress intensity factors obtained considering the 

reference values (1500 modes) and a reduced number of modes, allows concluding that a good 

agreement was achieved. Additionally, considering the 12 standard fatigue trains suggested in the same 

design code, similar comparisons were made for Keq, being achieved identical satisfactory results even 

though the agreement tended to be smaller for the highest cut-off values. 

 

Figure 4.37 – Comparison between the dynamic part of KI considering 1500 modes and 685 modes for Fatigue 

Train no. 5 crossing (EC3). 

 

Thus, taking into account the carried out parametric analyses and seeking to balance the computational 

efficiency and accuracy of results, 685 modes were adopted as the basis of the numerical calculations 

presented in the current chapter. Regarding the computation gain, adopting the same assumptions 

underlying the 1500 modes analysis, a numerical simulation considering 685 modes was performed 

again for the same traffic scenario and initial crack size above referred in this subsection. The failure 

criterion was achieved after 29 crack increments in 28 hours, considerably less time than the previous 

64 hours. Under the loading of the heavy traffic scenario, the critical crack length, ac, would be reached 

after the same 1 year and 10 months. Therefore, it can be concluded that the results achieved after the 

reduction of the vibration modes number were identical to the ones computed in the reference 

calculation. 

 

4.5.7 RESULTS: QUALITATIVELY VALIDATION AND SENSITIVITY ANALYSIS TO MIXED-MODE PROPAGATION 

For the previous analysis, since the crack planes of the initial defect were assumed perfectly 

perpendicular to the diagonal direction (x-axis, refer to Figure 4.35), it was noted that KII only had 

relatively important values in the very first steps of crack increments, immediately kinking the crack 

plane towards the direction perpendicular to the principal stresses, which follows the inclined transition 

of the diaphragm in the cracked region. On the other hand, at a relatively small distance of the cracked 

region, the principal stresses had a direction parallel to the diagonal direction (x-axis, truss behaviour). 
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Of course, this detailing practice implying a smooth change in the directions of the principal stresses 

was adopted in order to alleviate stress concentration in the connection (see Chapter 2 referring to 

improved detailing practices to achieve good fatigue design). 

Therefore, after these very first initial steps of crack increments, the crack propagation was then entirely 

dominated by the mode I, KI, as can be seen from the straight crack presented in Figure 4.36. Regarding 

Mode III, the obtained out-of-plane displacements (y-axis direction, refer to Figure 4.35) were very low, 

leading to values of KIII lower than 1% of KI. Thus, the influence of KIII, and hence of the twisting 

angle in the crack propagation direction was disregarded in the analysis. For this reason, the MTS crack 

branching criterion (modes I+II) was considered suitable to analyse the fatigue crack growth of this 

particular welded detail, without the need of using a more complicated 3D criterion as the MPS 

(Subsection 4.2.7.3). 

In this context, one noted the need to evaluate the sensitivity of the crack branching algorithm to the 

sliding effect (in-plane shear – Mode II) and its influence in the kink angle. This was attempted by 

reducing the net area of the diagonal by means of introducing a small hole near the previous crack 

growth direction. In Figure 4.38, the implication of the hole location is clearly shown, being such 

cracking pattern similar to the one that could be found in the fatigue analysis of a modified CT specimen 

with a side hole proposed by Silva et al. (Silva et al., 2017) for the study of mixed-mode (I+II) crack 

propagation. Also, Silva et al. (Silva et al., 2017) carry out several numerical simulations of fatigue 

cracking phenomena in which a comparable behaviour was found. 

 

Figure 4.38 – Qualitatively validation of the numerical crack propagation algorithm: sensitivity to sliding effect 

(mode II).  

 

In order to analyse the evolution of the relation between KI and KII, it was considered an analogy with 

the concept of equivalent stress range, , which is defined as the constant-amplitude stress range that 

would result in similar fatigue damage as the one originated by a certain acting stress spectrum, (t) 
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(refer to Chapter 3). Such parameter can be computed according to Equation (3.13), which is the same 

as the root mean cube of stress intensity factor amplitudes. Thus, considering the definition of  one 

may compute equivalent stress intensity factor amplitudes, for mode I and mode II, respectively, KI,eq 

and KII,eq. Finally, the relation between the acting equivalent stress intensity factor ranges, 

ΔKII,eq/ΔKI,eq, was computed for each crack increment (Figure 4.39). 

In Figure 4.39b, the low importance of KII in relation to KI for the fatigue crack propagation can be 

observed. Although, as already stated, due to the hole influence, the relevance of KII for the crack path 

definition increased during a certain crack extension. In comparison to the no-hole case (real condition), 

the sudden modification of the crack path was verified at the same crack length where the relation 

ΔKII,eq/ΔKI,eq changed significantly. Therefore, the achieved results prove the sensitivity of the crack 

branching algorithm to stress fields variations at the crack-tip area. 

 

(a) 

 

(b) 

Figure 4.39 – Qualitatively validation of the numerical crack propagation algorithm: sensitivity to sliding effect 

(mode II): (a) final crack propagation step and (b) influence on the intensity of KII. 

x (m) 
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4.5.8 RESULTS: FATIGUE LIFE PREDICTIONS 

In the previous preliminary numerical analyses, the bridge was loaded with heavy traffic-mix, as 

proposed in EN 1991-2 (EN 1991-2, 2003), and was assumed an initial through-thickness edge crack 

of 15 mm length at the welded detail, as was initially considered by Albuquerque et al. (C Albuquerque 

et al., 2015), due to geometry restrictions imposed by the CAD modelling of the legacy sub-model. In 

the present section, the remaining fatigue life predictions of a set of new crack propagation simulations 

are presented in Table 4.3 for the improved sub-model by employing the proposed workflows for the 

single process (Figure 4.23) and multiple processes (Figure 4.24). Different traffic scenarios were 

admitted. Regarding the initial defect, a crack length of 1 mm was adopted, which is consistent with 

Engineering Critical Assessment Analysis (BS 7910, 2015; IIW, 2016). For the workflow with parallel 

computation, the number of processes adopted, np, was 4, with the first 3 considering 171 vibration 

modes, NoM, and the last one analysing the remaining quantity, 172. 

Table 4.3 – Residual fatigue life predictions carried out in the present work. 

Analysis 
No. of 

modes 
Traffic scenario 

ai 

(mm) 

No. of 

Iterations 
CPU time 

(1 process) 

CPU time 

(4 processes) 

ac 

(mm) 

Remaining 

fatigue life 

(1) 1500 

Heavy traffic 

mix: EN 1991-2 

(EN 1991-2, 

2003) 

15 29 64 hours - 160 
1 year and 

10 months 

(2) 685 
Heavy traffic 

mix: EN 1991-2 
1 31 27 hours 11 hours 156 

2 years and 

1 month 

(3) 685 

Real traffic as 

measured by 

Albuquerque et 

al. (C. 

Albuquerque, 

Calçada, et al., 

2012) 

1 35 33 hours 14 hours 176 44 years 

 

Regarding the previous analysis considering 1500 modes, the improvements suggested that the 

computational algorithm considering only a single process, based on the enhancement of the FE 

discretization strategy of the local sub-model (refer to Section 4.5.3) and assessment of the relevant 

number of modes to the local cracking phenomenon (refer to Section 4.5.6), were found to increase 

significantly the effectiveness of the implemented framework, representing a reduction from 64 hours 

to 27 hours of computation time. Note that this was achieved even considering a smaller crack length, 

which theoretically could imply more iterations. 

Analysing the obtained fatigue lives, after assuming an initial defect of 1 mm, the computed prediction 

was relatively short when the traffic prescribed in EN 1991-2 (EN 1991-2, 2003) was considered, i.e. 2 
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years and 1 month. Despite these apparently threatening results, the risk of short-term collapse of the 

connection needs to be prudently checked, due to the initiation phase, which is being neglected in the 

present analysis. The initiation phase is believed to represent a large part of the fatigue life due to the 

structural robustness of the analysed bridge and, in particular, of the investigated welded detail, due to 

the high-quality welds observed during the inspection. However, initiation approaches are out-of-scope 

of the present thesis. Therefore, the calculated remaining fatigue life predictions related to the crack 

propagation can be considered as accurate when, for accidental reasons or defective construction, an 

initial edge defect of 1 mm size with crack-like characteristics exists along the entire weld toe line of 

the fillet weld located in the through-thickness direction. 

Concerning the large difference of fatigue lives obtained from the standard traffic to the measured one, 

2 years to 44 years, respectively, note that, despite the initiation phase being neglected, the bridge was 

design to carry 15 million tons per year per track according to Reis et al. (Reis et al., 2010), being 

foreseen two rail tracks on the deck. However, the current traffic corresponds to approximately 3.1 

million tons per year, and only one track is currently active. This is the common approach at the design 

phase since the bridge was designed foreseeing future traffic growth and presumable duplication of this 

line. In the carried-out simulations, only the currently active track was considered. 

Regarding the computation time, naturally, once the assumptions underlying the fatigue analyses did 

not change, the remaining life predictions and related parameters were found identical to the ones with 

a single process. On the other hand, when considering the parallel computing of 4 processes, a reduction 

of 57.5% was obtained in the computation time. In this particular case, 4 processes were the CPU 

hardware limit for the employed workstation. Of course, the computation times can further decrease if 

more processes are employed. 

In conclusion, the implementation of parallel computing, in complement to other improvements 

proposed in this chapter, allowed increasing the effectiveness of the numerical assessment of fatigue 

crack propagation issues significantly. In general, in the context of Civil Engineering structures, similar 

calculation times to the ones achieved are perfectly compatible with the pace of design, maintenance 

and monitoring operations. 

 

4.6 CONCLUDING REMARKS 

The following statements summarize the presented critical literature review on crack propagation 

approach relying on Linear Elastic Fracture Mechanics and the Finite Element Method: 

• From the reviewed literature, it can be concluded that Fracture mechanics provides a powerful 

means of assessing cracks and cracklike flaws through the concept of stress intensity factors, 

and in particular, the capability of estimating fatigue crack propagation rates, given that some 
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initial conditions are known in advance, such as the size and the shape of the initial defect with 

a certain accuracy. In this manner, the Linear Elastic Fracture Mechanics applied in conjunction 

with the Finite Element Method is today a well-established field of research and a successful 

tool in the industry; 

• On the other hand, one of the main disadvantages of the crack propagation approach using FEM 

and LEFM is the high demanding computational time and resources. The shortcomings are 

usually related to the need for adaptive remeshing and the high quantity of steps required to 

perform dynamic analysis of cracked structures at each crack increment; 

• Today’s most investigated aspects of LEFM are related to mixed-mode crack propagation since 

there is not a consensus on industry or academy on tests to assess the fracture toughness for 

modes II and III. Fatigue crack propagation under mixed-mode is a complex field of research. 

Although some fracture criteria being preferred, it still remains a lack of experimental 

confirmation of the most suitable crack branching criterion for certain applications and 

materials under mixed-mode propagation (I+II+III). 

 

Regarding the application of LEFM and FEM to the field of fatigue assessment of welded bridges, the 

following statements can be made: 

• The application of LEFM and FEM to assess the crack propagation of welded details of large 

structures, e.g. bridges subjected to the crossing of trains poses some challenges and high 

numerical efforts; 

• Important improvements were already achieved by Albuquerque et al. (C Albuquerque et al., 

2015), related with the concept of the modal stress intensity factor and perform dynamic 

analysis of cracked structures with the mode superposition method, besides the employment of 

the sub modelling technique; 

• Other improvements were proposed in the current chapter, such as appropriate FE meshing 

strategies in several regions of the cracked detail, analysis of the relevant number of vibration 

modes, and the proposed computational algorithm to perform the parallel computation of the 

modal stress intensity factors, which can further decrease the required computational time to 

perform crack propagation analysis of dynamically loaded structures if nonlinear behaviour can 

be neglected. 

 

Regarding the application of the proposed workflows to a railway bridge case study, one may refer: 
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• In this Chapter, an application of the modal superposition within a Fracture Mechanics 

framework was demonstrated. The residual fatigue life of a welded detail of a large railway 

composite steel-concrete bridge was estimated; 

• Starting from a postulated initial defect in the form a through-thickness edge crack of length 

equal to 1 mm, the remaining fatigue life was computed from a crack propagation calculation 

using the dynamic stress intensity factors time-histories obtained superimposing a limited 

number of vibration modes of the bridge global modal, which was developed in ANSYS 

(ANSYS, 2009). The framework employed the crack box technique (CBT) and the VCCT 

method to compute combined mixed-mode stress intensity factors at the crack-tip. The MTS 

criterion (modes I+II) was adopted for the crack branching criterion since from observed results 

the welded detail was not prone to out-of-plane shear, mode III; 

• Standard and Real Trains traffic were considered by means of an efficient dynamic moving 

loads approach. The multi-scale problem, with the bridge length in the order of kilometres, 

whereas the detail has a size in the order of millimetres was overpassed by a sub modelling 

technique based on prescribed imposed displacements in the context of the mode superposition 

dynamic analysis; 

• The final fracture occurred when the crack reached a critical length of 156 mm (Keq,max > KC,I), 

leading to unstable crack propagation after 2 years and 1 month when considering the standard 

heavy traffic mix and a volume of 25 million tons/year/track as ruled by EN 1991-2 (EN 1991-

2, 2003). Recall that these fatigue life estimations neglected the fatigue crack initiation phase, 

which is supposed to represent a large portion of the life of the connection. Also, the crack 

propagation rate was computed without explicitly considering the cut-off threshold limit (Kth) 

in the Paris Law Equation, which is a conservative approach. However, it is not a limitation of 

the proposed methodology to use more precise crack propagation laws. 
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5  
EQUILIBRIUM-EQUIVALENT STRUCTURAL STRESS METHOD 

AND MASTER S-N CURVE APPROACH 
 

 

5.1 INTRODUCTION 

Chapter 3 demonstrated that the current standard S-N procedures being used in bridge fatigue 

assessment details have some limitations. Despite the well-known limitations of the global-nominal S-

N method, it was also shown that the hot-spot stress approach, proposed in Annex B of EN 1993-1-9 

(EN 1993-1-9, 2005), can be strongly dependent on the mesh size. As large differences in fatigue 

assessment procedures, as well as underpredicted fatigue lives, should be avoided, much effort has been 

directed to the development of alternative methods for determining structural stresses that are intended 

to be less sensitive to the FE mesh discretization. One concomitant attempt to the surface stress 

extrapolation in order to provide such a single stress parameter was the use of primary stresses 

integrated (or linearized) across the thickness of a welded joint, often referred to as stress integration 

approach, which will be described in the first section of this chapter. A second attempt was the 

computation of structural stresses from nodal forces and nodal moments of the FE solution, the so-

called equilibrium-equivalent structural stress method, which proved to reach more consistent results 

in relation to FE mesh size and will be reviewed in the second section. A consistent stress parameter 

may lead to the establishment of a fatigue strength criterion. Therefore, in the third part, the 

development of the so-called Master S-N curve approach will be described, a method grounded into 

principles of Linear Elastic Fracture Mechanics, reviewed in Chapter 4. In the fourth section, a 

numerical post-processor based on structural stresses and developed in the context of this thesis for 

ANSYS will be detailed.  

 

5.2 STRUCTURAL STRESS INTEGRATION APPROACH 

5.2.1 STRESS LINEARIZATION ACROSS THICKNESS: ASME APPROACH 

The stress integration approach has its origin in the ASME Boiler and Pressure Vessel Code Sec. VIII 

Div. 2 (1968), which as early as 1968 adopted a procedure based on stress linearization in alternative 
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to the conventional parametric formulae based on stress concentration factors to determine primary 

stresses at welded connections to be used for the fatigue assessment according to the S-N curves 

approach. This method has also been called the ASME linearization method (P. Dong et al., 2007). 

According to this approach, the distribution of the structural stress (s) through the plate thickness is 

usually the sum of membrane stress (m) and the bending stress (b). These stress distribution at welded 

joints is actually non-linear. The stress components of this non-linear relationship can be separated into 

the membrane stress, bending stress and non-linear peak stress (nl), as shown in Figure 5.1.  

 

Figure 5.1 – Stress definitions for welded joints considering through-thickness linearization and surface 

extrapolation methods. 

 

Then, stresses linearization became a common practice in mechanical engineering design, in which 

membrane and bending components are analytically described as follows: 
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where x(y) represents the total normal stress distribution (with respect to the crack plane) considering 

any stress singularities due to the presence of sharp notches, and nl(y) represents the nonlinear stress 

peak at the weld toe. In this manner, the single linearized stress parameter is obtained at single points 

of the structure for the goal of fatigue assessment, usually located in the interface positions, i.e. in plate-

to-plate joints, where the primary stresses are maximum. It is computed as the sum of linearized bending 

and membrane stresses, as follows: 

   = = +s mASME b
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Differently from the hot-spot stress method, the ASME approach is able to consider the stress gradient 

across the thickness of a welded joint. The hot-spot method, on the contrary, is only a point of view of 

the surface stress concentration, because its extrapolation is only across the surface. However, as 

pointed out by Radaj (Radaj, 1990), the ASME linearization method should fail too in the presence of 

heavy transverse shear in the notch cross-section because the transverse shear notch stresses occur 

independently of the internal tensile and bending stress patterns under consideration. Another 

disadvantage, when used in conjunction with the FE method, is that the plane at the interface is highly 

mesh-sensitive because of the singular geometric shape. 

 

5.2.2 STRESS LINEARIZATION ACROSS THICKNESS: 2D DONG’S STRESS INTEGRATION APPROACH 

On the other hand, seeking for single stress parameter that could relate the fatigue strength of a wide 

range of welded structures with different geometries and loading modes, and trying to improve the 

ASME linearization method, Dong (P. Dong, 2001) proposed a structural stress which lies in elementary 

structural mechanics theory applied to the local weld geometry. It is founded on the static equilibrium 

of a body represented by an area (for 2D structures) or volume (for 3D structures) near the weld, isolated 

on the basis of Saint-Venant’s principle. Such isolation allows the balance of externally applied forces 

to one side of the cut section by the internal forces of the body (Figure 5.2). The section on which the 

plate is cut (B – B) is parallel to the section at the weld toe (A – A), which is usually called the 

hypothetical crack plane. Depending on the finite element solution available, the equilibrium of 

moments and forces may be replaced by an equilibrium of stresses. 

 

Figure 5.2 – Through-thickness stress linearization and corresponding equilibrium for a section cut at B-B from 

a distance  to the weld toe (P. Dong, 2001). 

 

Such equilibrium, differently from the ASME linearization method, must also consider the contribution 

of the shear stress acting in the faces of the isolated body. Moreover, the cut is performed at a certain 

distance from the weld toe,  which theoretically can exclude the influence of the singularity field near 

the weld notch in the determined structural stress. Therefore, instead of performing the stress 
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linearization in the same location as the weld toe, Dong and multiple co-workers proposed in early 

works that it should be performed at a distance  from the weld toe, which yields to: 

0

1
( ) = 

t

m x y dy
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Although there is no recommendation on a fixed value of , it is a common thought that the most 

appropriate is to set it at least from a distance higher than 0.4×t from the weld toe, since it is observed 

from several finite element analysis and experimental measurements that the non-linear effects due to 

weld notch is usually confined within this distance. 

The structural stress parameter according to Dong and multiple co-workers was proposed to be 

integrated across the whole thickness of the plate because it results from most experimental fatigue tests 

with small-scale specimens that the failure is defined when the crack reaches the through-thickness size 

or at least is very near to reach this condition (a/t ≈ 1). This is supported in the fact that, once the 

through-thickness crack size is achieved, very few cycles separate this condition from the final fracture 

across the entire width of the small-scale tested specimen, since short widths are usually adopted (in the 

size order of 100 mm), and the crack growth ratio are much higher in the final stages of the crack growth 

according to the Paris-Erdogan Law. For edge cracks and cracks growing from both surfaces of joints 

with symmetry, the stresses acting at the lower boundary of the area, i.e. in the depth t1, have also to be 

included in the above-mentioned equations, because the lower boundary is no more a free surface 

(Figure 5.3). In this case, the following equations apply: 
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Figure 5.3 – Stress linearization only up to a certain distance t1 (Bhargava, 2010). 
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However, some shear components of the structural stress were neglected in the original formulation of 

the Dong and multiple co-workers integration method, which involved some additional source of 

inaccuracy, mainly for 3D structures, see Figure 5.4. This was because the early proposed 2D structural 

stress integration approach was not intended to be used for general cases, being most suitable for mode 

I dominant cracking. 

 

Figure 5.4 – 3D scheme for the structural stress definition considering some shear stress components which 

contribute to the static equilibrium (Ilkka Poutiainen et al., 2004). 

 

This was first pointed out by Poutiainen et al. (2004), who recommended a more embracing stress 

integration definition for the structural stresses, as follows: 
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where w is the width of an isolated 3D block in front of the weld. The structural stress can be determined 

both from shell and solid elements. Most of the early presented examples of applications of the structural 

stress with a stress integration scheme were restricted to planar problems or at least to 3D problems that 

can be idealized with planar (shell) elements without compromising the accuracy of the method in the 

related cases (P. Dong et al., 2002). The mesh insensitivity was demonstrated by some examples; 

however, mostly consisting of 2D simple joints (I Poutiainen et al., 2004). In fact, Nussbaumer & 

Grigoriou (Nussbaumer & Grigoriou, 2016) observed that there is considerable ambiguity on how 

structural stresses based on stress integration should be computed with results obtained from 3D FE 

models especially when there is a significant three-dimensional variation of the stress field. A usual 

approach for 3D problems is to apply the method as in the 2D case by considering only the nodal stress 

values on the XY symmetry plane (see Figure 5.5), ignoring all the remaining shear stress components 

xz 
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which also contribute to the equilibrium. In order to apply the stress integration approach to 3D welded 

bridge details, the next sections present some developments on a generalized framework for this 

purpose. 

 

5.2.3 STRUCTURAL STRESS INTEGRATION FRAMEWORK FOR 3D WELDS 

In order to establish a generalized framework for the computation of structural stresses from stress 

integration schemes, Equations (5.9) and (5.10) were reviewed and extended to the local equilibrium of 

a 3D block in front of the hypothetical crack face, including all the shear stress contributions neglected 

in the original formulation. Note that “structural” forces and moments are understood as any forces and 

moments acting in an isolated block near the weld seam, rather than nominal forces acting far from the 

weld. Consider, for example, a three-dimensional isolated body (Figure 5.5), where two reference 

sections are defined, the first at the weld toe (ADD’A’) and the second distant  from the weld toe 

(BCC’B’). A local coordinate is established with its origin defined at point A. 

 

Figure 5.5 – 3D isolated body: a schematic example. 

 

From the results of a finite element solution, it is clear that for each node lying on a face of the 3D 

isolated block there is a tensor  ij
 containing all stress components that could be defined in the local 

coordinate system: 
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Three areas can be defined in the isolated block, excluding the free surfaces and the area at the weld toe 

where is supposed to be the hypothetical crack plane: 

1 ' ' 2 ' ' 3 ' ',      ,      = = =BCC B BAA B CDD CS A S A S A  (5.12) 

 

Therefore, it is possible to define dS1, dS2 and dS3 as: 

1 2 3( ),      ( ),      ( )=  =  = dS dz dy dS dx dy dS dx dy  (5.13) 

 

Then, becomes that the structural forces normal to the weld seam (x-axis) for each step of the solution 

and in each face of the 3D block, excluding the free surfaces, can be defined as: 
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The 3D membrane structural stress, 3m D , can be defined thru forces equilibrium along x-axis 

direction: 

0= Fi
F  (5.15) 
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where iF is the number of structural forces participating in the static equilibrium of the 3D block. Now, 

consider the moment equilibrium with respect to line AD,  

0= Mi
M  (5.17) 

 

where iM is the number of moments components acting in the isolated 3D block. For the above-

mentioned imposed reference, the following bending moments components can be defined: 
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where 3b D  is defined as the 3D bending structural stress. Thus, substituting Equations (5.18) – (5.25) 

into Equation (5.17) and isolating 3b D  it becomes: 

3 2

6
 = 

Mib D M
wt

 (5.26) 

 

The structural stress for each step of the solution is now designated as 3D structural stress and is defined 

as the sum of the 3D membrane structural stress and the 3D bending structural stress, as follows: 

3 3 3  = +s D m D b D  (5.27) 

 

Substituting Equation (5.26) and (5.16) into (5.27) yields to: 
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The double integrals of Equations (5.14) and (5.18)–(5.25) can be computed directly from the stress 

solution obtained with a common FEA software. For example, in the context of the ANSYS program, 

these integrals can be obtained by first mapping the results onto a pre-defined surface in the global 

coordinate system (that could be any of the surfaces designated as S1, S2 and S3). This action will be 

responsible for interpolating and storing the nodal stress results data. The level of refinement can be 

specified, which will allow performing the double integrals with more or less discretization. 
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Theoretically, such an approach could work both for fine and coarse meshes. For example, Figure 5.6 

illustrates the isolation of a set of volumetric elements with relatively fine mesh representing the 3D 

blocks. 

 

Figure 5.6 – Example of 3D isolation block containing a set of volumetric elements [adapted from Nussbaumer 

& Grigoriou (Nussbaumer & Grigoriou, 2016)]. 

 

Then, after the averaged nodal stress results data are stored, for each value it must be associated a local 

coordinate pair, i.e. a cartesian coordinate (x, y) in the local coordinate system of the surface. All this 

data can be stored in matrices and exported to ASCII files, in order to be imported to MATLAB and 

compute the double integral by a common numerical procedure, as for example by solving two 

successive integrals with the trapezoidal rule. Otherwise, one could choose to solve the double integrals 

inside ANSYS with the available built-in mathematical functions, referred to as APDL Math. In the 

case of multiplication by one of the indefinite variables inside integrals in Equations (5.18), (5.21) and 

(5.23) (x or y), the interpolated stress components must also be multiplied by the corresponding axis 

coordinate before solving the double integrals, either in ANSYS or in MATLAB. It is important to 

highlight that the same procedure is also valid to shell elements and partial thickness up to a certain 

value t1. In the former case, the double integrals become simple integrals – Equations (5.9) and (5.10) 

–, and, in the latter, it must be considered more integrals in the equilibrium equations corresponding to 

a bottom surface S4 defined by a horizontal cut at the partial thickness, t1 (area BCDA in Figure 5.5 for 

t = t1). In the following section, some welded constructional details were selected to exemplify the 

application of the 2D Dong’s stress integration approach and the 3D structural stress integration 
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framework considering different mesh sizes in the context of the own work related to this doctoral 

thesis. 

5.2.4 EXAMPLES OF APPLICATION OF THE STRUCTURAL STRESS INTEGRATION APPROACH 

5.2.4.1 Flat plate welded to a T-profile (FPSO Hyundai tests): 2D Dong’s approach 

Fricke & Kahl (Fricke & Kahl, 2006) and Niemi et al. (Niemi et al., 2018) have demonstrated the 

application of Dong’s stress integration approach for a loaded stiffener on a T-bar representing a 

connection being subjected to shear and bending (Figure 5.7). The critical fatigue position is the weld 

toe on the upper plate edge of the flat bar. The model was investigated experimentally by Kim & 

Lotsberg (W. S. Kim & Lotsberg, 2005). The force amplitude F, equal to 12.10 kN, was chosen such 

that a nominal bending stress of 100 N/mm2 is acting at the welded toe. According to Fricke & Kahl 

(Fricke & Kahl, 2006) a quadratic extrapolation to the weld toe using three strain gages at reference 

locations of 4, 8 and 12 mm yields a mean structural stress concentration factor Khs of 1.85. Niemi et 

al. (Niemi et al., 2018) applied 2D Dong’s structural stress integration approach to obtain the structural 

stresses using shell elements and assuming a depth crack of 20 mm, having obtained from the finite 

element solution a value equal to 192.6 N/mm2. 

 

(a) (b) 

Figure 5.7 – (a) Loaded stiffener on a T-bar and (b) shell modelling of the critical area near the weld (Niemi et 

al., 2018). 

 

In the present thesis, the same detail was modelled with 8-noded shell elements (SHELL281) with 

ANSYS (see Figure 5.8) in order to compare the results of the 2D Dong’s stress integration approach 

for a partial thickness integration (t1 = 20 mm) with the conventional hot-spot stresses determined on 

the basis of surface extrapolation, type “b” (IIW, 2016). The welds were modelled according to 

recommendations of Niemi et al. (Niemi et al., 2018), by adopting an average equivalent thickness of 

15 mm for the shell elements in the weld region in red (Figure 5.8). The dimensions of the model are 

available in DNV (DNV, 2016). The obtained results are shown in Figure 5.8, representing a good 

match with the stress value obtained by the abovementioned authors in the original work. There is also 

a clear indication of the high mesh sensitivity of the conventional hot-spot method, while the structural 

stresses determined on the basis of stress integration changed less than 1.5% for the different mesh sizes 

of 0.2t (2 mm), 0.5t (5 mm) and 1.0t (10 mm). Moreover, it was observed that the bending stress 
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component represented the major part of the total structural stress. Therefore, one might suppose that 

when in the presence of high bending stresses may exist a large difference between the structural stress 

determined on the basis of surface extrapolation or using the stress integration approach based on 

mechanical equilibrium.  

 

Figure 5.8 – FE modelling of the loaded stiffener welded on a T-bar and structural stress values comparison 

for 2D Dong’s stress integration approach and the Hot-spot stress surface extrapolation. 

 

It is important to highlight that the nodal stresses are given usually as average nodal stresses across the 

thickness for shell elements, or by layers representing different positions across the thickness. In 

particular, for ANSYS, the element SHELL281 present three layers by default (top, middle and bottom). 

Since the load applied to the flat bar is positioned at the centre of the flat plate in the transverse direction, 

there is no eccentric bending acting on the shell, and the nodal stress across the three layers are equal 

for each individual node. Therefore, regardless of the selected shell layer for computation of the 

structural stresses, the final values will be the same for this example. In the following section, it will be 

presented an example where there is eccentric bending across the thickness. 

 

5.2.4.2 Bridge web gusset: 3D structural stress integration framework example 

Herein the author presents one example of the application of the 3D structural stress integration 

framework in the region of maximum structural hot-spot surface stresses (type “b”) of the lateral 

connection plate detail (Figure 5.9b) of a simply-supported railway girder bridge FE model (Figure 

5.9a) subjected to the static loading of the FT5 (refer to Table 3.9). Two finite element models were 

developed, a first model using 20-noded quadratic solid elements and a second model using 8-noded 

quadratic shell elements (Figure 5.9c). More details of the solid model can be found in Alencar et al. 
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(G. Alencar, Ferreira, et al., 2018). In the current example, it was hypothetically assumed that a fatigue 

crack would happen in the plane A – A, located in the upper toe of the weld gusset, although field 

experience demonstrates that the most critical point in terms of fatigue crack initiation is located in the 

lower toe of the referred weld, and a fatigue crack growing in the web would be more critical than in 

the gusset (Guilherme Alencar et al., 2019). However, the upper toe point analysed in this demonstration 

study is also subjected to normal tensile stresses under the action of the train loading, thus satisfying 

the opening mode (Mode I crack, refer to Chapter 4), since the horizontal diaphragms are responsible 

for developing out-of-plane forces (Figure 5.9b). This is a classic example of combined distortion and 

load-induced fatigue phenomenon. The purpose of this example is to demonstrate the eccentric local 

bending across the thickness, and the required caution that is necessary when applying the stress 

integration approach to determine the structural stresses in such situations. 

 

(a) 

 

 

(b) (c) 

Figure 5.9 – (a) Fatigue train no. 5 acting on the bridge, (b) investigated location for illustration purposes and 

(c) shell FE model developed to apply the 3D structural stress integration framework. 

 

The gusset plate and the web plate have a thickness of 20 mm and are joined by means of fillet welds 

with 7 mm leg length, a. In the shell model, the welds were modelled adopting the same procedure 

mentioned in the last section, with an average thickness of 27 mm. In the solid model, the welds were 

fully modelled by adopting their nominal design dimensions. In the present example, it was adopted  

= w = t = 20 mm. 
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The results of the 3D stress integrations considering five mesh sizes (1×1 mm,  2×2 mm, 4×4 mm, 5×5 

mm, and 10×10 mm) are reported in Figure 5.10 to Figure 5.11, for structural stresses, membrane 

stresses and bending stresses, respectively. In general, a mesh-insensitivity is observed for the structural 

stresses, with a relative standard deviation of 2.74% for the shell models and 1.72% for solid models. 

The shell models tend to present higher values than the solid models, which was expected since the 

weld modelling with equivalent thickness is a conservative approach, often used in the design phase. 

 

Figure 5.10 – Structural stresses according to 3D structural stress integration framework. 

 

Figure 5.11 – Bending stresses according to 3D structural stress integration framework. 
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Figure 5.12 – Membrane stresses according to 3D structural stress integration framework. 

 

Differently from the example of a flat plate welded to another plate forming a T-joint, in the present 

example, despite the bending normal to the crack plane, it was also observed eccentric bending, as can 

be clearly seen from the longitudinal normal stress contour plot of the solid sub-model under static 

loading of Fatigue Train No. 5, as shown in Figure 5.13. For the shell model, this observation is 

particularly important, because to obtain similar results in terms of structural stresses for both models 

based on either shell or solid elements there is the need to obtain an average nodal stress solution across 

the three shell layers (top, middle and bottom) available from the FE software (ANSYS, 2009). 

 

Figure 5.13 – Stress contour plot of the normal longitudinal stresses under static loading (solid model). 
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stresses projected on each plane, and not every FE program made available a practical way to determine 

stresses projected to planes different than those defined by the global cartesian coordinate system. This 

is because the interpolated stress matrices that describe the stress distribution in each projected plane 

needs to be rotated to different local coordinate systems in case of curved or inclined welds, rather 

complicating the analysis. Moreover, for curved welds, it would be more appropriate to define a local 

cylindrical coordinate system, in order to become more practical to integrate over a curved area. A loss 

of consistency can easily be achieved between two adjacent 3D blocks with two different local 

coordinate systems. This can be seen as the first disadvantage of the stress integration approaches in 

order to compute the structural stresses in multiple locations along a weld path. 

For the results shown in the last section, a post-processor routine based on a 3D stress integration 

scheme was developed in the ANSYS program and used to compute the relevant structural stress 

parameters of the numerical examples. However, due to the abovementioned lacks and limitations, it 

works only for regular 3D blocks near the weld, without the ability to rotate the projected interpolated 

stress matrices to different planes than those defined by the global coordinate system. 

A second disadvantage of the method is that the computed structural stresses will be sensitive to  and 

w dimensions, the length and width of the 3D block, respectively. This will, in turn, impose prescribed 

requirements to the mesh. The adoption of different values of  and w would imply different fatigue 

strength definitions, in a very similar way as with the hot-spot stress method for the reference points for 

surface stress extrapolation. Moreover, since the required length of  was initially found in literature as 

equal 0.4t to avoid nonlinear effects near the weld notch, this can, in turn, impose a relatively small size 

for the first row of elements in front of the weld, losing the ability to use coarse FE models, as pointed 

by Radaj et al. (Radaj et al., 2006). Nowadays, as pointed by Radaj et al. (Radaj et al., 2006), structural 

stresses with a stress integration scheme seem to have been abdicated. 

Thus, the two mentioned disadvantages motivated Dong and co-authors to develop a structural stress 

procedure recovered from nodal forces and nodal moments, since they are often available from the FE 

solution, being more practical to operate than stresses in the case of welds with complicated geometry. 

In the following section, the details of such an approach will be investigated. 

 

5.3 STRUCTURAL STRESS APPROACH BY NODAL FORCES AND NODAL MOMENTS 

5.3.1 STRUCTURAL STRESS DERIVATION PROCEDURE 

The disadvantages of the stress integration approaches described in the previous section motivated the 

development of an approach to determine structural stresses based on the local equilibrium of nodal 

forces and nodal moments at the weld line, which theoretically may achieve more consistent results. In 

the context of the displacement-based Finite Element method, the primary solutions are given in terms 
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of displacements (Bathe, 2014). For example, for linear static analysis and firstly considering only shell 

elements, one must solve the following equation: 

[ ][ ] [ ]=K U F  (5.29) 

 

where [K] is the global stiffness matrix with dimension N×N, [U] is the vector of displacements and 

rotations with dimension N×1, [F] is the vector of external applied nodal forces and nodal moments 

with dimension N×1, and N is the number of degrees of freedom of the system. Vector [U] contains the 

displacements and rotations of all nodes in the global coordinate system, and the global stiffness matrix 

is formed by appropriately assembling the stiffness matrices of each element, [Ke]. After solving 

Equation (5.29), the vector containing the internal element nodal forces and nodal moments acting on 

each node of the individual element next to the weld line, [Fe], can be computed as follows: 

[ ][ ] [ ]=e eK U F  (5.30) 

 

Note that the above computations consider that the individual element is “separated” of the remaining 

set. The dimensions of [Fe] and [Ke] are respectively N×1 and N×N, and hence the empty positions 

associated with the others degrees of freedoms are filled with zeros. After obtaining the nodal forces 

and nodal moments in an individual basis and in a global reference level, [Fe] must be transformed to a 

local coordinate system in reference to a hypothetical crack plane present in the weld line, as follows: 

[ '] [ ][ ]e eF T F=  (5.31) 

 

where [T] is the appropriate rotation matrix built-up of sines and cosines of the angles between the 

global and local coordinate systems and [Fe’] is the vector containing the nodal forces and nodal 

moments acting in the individual element in the local coordinate system. The local coordinate system 

is defined by the axis y’ normal to a hypothetical crack plane, which is parallel to a tangent (x’-axis) of 

a function defining the continuous weld path from a set of interconnected nodes, see Figure 5.14. 
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Figure 5.14 – A series of inter-connected nodes along a continuous weld line and the local coordinate system 

convention for welds modelled with shell elements (P. Dong, 2005). 

 

Such nodal forces and nodal moments in the local coordinate system are primarily derived from 

displacements in the displacement-based finite element method formulation, and this is one of the 

reasons that it is believed that the structural stresses obtained in this manner can be more consistent and 

less sensitive to the mesh size. The second reason is that nodal forces and nodal moments always 

guarantees the local equilibrium, differently from stresses in a finite element basis.  

The computation of structural stresses is done by a process called structural stress recovery, by which 

the nodal forces, Fi, and nodal moments, Mi, in the local coordinate system are firstly converted into 

linear forces (forces per unit of length), fi, and linear moments (moments per unit of length), mi, acting 

on the weld path. From the local equilibrium of an individual element: 

' '
0

( )= 
l

y i yF f x dx  (5.32) 

' '
0

( )= 
l

y i i yF x f x xdx  (5.33) 

' '
0

( )= 
l

x i xM m x dx  (5.34) 

' '
0

( )= 
l

x i i xM x m x xdx  (5.35) 

 

When modelling welds with the finite element method during the design phase, 4-noded shell elements 

with linear shape function are preferred instead of solid elements, due to reduced computational costs 

and simplicity of modelling. Moreover, nodal forces and nodal moments are readily available for shell 

elements from the FE solution. In an individual basis, firstly consider a unique 4-noded shell element 
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with one side over the weld line (Figure 5.15). In this particular case, solutions of the equilibrium 

Equations (5.32) – (5.35) yields to: 

1 1 2

2
(2 )= −f F F

l
 (5.36) 

2 2 1

2
(2 )= −f F F

l
 (5.37) 

1 1 2

2
(2 )= −m M M

l
 (5.38) 

2 2 1

2
(2 )= −m M M

l
 (5.39) 

 

Figure 5.15 – A rectangular shell element with one side over the weld line (M. Kim et al., 2010). 

 

Alternatively, the nodal forces and nodal moments from Equations (5.36) – (5.39) can be isolated as 

follows: 

1 1 2(2 )
6

= +
l

F f f  (5.40) 

2 2 1(2 )
6

= +
l

F f f  (5.41) 

1 1 2(2 )
6

= +
l

M m m  (5.42) 

2 2 1(2 )
6

= +
l

M m m  (5.43) 

 

For the computation of the structural stresses for a row of elements in front of the weld line, the 

equilibrium must consider the influence of adjacent elements. Take, for example, two adjacent elements 

(Figure 5.16). Since most likely, there is a linear force or moment discontinuity across the boundary, 

Equations (5.40) – (5.41) become: 

1 1 2(2 )
6

= + Ll
F f f  (5.44) 
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2 2 1(2 )
6

= +L Ll
F f f  (5.45) 

2
2 2 3(2 )

6
= +R Rl

F f f  (5.46) 

2
3 3 2(2 )

6
= + Rl

F f f  (5.47) 

 

Figure 5.16 – Structural stress recovery in two adjacent shell elements (Z. Wei et al., 2013). 

 

The same Equations can be obtained for linear moments. Instead of using the virtual work principle to 

overcome the discontinuity, a simple illustrative approach was provided by Dong and co-authors by 

setting 2 2 2= =L Rf f f  at node 2. Then, it becomes: 

1 1
1 1 2

3 6
= +

l l
F f f  (5.48) 

1 2 1 1 2 2
2 2 2 2 1 2 3 1 2 3

( )
(2 ) (2 )

6 6 6 3 6

+
= + = + + + = + +L R L Rl l l l l l

F F F f f f f f f f  (5.49) 

2 2
3 2 3

6 3
= +

l l
F f f  (5.50) 

 

For n-elements in the row, the following formulae are proposed in a more general form: 

1 1
1 1

( )

6 3 6

− −
− +

+
= + +i i i i

i i i i

l l l l
F f f f  (5.51) 

1 1
1 1 2

( )

6 3 6

+ +
+ + +

+
= + +i i i i

i i i i

l l l l
F f f f  (5.52) 

1 1 2 2
2 1 2 3

( )

6 3 6

+ + + +
+ + + +

+
= + +i i i i

i i i i

l l l l
F f f f  (5.53) 

 

Assuming a closed weld path, i.e. the last node coinciding with the first one, Equations (5.51) – (5.53) 

can be expressed in the following matrix form: 

[ ] [ ][ ]=F L f  (5.54) 
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1 1 1

1 1 2 2

1 1

2 22 3 32

3 3

2 1 1

1 1 1

( )
0 0 . 0

3 6

( )
0 . 0

6 3 6

( )
0 0 0

6 3 6

0 0 . . . 0

( )
. . . .

3 6

( )
0 . . 0

6 3

−

− − −

− −

+ 
 
 

+ 
    
    

+       
=     

    
    

+       
 
 

+ 
  

n

n n nn n

n n

l l l

l l l l
F f

F fl l ll

F f

l l lF f

l l l

 
(5.55) 

 

where n is the number of nodes in the weld path; [L] is an interpolation matrix; [F] is the vector of nodal 

forces and [f] is the vector of linear forces. Note that there are n – 1 elements for a total of n nodes. For 

open weld paths, ln-1 will drop off from the first diagonal position, and l1 will drop off from the last 

diagonal position. For nodal moments and linear moments, the same applies: 

[ ] [ ][ ]=M L m  (5.56) 

 

In the case of 8-noded elements with mid-side nodes and quadratic shape function, Dong et al. (2010) 

derived the following matrix on the basis of the same approach (which was herein slightly modified for 

closed weld paths): 

( 1)/2 1 1 1

1 1 1

1 1 1 2

( 1)/2 ( 3)/2 ( 1)/2 ( 1)/2

( 1)/2 ( 1)/2 ( 1)/2

( 1)/2 ( 1)/2 ( 1)/2 1

2( )
0 0

15 15 30

8
0 0

15 15 15

2( )
. 0 0

30 15 15

0 0 0 0[ ]

2( )

15 15 30

8
0 0

15 15 15

2(
0 0 0 0

30 15

−

− − − −

− − −

− − −

+ −

− +

=

+ −

− +

n

n n n n

n n n

n n n

l l l l

l l l

l l l l

L

l l l l

l l l

l l l l )

15

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 
(5.57) 

 

Note that there are (n – 1) / 2 quadratic shell elements for a total of n nodes. Because [L] is a symmetric 

positive-definite matrix, the solutions of the linear system represented by Equations (5.55) and (5.57) 
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always can be determined. For open weld paths, l(n–1)/2 will drop off from the first diagonal position, and 

l1 will drop off from the last diagonal position. Thus, the second step of the structural stress recovery 

procedure, after the nodal forces and nodal moments have been determined for each local coordinate 

system, consists on solving Equations (5.58) and (5.59) by computing the inverse of [L]: 

1[ ] [ ] [ ]−=f L F  (5.58) 

1[ ] [ ] [ ]−=m L M  (5.59) 

 

The third step consists on dividing the linear forces at each node (unit: N/m) by the plate thickness (unit: 

m), t, (or length of “integration” for partial through-thickness failure), thus obtaining the vector of 

membrane stresses, [m] (unit: N/m2) and the linear moments at each node (unit: Nm/m) by the bending 

elastic modulus per unit of length (unit: m3/m) of a rectangular section of height t, thus obtaining the 

vector of bending stresses, [b] (unit: N/m2): 

1
[ ] [ ] =m f

t
 (5.60) 

2

1
[ ] [ ]

/ 6
 =b m

t
 (5.61) 

 

Since the definition of structural stress is the sum of the membrane and the bending stresses, the vector 

of structural stresses at each node on the weld path is expressed by: 

[ ] [ ] [ ]  = +s m b  (5.62) 

 

The above deduction had as basis shell elements. However, it can also be extended for solid models. In 

this case, the procedure is almost the same, except the fact that before recovering the structural stresses, 

the nodal forces at a potential crack plane of interest must be transformed into statically equivalent 

nodal forces and nodal moments along the mid-thickness of the plate for a complete through-thickness 

failure, or along the mid-distance of the length of integration for partial through-thickness failure (see 

Figure 5.17): 

, ,

1

k

eq i i j

j

F F
=

=   (5.63) 

, ,

1

k

eq i j i j

j

M z F
=

=   (5.64) 
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(a) (b) 

Figure 5.17 – Relevant elements for structural stress determination in solid models [adapted from (ASME VIII 

Div2, 2013)]: (a) a FE model of a fillet welded joint of a pressure vessel with quadratic solid 20-noded elements 

and (b) statically equivalent nodal forces and nodal moments at the mid-thickness. 

 

where k is the number of nodes across the length of integration in thickness-depth direction; ln is the 

width of the element n along the weld line; zj is the ordinate position of node j in relation to the mid-

distance of the length of integration; Fi,j is the nodal force of node j at position i in the weld path, 

transformed to a local coordinate system; Feq,i and Meq,i are the statically equivalent nodal force and 

nodal moment at a reference plane for a position i at the weld path. 

Note that due to the possible rotation of the local coordinate systems along the weld line, this process 

requires that no sharp change in the continuous weld path occurs and the rotation angle between two 

consecutive local coordinate systems,  remains lower than 20º in order to avoid affect the computed 

stresses and lose consistency (refer to Figure 5.14). However, from the author experience, even for 

coarse meshes, the minimum sizes requirements to model the weld due to geometric constraints 

guarantees that the computed structural stresses remain consistent for most practical applications, as 

will be demonstrated for bridge details in Chapter 6. Furthermore, note that different from the approach 

based on stress integration schemes outlined in the last section, the above-described procedure is more 

suitable to be programmed. 

 

5.3.2 CONCLUDING REMARKS: STRUCTURAL STRESSES FROM NODAL FORCES AND NODAL MOMENTS 

One interesting feature of the above-described definition of the structural stress is that the imposition 

of the equilibrium conditions in the context of elementary structural mechanics should minimize the 

mesh-size sensitivity in the structural stress calculations. Indeed, several authors have verified this 

feature to some extent (P. Dong et al., 2007; Ghahremani et al., 2015a; Niemi et al., 2018; Nussbaumer 

Internal nodal forces Fi,j
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ln

t

(length of integration)

Fi,j

zj Fi,j

zj



Master S-N curve approach 

 

239  

& Grigoriou, 2016; Yaghoubshahi et al., 2017; Ye et al., 2018). Once the mesh-size, mesh-shape, and 

mesh type insensitivities are ensured, the structural stress could serve as an intrinsic stress parameter 

for a given geometry and boundary conditions. Then, it could be expected that such an intrinsic 

structural stress parameter could be related to fatigue behaviours observed from various joint types and 

loading modes. In the next section, a fatigue assessment procedure based on Fracture Mechanics 

concepts and equilibrium-equivalent structural stress concept, as proposed in the literature (P. Dong et 

al., 2002, 2003), will be outlined. This procedure has been barely explored for welded bridge details, 

and therefore could be understood as a new procedure in this field. 

 

5.4 MASTER S-N CURVE APPROACH 

5.4.1 FUNDAMENTALS 

A concept of structural stress which can be divided into bending stresses and membrane stresses can 

also be applied in analogy to the concept of stress intensity factors. In cracked welded bodies, fatigue 

cracks usually start as cracklike planar defects on the surface between the weld and the parent metal 

and grow across the wall thickness. In such cases, the predominant loading modes, which are 

responsible for driving the crack growth are the loads normal to the crack plane, remembering the 

overall observation that the crack grows perpendicular to the direction of maximum principal stresses, 

generally designated as  when the SIF for mode I is defined as  a . As it was shown for the 

structural stress linearization concept, the normal stresses to the crack plane can be subdivided into 

membrane stresses and bending stresses. Therefore, it is reasonable that in the determination of the far-

field stress field acting on a cracked body, the stress intensity factor (mode I) characterizing the singular 

field can also be subdivided as indicated below: 

( )R R

m m b bK Y a a Y Y    = =  +   (5.65) 

 

where Ym and Yb are the correction functions taking into account the stress concentration due to the 

overall shape of the crack and the remote loading;  R

m
 and  R

b
 are the remote membrane and bending 

stresses, respectively. Once Ym and Yb are analytically or numerically determined for simple welded 

geometries and crack shapes, e.g. cruciform joints with a semi-elliptical crack, the fatigue crack growth 

process of complex welded components with arbitrarily external loading can be treated and generalized 

with derived analytical expressions. Consider, for example, the simple case of a single edge notch test 

specimen (SEN) subjected to remote membrane and bending stresses across the thickness,  R

m
 and 

 R

b
 (Figure 5.18). 

R 
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Figure 5.18 – Single edge notch specimen (SEN) subjected to both remote membrane and bending stresses 

due to remote axial and bending loading [modified from (P. Dong, 2001)]. 

  

(a) (b) 

Figure 5.19 – Single edge notch test specimen (SEN) subjected to both membrane and bending stresses due 

to remote axial and bending loading [slightly adapted from (Tada et al., 1985)]. 

 

In this case, the stress intensity factor at the crack-tip due to opening mode (mode I) induced by the 

remote membrane and bending stresses, can be given by the superposition of the classical analytical 

solutions obtained by Tada et al. (Tada et al., 1985) for the two separated cases, respectively, fm(a/t) 

and fb(a/t), Figure 5.19a and Figure 5.19b: 

 
    

=  +     
    

R R

m m b b

a a
K t f f

t t
 (5.66) 

 

with 

3
2 0.752 2.02( / ) 0.37 (1 sin( / 2 )

( / ) tan
2 cos( / 2 )

 

 

+ +  −
=

m

t a a t a t
f a t

a t a t
 (5.67) 

4
2 0.923 0.199 (1 sin( / 2 )

( / ) tan
2 cos( / 2 )

 

 

+  −
=

b

t a a t
f a t

a t a t
 (5.68) 

 

Now, if one considers the detail represented by Figure 5.20, which can present the influence of both the 

edge crack and a weld bead on the local stress concentration, then Equations (5.66) – (5.68) become 

t
t

R 
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inadequate to compute the stress intensity factor K across the entire thickness because they do not 

consider the influence of the weld bead in the stress intensity solution. In fact, they represent only a 

portion of the stress concentration influence over the crack-tip. A more appropriate solution would be 

to apply analytical expressions for fm and fb, however considering the stress distribution across the wall 

thickness of the welded joint specimen at the weld notch, x(y). Such stress distribution can be 

approximated by the sum of the bending and membrane stresses at the weld notch and a self-equilibrated 

membrane and bending stresses at the faces of a crack with small depth, t1, Figure 5.21 (P. Dong et al., 

2003). 

 

Figure 5.20 – Welded joint with edge crack and stress distribution across the thickness [modified from (P. 

Dong, 2001)]. 

 

Figure 5.21 –  Structural stresses definition: (a) Local stresses at a notch; (b) Membrane and bending 

stresses; (c) Approximation of self-equilibrating stress (notch stress) with respect to a reference depth t1 

[adapted from (P. Dong et al., 2002)]. 

 

The membrane and bending stresses at the weld notch can be computed using coarse FE models on the 

basis of the structural stress recovery procedure from nodal forces and nodal moments at the weld line 

presented in Section 5.3. Therefore, Equation (5.66) is rewritten in order to consider the weld bead 

stress-induced effects in the stress intensity solution, by using the determined membrane and bending 

structural stresses at the crack faces, m and b: 

x(y)
t

R 

R 
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n m m b b

a a
K t f f

t t
 (5.69) 

 

As can be seen, K is renamed to Kn, because an assumption is made that it is able to estimate the value 

of the stress intensity factor considering the local weld bead effects. The main advantage of such 

approach is that the SIF solutions for welded structures can be defined in terms of local stress parameters 

instead of far-field stresses. Bearing in mind that one of the Dong and multiple co-workers goal was to 

develop a new fatigue strength assessment procedure which could consider the influence of the bending 

ratio on the estimated fatigue life, Equation (5.69) can be rewritten as follows: 
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=

+

b
b

m b

r  (5.71) 

 

where rb is the bending ratio, and s is the structural stress acting on the edge crack faces. A more 

convenient form of express Equations (5.70) – (5.71) is derived in terms of the equilibrium-equivalent 

structural stress amplitude, s, as defined in the last section: 

 ( ) =   −  −n s m m bK t f r f f  (5.72) 

| |

| | | |



 


=

 + 

b

m b

r  (5.73) 

 

An interesting comparison which can be made is to analyse the relation between Kn defined on the basis 

of Equation (5.69) and the conventional form of the stress intensity solution for an edge crack, Equation 

(5.66). This would allow to theoretically evaluate the influence of the weld bead over the local stress 

concentration for a crack located at the weld toe. This is done by means of the so-called Mkn ratio, 

defined as: 

(with "local" bending and membrane stress effects)

  (based on remote bending and membrane stresses)

n

kn

K
M

K
=  (5.74) 
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Thus, Dong et al. (P. Dong et al., 2002) computed Mkn for various type of joints and loading modes, as 

shown in Figure 5.22. As can be seen, Mkn approaches unity as crack size a/t approaches 0.1 in all cases. 

In other words, for long cracks Equation (5.69) gives results very near to Equation (5.66). It was also 

observed that among joint types and loading conditions, the differences in Mkn are rather small, given 

the fact that the selected joint geometries and loading conditions were drastically different. 

 

Figure 5.22 –  Comparisons between Mkn functions for edge cracked solutions for various joint types (P. Dong 

et al., 2002). 

 

5.4.2 TWO-STAGE CRACK GROWTH MODEL 

From the analysis of Mkn, Dong and multiple co-workers proposed that probably it could be used to 

model the short crack propagation phase. They argued that the two stages of stress intensity solutions 

in the form of the notch-stress dominated (∆Ka/t < 0.1) and far-field stress dominated (∆Ka/t > 0.1) can be 

separated to characterize the full range crack growth behaviour from 0 < a/t < 0.1 (“small crack”) to 0.1 

≤ a/t ≤ 1 (“long crack”). Therefore, Dong and co-authors proposed to introduce the relevant parameter, 

Mkn, to modify the conventional Paris-Erdogan Law, Equation (4.18), in the following manner: 

m

n

n

kn KMC
dN

da
)()( =  (5.75) 

 

where m corresponds to the conventional Paris law exponent and the exponent n (taken as n = 2) was 

used to unify the short crack growth rates induced by notch effects with long crack growth. Using the 

proposed two-stage crack growth model, Dong et al. (P. Dong et al., 2002) reanalysed several fatigue 

tests which presented measurements on the short crack period. Figure 5.23b plots the fatigue crack 

growth when Mkn is considered. The investigated fatigue test data collapsed into one narrow band. 
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(a) (b) 

Figure 5.23 – Consolidation of short crack growth data from various specimen types and notch geometries 

using the two-stage growth model proposed by (P. Dong, 2006). 

 

As a result of such verification of the proposed two-stage crack growth model, it would be possible to 

use Equation (5.75) to estimate the number of cycles until failure, N, by isolating dN and integrating it 

from a→0 up to a = t: 
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Another goal of Dong and multiple co-workers was to propose a structural stress parameter which could 

be sensitive to the thickness, in order to avoid the need to explicitly correct the S-N curve with a 

thickness correction factor, as in the nominal and in the hot-spot stress method. Therefore, Equation 

(5.76) was normalized in relation to the crack depth to thickness ratio, a/t: 

( )
/ 1

/ 0

/

( ) ( )

=

→

=






i

a t

n m

kn na t

td a t
N

C M K
 (5.77) 

 

By substituting Equation (5.72) into (5.77) yields to: 
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where, 
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 (5.80) 

 

The integral I(rb) is a dimensionless function of rb and can be evaluated by different numerical methods. 

Dong et al. (P. Dong et al., 2002) proposed different solutions for I(rb) for which fm and fb were obtained 

considering displacement-controlled or load-controlled test conditions, i.e. whether the specimen was 

subjected to a prescribed displacement or an external loading, respectively. Once I(rb) is known, 

Equation (5.79) can be expressed in terms of N: 

(1/ ) (2 )/2 1/ (1/ )( ) − − − =   m m m m m

s bC t I r N  (5.81) 

 

Equation (5.81) uniquely describes a family of structural stress-based S-N curves (s – N) as a function 

of the Paris Law coefficients m and C, thickness effects (t), and bending ratio rb. For fatigue assessment, 

it can be convenient to define the so-called Equivalent structural stress parameter,  SS , which can be 

correlated with the S-N data in the following manner: 

(2 )/2 1/( )


−


 = = 



hs
S m m m

b

S C N
t I r

 (5.82) 

 

where h is the slope of the defined S-N curve in log – log scale, and C is a constant to be determined 

based on linear regression analysis. The thickness term can be interpreted as the ratio of the actual 

thickness t to a unit thickness in millimetres (1 mm), rendering the term dimensionless. With this 

interpretation, the equivalent structural stress parameter,  SS , retains a stress unit (N/mm2). It is 

important to highlight that the parameter C in Equation (5.81) has a different meaning of C in Equation 

(5.82) since the former is derived from the Paris-Law and the latter is determined based on linear 

regression analysis of S-N data with the equivalent structural stress parameter in the ordinate axis. In 

the following section, a detailed procedure to apply a method based on Equation (5.82) will be given.  
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5.4.3 MASTER S-N CURVE ACCORDING TO ASME SEC VIII DIV 2 

As seen in the previous sections, the definition of the structural stress according to Dong et al. (P. Dong, 

2001) and the concept introduced by the equivalent structural stress parameter (  SS ) forms the core of 

the so-called Equilibrium-Equivalent Structural Stress (EESS) method, often referred as the Battelle 

Structural Stress Method, in reference to the Battelle Memorial Institute which supported its 

development. The current section describes the fatigue life assessment procedure for boilers and 

pressure vessels as proposed by the ASME, which adopted the EESS method as an alternative procedure 

since 2007 with a cumulative damage basis (ASME, 2007). This formulation will serve to assess a series 

of welded bridge details in Chapters 6 and 7. The elastic membrane and bending stresses normal to the 

assumed hypothetical crack plane can be calculated by Equations (5.60) and (5.61). Membrane stress 

range , m k  for the kth cycle from time n to time m (m > n) is given by: 

, , ,   = −m n

m k m k m k  (5.83) 

 

Also, the bending stress range from time n to m can be expressed as: 

, , ,   = −m n

b k b k b k  (5.84) 

 

The structural stress range , s k  is the sum of the membrane stress range and bending stress range for 

the kth cycle: 

, , ,   =  + s k m k b k  (5.85) 

 

As demonstrated in the previous section, the equivalent structural stress range , S kS  (MPa) for each 

kth cycle can be calculated considering the structural stress range , s k , (MPa), the dimensionless plate 

thickness ratio, t, in relation to a unit thickness (1 mm) and the loading mode integral I(rb,k), which in 

turn takes into account the bending stress ratio ,b kr , of each kth cycle: 
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where m is a material constant usually set as 3.6. Note that herein t can assume a different meaning than 

the plate thickness, being often referred also as the “failure criterion”, in the case of a fatigue test that 

adopted a partial through-thickness crack as a failure criterion. It is understood as the inverse slope of 

the Paris-Erdogan law with a two-stage crack growth model. Regarding I(rb,k), it was defined as a 

polynomial regression, which resulted from the numerical integration of Equation (5.80) as follows: 

1/ 6 5 4 3
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2
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r r
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for displacement-controlled conditions, which can occur under certain test conditions, and, 

1/ 6 5 4 3

, , , , ,

2

, ,

( ) 2.1549 5.0422 4.8002 2.0694

0.561 0.0097 1.5426

=  −  +  − 

+  +  +
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b k b k

I r r r r r

r r
 (5.89) 

 

for load-controlled conditions, which occurs more often for structures in service. Thus, similarly to 

other S-N fatigue approaches, the fatigue damage of each kth cycle, Dk of the investigated welded joint 

can be calculated by the Pålmgren-Miner linear damage rule: 

= k
k

k

n
D

N
 (5.90) 

 

where nk is the number of repetitions of the kth cycle determined with the rainflow counting algorithm, 

and Nk is determined from the following defined S-N curve: 

, =  h

S k kS C N  (5.91) 

 

where C and h are material parameters to be determined based on a linear regression analysis. In order 

to derive values for C and h, Dong et al. (P. Dong et al., 2002) have verified the usefulness of Equation 

(5.82) in the form of equivalent structural stress range parameter, 
, S kS , versus cycles to failure, N, for 

various types of joints, loading modes under Mode I failure and dimensions, typical from the piping, 

ships and pressure vessels industry. The analysis demonstrated the capability to collapse about 800 

fatigue tests of welded components into a narrow band (Figure 5.24). The derived curve was then 

designated as Master S-N curve, and the corresponding values for C and h are shown in Table 3.6. 
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Figure 5.24 – Master S–N curve with the eq. structural stress parameter SS in the ordinate axis and a survival 

probability of Ps = 97.7% and fixed slope; various types and dimensions of welded joints from a proprietary 

database and open literature accounting to approximately 800 data points (P. Dong et al., 2005). 

 

Such regression analysis was performed on a statistical basis evaluation for a probability of survival of 

97.7%. Usually, the S-N curve resulting from the mean minus two standard deviations should be used 

for design evaluation. 

Table 5.1 – Master S-N curve parameters according to ASME BPVC Sec VIII Div 2 (ASME, 2007). 

Statistical basis C h 

Mean 19,930.2 – 0.3195 

+ 2 SD 28,626.5 

– 2 SD 13,875.8 

+ 3 SD 34,308.1 

– 3 SD 11,577.9 

 

Then, for a total number of cycles, M, the safety should be checked against the accumulated fatigue 

damage as follows: 

1

0.5
=

=  =
M

k F

k

D D D  (5.92) 

 

5.5 DEVELOPED POST-PROCESSOR FOR THE MASTER S-N CURVE APPROACH 

5.5.1 MAIN ASPECTS 

The structural stress recovery procedure described in Section 5.3 can be very cumbersome to be 

manually computed for every step of an analysis, even with the aid of MATLAB or a spreadsheet. 
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Therefore, the application of the method can become much more efficient with the use of a post-

processor tool operating on the FE results. Some proprietary post-processor are available to be used in 

conjunction with FE program suites (P. Dong, 2006; Yaghoubshahi et al., 2017). However, for the 

present thesis, in order to validate the Master S-N curve approach for welded bridge details (Chapter 6) 

and perform structural stress analysis in the framework of variable amplitude loading, a new post-

processor was developed to be used in conjunction with ANSYS Mechanical. The developed post-

processor takes advantage of the APDL Math, a library available in the ANSYS program for advanced 

computation with matrices, allowing the users to operate in the finite element results. It works with 

either shell or solid elements, with linear or quadratic shape functions. The details of the implemented 

post-processor will be described in the present section. 

The post-processor is divided into five macros, which receive the extension “.MAC” in order to be 

available in the ANSYS Mechanical as internal commands: 

• SSTR.MAC: This macro is responsible for setting all the user definitions for the analysis. 

• RUNSSTR.MAC: This is the main macro and, once all the analysis parameters are defined by 

the user, it must be run to compute the equilibrium-equivalent structural stresses, the equivalent 

stress ranges and the estimated fatigue lives of each node lying in the selected weld lines. The 

results are stored in vectors in the workspace of the FE program. 

• SSTRCP.MAC: This macro is responsible for making stress contour plots of the FE model 

representing each parameter computed and stored by the macro RUNSSTR.MAC. 

• PLOTLIFE.MAC: This macro is responsible for performing fatigue life contour plots, which 

have a different logic from stress contour plots since the engineer usually searches for the points 

with the least values (lives) instead of the points with the maximum values (stresses). 

• EXPSTR.MAC: This macro allows the user to export all the computed results to ASCII files, 

which is useful to save the results for further computations. 

 

5.5.2 POST-PROCESSOR OPERATION AND DEVELOPED GUI (GRAPHICAL USER INTERFACE) 

An approach described by Madenci & Guven (2015) was used to integrate the developed macros to the 

ANSYS Mechanical interface with the aid of the programming language UIDL (User Interface Design 

Language) made available by ANSYS Inc, by developing a GUI (Graphical User Interface). The user 

can access the options to perform all calculations by the tree-menu available in ANSYS Mechanical, 

located in the General Post-processor tab (Figure 5.25) through the included option “Structural 

Stresses”. Proceeding with the aid of this tool, the analyst engineer does not need to edit codes in order 

to use the post-processor in design practice. 
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Figure 5.25 –UIDL Post-processor options in the General Post-Processor menu tree. 

 

The first step of the structural stress analysis is to set the options. By clicking in “Analysis Options”, a 

window will pop-up (Figure 5.26), so the engineer may set: 

 

Figure 5.26 – Structural stress post-processor options. 
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a) The integration interval, e.g. the entire plate thickness, to be used in Equations (5.60) and (5.61); 

b) The type of element used in the FE mesh of the investigated model: i) quadratic solid 20-node 

element; ii) quadratic shell 8-node elements; iii) linear solid 8-node elements; iv) linear shell 

4-node elements. Note that this option does not change the type of element used in the mesh, 

an option that had to be previously defined in the FE program. Actually, this option will 

determine which interpolation matrix, [L], Equation (5.55) or Equation (5.57), will be used in 

the analysis and if it is necessary to apply the procedure described in Figure 5.17 for solid 

elements; 

c) If the investigated weld path is an open weld line or a closed weld line, which will determine 

whether the end elements of matrices shown in Equations (5.55) and (5.57) need to be dropped 

or not, respectively; 

d) The type of loading conditions, displacement-controlled or load-controlled conditions, which 

will determine whether Equation (5.88) or Equation (5.89) should be used, respectively; 

e) A stress scale factor, SSF, Equation (5.93), which can be useful if the analysis was performed 

on a stress concentration factor basis in relation to a unit nominal stress (1 N/m2), or to convert 

the units of the result of the analysis from N/m2 to MPa, by setting SSF = 1.0×10-6; 
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 (5.93) 

 

f) The dimensionless considered failure criterion, t, in relation to a unit thickness (1 mm) to be 

used in the Master S-N curve. 

 

Once all the parameters of the analysis were set, the next step is to determine the first node of the 

analysis, by clicking in “Pick start node”. This option will pop-up a window that allows the user to 

select the desired first node from the graphical interface exhibiting the FE mesh (Figure 5.27a). The 

number of the first node is stored in ANSYS workspace proceeding in this manner. The second step is 

to define the first local cartesian coordinate system directions of the analysis. This is performed in 

ANSYS Mechanical through the following menus: i) “WorkPlane -> Offset WP to -> Nodes +” and ii) 

“WorkPlane -> Offset WP by increments …”. The second option will pop-up a window (Figure 5.27b), 

so the user can rotate the local coordinate system accordingly. The y-axis must be set in the through-

thickness direction of integration; the z-axis must be set in the tangent direction to the weld line; the x-

axis must be set in the normal direction to the weld line. 
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(a) (b) 

Figure 5.27 – Pop-up windows to set: (a) first node of the weld path; (b) prescribed first local cartesian 

coordinate system directions. 

 

Once the user clicks in “Run”, the local coordinate system of the remaining nodes lying in the weld path 

will be found by an automatic procedure, which is explained as follows. In order to identify the tangent 

line at each node of the continuous weld line, described by a function f(x) in a 2D cartesian system 

(Figure 5.14), macro “RUNSSTR.MAC” used the first derivative of the Lagrange polynomial 

interpolation series with n = 3, as follows: 
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 (5.94) 

 

where (x1, y1), (x2, y2) and (x3, y3) are the corresponding coordinates of three adjacent nodes lying in the 

weld line. Therefore, Equation (5.94) returns the slope of the tangent line, with its intercept being 

obtained by simple linear algebra. The above equation is valid to identify the local coordinate system 

of adjacent nodes lying in the same plane, and hence is valid for plate-type structures only. For tubular 

structures, a vector approach in the 3D space is required (Hectors & Waele, 2020). 

Before running the analysis, the user needs to set two geometric parameters that can change depending 

on the constructional detail. Herein, an example for a two-side non-load carrying welded attachment, 

modelled with 20-noded quadratic solid elements will be illustrated. The model is subjected to a unit 

nominal stress in one side (1 N/m2), while the other side is restricted in the three cartesian directions (x, 

y, and z). The first geometric parameters to be set are the weld lines where the routine will compute the 

structural stresses (Figure 5.28a), by clicking in “Pick weld lines”. The second geometric parameters to 

be set are the so-called “cracked” volumes (Figure 5.28b), i.e. volumes that would be hypothetically 

separated from the main detail if a total crack failure occurs along the entire weld line. These “cracked” 

X

Z

Y
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volumes define the crack planes for structural stress computations (Figure 5.29). The selection is 

performed clicking in the option “Pick cracked volu”. 

  

(a) (b) 

Figure 5.28 – Geometric parameters to be set: (a) weld lines and (b) “cracked” volumes. 

 3  

(a) (b) 

Figure 5.29 – Geometric parameters to be set: (a) crack faces and (b) an image from the “cracked” volumes. 

 

Note that in the case of FE models with shell elements, a similar procedure is performed by clicking in 

“Select cracked areas”. After the definitions are completely set, the computations can be performed by 

clicking in “Run”. The routine will proceed to the assemblage of the interpolation matrix, [L], 

accounting to all elements in the weld path, which is similar to perform assembling of stiffness matrices 

in the context of the Finite Element method (Cuvelier et al., 2013). For this purpose, two algorithms 

were developed: 
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Listing 5.1 – Matrix [L] assembly algorithm for linear shell/solid elements. 

L=sparse(no_of_nodes, no_of_nodes); 

M=size(2,2); 

no_of_elements = no_of_nodes – 1; 

elem_width=size(no_of_elements) 

for k = 1:no_of_elements 

 M(1,1) = (1/3) × elem_width(k); 

 M(1,2) = (1/6) × elem_width(k); 

 M(2,1) = (1/6) × elem_width(k); 

 M(2,2) = (1/3) × elem_width(k); 

 for i = 1:2 

  for j=1:2 

   il = i + k – 1; 

   jl = j + k – 1; 

   L(il,jl) = L(il,jl) + M(i,j); 

  end 

 end 

end 

 

Listing 5.2 – Matrix [L] assembly algorithm for quadratic shell/solid elements. 

L=sparse(no_of_nodes, no_of_nodes); 

M=size(3,3); 

no_of_elements = (no_of_nodes – 1)/2; 

elem_width=size(no_of_elements) 

for k = 1:no_of_elements 

 M(1,1) = (2/15) × elem_width(k) 

 M(1,2) = (1/15) × elem_width(k) 

 M(1,3) = (-1/30) × elem_width(k) 

 M(2,1) = (1/15) × elem_width(k) 

 M(2,2) = (8/15) × elem_width(k) 

 M(2,3) = (1/15) × elem_width(k) 

 M(3,1) = (-1/30) × elem_width(k) 

 M(3,2) = (1/15) × elem_width(k) 

 M(3,3) = (2/15) × elem_width(k) 

 for i = 1:3 

  for j=1:3 

   il = i + 2 × (k – 1) 

   jl = j + 2 × (k – 1) 

   L(il,jl) = L(il,jl) + M(i,j) 

  end 

 end 

end 

 

The nodal forces and nodal moments in reference to a local cartesian coordinate system of each position 

along the weld path are then extracted from the FE solution. Recall that this analysis is performed at a 

post-processing stage, for which is presumed that each element and node store the results of a static or 
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dynamic analysis. For each step, the routine solves Equations (5.54) and (5.56) by inverting the matrix 

[L] and performing a simple back substitution to find the linear forces and linear moments. The 

structural stresses are then computed by simple algebra operations, Equations (5.60) and (5.61). Finally, 

the Equivalent Structural Stress parameters of each position and each step, SS,k, are computed with 

Equation (5.93). In the following section, a contour plotter tool developed to visualise the structural 

stress results in the FE mesh is described. 

 

5.5.3 STRUCTURAL STRESSES PARAMETERS CONTOUR PLOTTER 

After the computations are completed, the developed post-processor accesses the ANSYS results 

database file (file format “.RST”), in order to store the computed results. This file is responsible for 

storing all FE solution data. ANSYS internal contour plotter accesses the “.RST” file to perform nodal 

and element averaging and then exhibit contour plots of some relevant parameters, e.g. stresses or 

displacements in a given direction. The program also permits that users change the results file, allowing 

the production of customized contour plots. Thus, clicking in “Stress Contour Plots”, the window 

shown in Figure 5.30 will pop-up. Nine stress parameters are available to be plotted: structural stresses, 

membrane stresses, bending stresses, shear structural stresses, shear membrane stresses, shear bending 

stresses, equivalent structural stress parameters (ESSP – mode I), equivalent structural stress parameters 

(mode III), and effective equivalent structural stresses (mixed modes I+III) using a von Mises criterion. 

The last six parameters, with the exception of ESSP Mode I, are intended to be used for a multiaxial 

fatigue analysis for future research, which is out-of-scope of the present study. 

 

Figure 5.30 – Structural stresses contour plot window. 
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Since the concept of Master S-N curve was developed under a crack propagation law of an edge or 

elliptical crack growing at the weld notch under mode I (refer to Section 5.4), the most important 

parameter to analyse is the equivalent structural stress parameter (mode I), referred to simply as SS, 

and given by Equation (5.93). Figure 5.31 shows a contour plot with values of SS for the illustration 

example. Usually, the engineer seeks for the points of maximum values to identify the locations most 

prone to fatigue crack initiation. If one desires the computed value on each specific node, ANSYS 

provides this option available through the following menu: “General Postproc -> Query results -> 

Nodal Solu”, to directly access the stored value in the results file (“.RST”) and exhibit it in the FE mesh, 

see Figure 5.32. Note that although the model geometry provided attachments on both sides, only one 

side was meshed (Figure 5.32a), in order to obtain bending stresses at the weld toe due to an 

unsymmetrical geometry.  

All results and input data are stored in ANSYS workspace and can be exported to ASCII files for further 

use in external programs if desired, by clicking in “Export results”. 

 
 

(a) (b) 

Figure 5.31 – Contour plot of the equivalent structural stress parameter, SS, for a unit nominal stress. 

 

 

(a) (b) 

Figure 5.32 – Capability to show the computed relevant structural stress parameters for each node. 
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The capability to perform fatigue life contour plots under constant-amplitude conditions was also 

covered in the developed post-processor. In such contour plots, instead of highlight the points with 

maximum stress values, the points with minimum values (fatigue lives) are preferred. By clicking in 

“Life N (million)” the following window (Figure 5.33) in will pop-up. In this window, the engineer has 

the option to set the appropriated parameters C and h of the Master S-N curve, available in Table 3.6. 

By clicking in “OK”, the macro “PLOTLIFE.MAC” performs fatigue life computations, i.e. endurable 

cycles based on Equation (5.91) are computed for each position along the weld and stored in ANSYS 

workspace and in the results file (“.RST”). Figure 5.34 illustrates an example of a life contour plot. 

Note that the colour legend was inverted, due to the different logic interpretation of the results in terms 

of fatigue life. The computed values are also divided by 1.0×106 in order to obtain a better representation 

in terms of million cycles. A ceiling function at 100 million is applied to points which reach fatigue 

lives greater than 100×106 cycles due to irrelevant structural stresses, which was adopted as a reference 

value for “infinite life” condition. 

 

Figure 5.33 – Fatigue life contour plot options. 

 

Figure 5.34 – Example of fatigue life contour plot. 
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5.5.4 BENCHMARK COMPARISON FOR SIMPLE UNIAXIAL CASE 

The developed post-processor was validated with a benchmark comparison with a proprietary post-

processor developed for ABAQUS called Fe-Safe, which implemented the Battelle Structural Stress 

method. Four different FE models of one-side non-load carrying welded attachments were developed 

in ANSYS, with two different geometries using two different types of solid elements, linear 8-noded 

and quadratic 20-noded, respectively. The FE models were then exported to ABAQUS (Figure 5.36), 

by converting the FE mesh in an interchangeable file format between both programs. The plates are 

subjected to a unit nominal stress (1 N/m2) in one-side and restricted in the three displacement directions 

in the other (x, y, and z). The developed post-processor based on ANSYS was applied to the four models, 

as the Fe-Safe post-processor was also applied to the imported FE models in ABAQUS. Comparisons 

of the results of both post-processors in terms of structural stresses are shown in Figure 5.35, showing 

a very good agreement for all types of elements used. 

Detail 1: L2 = 250 mm; L1 = 400 mm; W = 80 mm; H = 50 mm; t1 = t2 = 8 mm; Weld leg = 7 mm; mesh-size = 8 mm 

  

(a) (b) 

Detail 2: L2 = 100 mm; L1 = 500 mm; W = 200 mm; H = 200 mm; t1 = t2 = 5 mm; aw = 5 mm; mesh-size = 5 mm 

  

(c) (d) 

Figure 5.35 – Benchmark analysis of the developed post-processor. One side non-load carrying welded 

attachment: (a) and (c) 8-node linear solid; (b) and (d) 20-node quadratic solid. 
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(a) (b) 

Figure 5.36 – FE models exported to ABAQUS (E = 210 GPa;  = 0.3): (a) Detail 1 and (b) Detail 2. 

 

5.6 CONCLUDING REMARKS 

The following statements summarize the achievements and conclusions of the current chapter: 

• In the first section, structural stresses based on stress integration schemes were reviewed. A 

generalized 3D approach was proposed to compute structural stresses in the ANSYS FE 

program by double integrating the normal and shear stresses projected on the planes of an 

isolated 3D block near the weld, based on Saint Venant’s and mechanical equilibrium 

principles. Two numerical examples with a stress integration approach were given, respectively 

an FPSO detail and a web gusset bridge detail, with simple geometries, proving that such an 

approach can reach mesh-insensitivity for these details, despite being cumbersome to calculate. 

The shortcomings of the early 2D approach proposed by Dong and of the proposed generalized 

3D approach were discussed, such as the difficulties associated with programming, and the 

enforced mesh dependence on the parameters  and w, respectively the length and the width of 

the 3D block. As pointed by Radaj et al. (Radaj et al., 2006), nowadays the structural stress 

based on a stress integration scheme as early proposed by Dong seems to have been abdicated 

in place of a most suitable approach based on nodal forces and nodal moments. However, a 

good understanding of the stress integration schemes is fundamental to comprehend the method 

in its current form, and the concept of the Master S-N curve approach developed in the third 

section of the current chapter. Note that structural stress based on stress integration is also an 

allowed procedure in the standard ASME VIII Div2 (ASME VIII Div2, 2013); 

• In the second section, a procedure to recover structural stresses from nodal forces nodal and 

moments of either shell or solid elements with either linear or quadratic shape functions was 

detailed in a matrix form, which facilitates its implementation in a FE software; 

• In the third section of the current chapter, a fatigue assessment procedure based on Fracture 

Mechanics concepts and the equilibrium-equivalent structural stress method referred to as 

L2

L1
t1

t2

W
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Master S-N curve approach was reviewed. The evolution of the method, the fracture mechanics 

basis, the two-stage crack growth model based on a modified Paris-Erdogan Law, including the 

effects of the weld notch were briefly discussed. A framework to apply the method on a 

cumulative damage basis according to the design code ASME VIII Div2 (ASME VIII Div2, 

2013) was illustrated. The empirical parameters of the Master S-N curve for a fatigue safety 

check based on a probability of survival of 97.7% and derived from a linear regression analysis 

of a series of fatigue test data were given. The relations among the parameters and equations 

were discussed. This discussion supported the developments in the fourth section of the current 

Chapter; 

• In the fourth section, a new post-processor which implements the equilibrium-equivalent 

structural stress method with a nodal force and nodal moment basis and the Master S-N curve 

approach was developed within the ANSYS framework. The operation of the post-processor 

was illustrated with an example. Details on how it was implemented in relation to the 

programming challenges were given. The developed post-processor was validated for a uniaxial 

case through a benchmark comparison with a former proprietary post-processor from 

ABAQUS. In the next chapter, the developed post-processor will be further validated for bridge 

details with more complicated geometries and loadings. 

 

In the next chapter, this approach will be applied for five fatigue test setup programs representative of 

welded bridge details, which were used as the basis for the establishment of current S-N nominal design 

procedures for bridge details.
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6  
MASTER S-N CURVE FOR WELDED BRIDGE DETAILS 

 

 

6.1 INTRODUCTION 

Assuming that the verification of the Master S-N curve approach, as described in Chapter 5 using an 

equivalent structural stress parameter, has been extensively carried out for a large amount of welded 

joints with different geometries, thickness and loading modes (P. Dong et al., 2002, 2007), mainly 

representative of pressure vessels and piping components, in this chapter its verification will be further 

extended out by means of the available fatigue strength data from large-scale tests of typical bridge 

structural details, mainly using girder type specimens. As stated in Chapter 1, the application of the 

Master S-N curve to a new field requires such a task prior to its use, due to different manufacturing 

conditions and detailing techniques across industries. Furthermore, the reassessment allows the 

consideration of loading modes and stress conditions closer to those which develop in actual girder steel 

bridges. An approach based on experimental S-N data is also useful because it can take into account 

residual stresses, construction misalignments, local notch and weld bead geometry effects in the 

estimated fatigue lives, as stated in Chapter 3, without rather complicating the analysis. In this manner, 

the aim is to reassess the robustness and effectiveness of the equivalent-structural stress technique 

combined with the Master S-N curve approach through the FE numerical modelling of large-scale tests 

of welded bridge details subjected to in-plane and out-of-plane loading. Moreover, the post-processor 

program developed in the context of the present research and built into the ANSYS Mechanical program 

will be also further validated and used to compute equivalent structural stress parameters from the Finite 

Element solution. 

 

6.2 MAIN ASSUMPTIONS OF THE REASSESSMENT ANALYSIS 

6.2.1 BACKGROUND 

The reassessed S-N data were obtained from experimental constant amplitude tests conducted by Fisher 

and co-authors (Fisher et al., 1970, 1974, 1980, 1990) from 1967 to 1992 at Fritz Engineering 

Laboratory, Lehigh University, for the National Cooperative Highway Research Program (NCHRP) 

fatigue test programs. The laboratory studies with full-scale details were designed to evaluate the 
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significance of many factors thought to influence fatigue resistance, including loading history (and 

associated stress states including residual stresses), type of steel, design details, and quality of 

fabrication (Fisher, 1997). All beams used in the tests were fabricated by a construction company 

specialized in bridge construction. The manufacturer was instructed to use normal bridge fabrication 

techniques, workmanship and inspection procedures that were required by state contractors inspection 

at the time. For each fatigue program, the method of fabrication was recorded, and each specimen within 

each beam type was fabricated using the same techniques. 

According to Russo et al. (2016), the above-referred fatigue test programs formed the backbone of the 

most modern fatigue design rules available in AASHTO (AASHTO, 2014) and were used to derive the 

nominal S-N curves of the American code for highway bridges, which in turn were also adopted by 

AREMA (AREMA, 2000) for railway bridges, besides the AISC (AISC, 2016) for steel buildings and 

the AWS (AWS, 1995) for general welded construction. Recently, some design information and S-N 

data from these fatigue bridge test programs were reviewed by Bhargava (Bhargava, 2010) in terms of 

the nominal and hot-spot stress methods. 

In this research, a total of five cyclic test programs were reanalysed. From Sections 6.3 to 6.7 they are 

described in the following order: a) cover plates subjected to in-plane bending; b) lateral flange 

attachments subjected to in-plane bending; c) transverse stiffeners with and without gaps subjected to 

in-plane bending and out-of-plane bending; d) lateral web attachments with and without gaps subjected 

to in-plane and out-of-plane bending and e) transverse stiffeners with gaps subjected to in-plane and 

out-of-plane bending. In total, the S-N data correspond to 323 points. Some common assumptions for 

the reassessment analysis of any investigated fatigue test program are presented in advance in the 

following sections, 6.2.2 – 6.2.3. 

 

6.2.2 FINITE ELEMENT ANALYSIS ASSUMPTIONS 

All tests were modelled with the finite element method taking advantage of the information available 

in the literature. The FE models were created based on the nominal design sizes specified in the 

steelwork drawings, which included the steel plates dimensions and the nominal weld leg sizes. All the 

fillet welds and their corners were modelled with a nominal flank angle of 45º. Regarding the calibration 

of the tests with experimental measurements in terms of nominal stresses, linear-elastic static analyses 

were carried out, supposing that any plastic deformation if present is contained and restricted to very 

small regions. 

In general, a calibration process of the developed FE models aiming to obtain unit nominal stress fields 

near the critical hot-spot locations such that is possible to compute stress concentration factors in terms 

of both hot-spot stresses and equivalent structural stress parameters, SCFHS and SCFSs, respectively, 
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was performed. Only the last reassessed test setup – web gap details subjected to distortion-induced 

fatigue – had a different approach for calibration, which will be described further in Section 6.7. 

In this chapter, a decision was made to compute the structural stresses from quadratic solid finite 

elements only, in order to avoid overestimating the structural stresses due to the simplified 

representation of fillet weld geometries with shell elements. When sub modelling becomes necessary 

to reduce computational costs, the analysis is performed in two steps: a global model with linear (4 

noded) shell elements, and a sub-model with solid quadratic elements, from which the structural stresses 

are computed. For situations in which fatigue cracks were observed in multiple locations, a unique 

girder FE global model is used to interpolate displacements to multiple sub-models representing 

different details located in separated locations of the same girder. Regarding the mesh of local solid 

sub-models, the average size varied between 5 mm for the volumes with irregular geometry, e.g. weld 

corners, to 10 mm for the regular parts. 

The finite elements used to model the steel plates were: i) 20-noded solid element with quadratic 

displacement interpolation, referred as SOLID186, with three degrees of freedom at each node, 

translations in the x, y, and z axes; and ii) 4-noded shell element with linear displacement interpolation, 

referred as SHELL181, with six degrees of freedom at each node: translations in the x, y, and z-axes, 

and rotations about the x, y, and z-axes. Steel bracings were modelled using 2-noded beam elements 

based on Timoshenko beam theory including shear-deformation effects, referred as BEAM188, with 

six degrees of freedom at each node, translations in the x, y, and z directions and rotations about the x, 

y, and z directions (ANSYS, 2009). The material was modelled with Hooke’s linear-elastic law, 

assuming an isotropic behaviour with Young’s modulus equal to 210 GPa, and a Poisson’s coefficient 

equal to 0.3. Self-weight was neglected since only the live load is relevant for fatigue purposes of 

welded joints. 

The same corresponding sub-models were used to compute both hot-spot stresses and equivalent 

structural stress parameters, preserving the FE mesh size. The hot-spot stresses in the finite element 

models are computed from linear extrapolations using evaluation points at 0.4t and 1.0t, for which lines 

of nodes were created exactly from these distances of the weld toe, while the equilibrium-equivalent 

structural stresses are recovered from nodal forces and nodal moments from the nodes lying in the weld 

toe, as explained in Chapter 5. Fatigue cracking originating from the weld root is not considered. The 

hot-spot stress method was also chosen in order to allow a comparison of the results obtained with each 

method. In general, the following parameters are of most interest: the maximum values of the Nominal 

and the Hot-spot stress ranges,  and HS, respectively (refer to Chapter 3), and the maximum value 

of the Eq. SS ranges, SS (refer to Chapter 5), in terms of location. Comparisons with other methods, 

such as the effective notch stress method would require that the geometry of every developed sub-model 

be modified with the introduction of a rounding weld notch and the entire FE mesh be remeshed, greatly 
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increasing the computational efforts and the time needed to modelling. For this reason, the effective 

notch stress method was disregarded. 

 

6.2.3 FAILURE CRITERION 

In most cases, the failure criterion to determine the number of endurable cycles was defined when a 

crack was detected through the thickness of the base plate, thus interrupting the fatigue test. Note that 

if multiple failure locations are being investigated, the test may continue to also assess local failures in 

other locations, once the general global behaviour is not affected. The complete separation was not 

adopted as a failure criterion, and all the fatigue tests were carried out under constant amplitude and 

load-controlled conditions. 

 

6.2.4 STATISTICAL LINEAR REGRESSION ANALYSIS ASSUMPTIONS 

After the FE models are calibrated according to experimental measurements, the S-N data are correlated 

in terms of the computed nominal, equilibrium-equivalent and the hot-spot stress ranges, , SS and 

HS, respectively. Usually, S-N curves model is obtained by fitting the experimental results of merged 

datasets with a linear regression by least-square fit, minimizing the square of the residuals, i.e. the 

square of the differences between the observed and predicted values. The regression generally neglected 

tests without visible cracking, designated as run-outs, which, for most fatigue programs, did not affect 

the lower bound of fatigue strength (Fisher et al., 1970). Thus, taking the stress range as the independent 

variable, x = log  and the number of cycles as the dependent variable, y = log N, both in logarithm 

base 10, the mean fatigue S-N curve is obtained by estimating both the slope m and the intercept log C 

(C. Baptista, 2016): 

log log logmC N N C m y b a x =   = −   = −   (6.1) 
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(6.2) 

 

where n is the number of specimens, y  and x  are the means of the merged dataset, log N and log 

 respectively. With an S-N model defined by linear regression, the residuals are assumed normally 

distributed, independent and homoscedastic (variance independent from log ). It is worth recalling 

that although the regression analysis is performed with x = log  as the independent variable and y = 

log N as the dependent, when graphically represented an S-N curve, it usually adopts log  in the 

ordinate (y-axis) and log N in the abscissa (x-axis). 
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For welded joints, the slope is fixed to m = 3 for the nominal and the hot-spot stress methods (refer to 

Chapter 3) and m = 3.125 for the equilibrium-equivalent structural stress method (refer to Chapter 5). 

Thus, with a fixed slope, the analysis only estimates the intercept log C. Bi-linear S-N models with two 

slopes are not discussed in this chapter since the reassessed datasets do not account with enough data 

in the Very-High Cycle fatigue range to allow reliable linear regression analysis beyond 10,000,000 

cycles. 

For design purposes, it is necessary to establish limits between which a given proportion of the data lie. 

These bounds are often termed ‘confidence limits’. Based on the mean S-N curve obtained by linear 

regression, the characteristic values for the fatigue strength (FAT) for the nominal and the hot-spot S-

N curves are defined with a survival probability of 95% imposing a 75% confidence limit on the 

estimation of the x0.05 fractile at 2×106 cycles according to EN 1993-1-9 (EN 1993-1-9, 2005) and 

ESDEP (ESDEP, 1995). The experimental lives log N are approximated by a Gaussian distribution and 

the one-sided confidence interval is defined for the 5% percentile of the distribution according to 

Schneider & Maddox (2003) and Branco et al. (Branco et al., 1999): 

0.05log log logN C x SD m =   −   (6.3) 

6
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where x0.05 is the one-sided confidence limit factor defined for p = 0.05 failure probability,  = 0.75 is 

the confidence limit, and SD is the standard deviation assuming confidence limits parallel to the 

regression analysis (simplified hypothesis). For a normal distribution, the x0.05 fractile is given by the 

so-called t-student distribution, t95, with 95% probability of survival, which is available from statistical 

tables. Herein, since the number of tested specimens in the reassessed merged datasets is greater than 

120, an appropriate approximation may be x0.05 = t95 ≈ 1.65. It is worth noting that other fatigue standards 

also define the characteristic design curve at 2×106 cycles (DNV, 2016), but adopting a fixed shift of 

two standard deviations of log N below the mean, irrespective of the t95 value. Although a good 

estimation for small sample tests, for n > 15 it may lead to more conservative characteristic FAT values, 

representing a 97.7% probability of survival. The Master S-N curve for pressure vessels was also 

obtained based on a 97.7% probability of survival according to the ASME Sec VIII Div2 (ASME VIII 

Div2, 2013) (refer to Chapter 5). One may note that the coefficient “C” in Equation (6.3) is not the same 

“C” as defined in ASME (refer to Chapter 5), Equation (5.91). In this case, the following relations 

apply: 
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1/ h

S ASME

h
ASMEh m S C NC C=    = =  (6.6) 

 

Thus, in the last section of the current chapter, the derived S-N curves with the above procedure will be 

compared with the characteristic fatigue strength S-N curves from ASME VIII Div2 (ASME VIII Div2, 

2013) and IIW (IIW, 2016), to assess the effectiveness of the Master S-N approach in reducing statistical 

scatter from fatigue test data from different types of joints, load modes and plate thicknesses typical 

from bridges. 

 

6.3 COVER PLATES 

6.3.1 FATIGUE TEST ANALYSIS 

In this fatigue test program, NCHRP report (Fisher et al., 1970), a total of 204 beams were fabricated 

with cover plates using three grades of steel: A36, A441, and A514 providing yield strengths of 250, 

345, and 690 MPa, respectively. Among all tested cover-plated beams in Fisher and co-authors’ work, 

the present thesis reanalyses the CR, CW and CT series, see Figure 6.1, corresponding to the most usual 

form of cover plates used in bridge reinforcement and accounting to 155 tested beams. In the CR series, 

the cover plates were attached to rolled beams of section W 360×45 (tf = 9.8 mm and tw = 6.9 mm), 

while in the CW series it was attached to welded beams with equivalent geometry of the rolled profile. 

The thickness of the cover plate in CR and CW series was about 1.5 times the thickness of the flange, 

tf, while for CT beams was nearly 2 × tf. The beams were tested on a 3048 mm simply-supported span, 

and the loads were applied at a distance of 1219 mm from each support. The 1219 mm long cover plates 

were welded to both top and bottom flanges with longitudinal fillet welds and transverse weld at one 

end. The four-point bending test setup is shown in Figure 6.1a. 

 

Figure 6.1 – Cover plates welded to flange girder details: (a) view and (b) section (units: millimetres). 
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The testing equipment used was a pulsator. When the minimum stress required in the bottom flange 

was tension, the loads (P) were applied to the top flanges through a spreader beam by a single jack. 

When the minimum stress required in the bottom flange was compression, the beam was preloaded by 

a set of jacks operating under constant pressure that applied load directly to the bottom flange, referred 

as P’ in Figure 6.1a. The cyclic load was then applied through the spreader beam in the top flanges as 

was done for the first case. This loading setup subjected the beam to in-plane bending. The beams were 

tested from 0.10 million to 10 million cycles at six levels of constant amplitude stress ranges: 41, 55, 

83, 110, 138, and 165 MPa measured at the cover plate ends in the moment gradient region in the 

longitudinal direction. 

Fatigue cracks of all the cover-plated beams initiated in the beam flange at the toe of the longitudinal 

or transverse fillet weld connecting the cover plate to the flange. At transversely welded cover plate 

ends, the crack initiated near the centre of the transverse fillet welds and presented a semi-elliptical 

shape at advanced stages. At cover plate ends without end welds, the cracks initiated at the toes of the 

longitudinal fillet welds. Although most cracks initiated in the tension flange, few beams presented 

cracks initiating from the compression flange. Based on observations of the behaviour of the first tested 

specimens, deflection of the beams was used as the failure criterion. The cracked area was 

approximately equal to 75 % of the flange area (Figure 6.2b) in this stage, and the crack growth after 

this increase in deflection was observed to be extremely rapid. The shape of the cracked beam is shown 

in Figure 6.2b.  

 

Figure 6.2 – Final crack at the transversely welded end of cover-plated beams, NCHRP report (Fisher et al., 

1970): (a) a cracked section and (b) overall view of the cracked section. 

 

For reassessment analysis purposes, the equilibrium-equivalent structural stress method requires the 

definition of a stress integration interval across the thickness, normally associated with the crack depth 

at failure (refer to Chapter 5), which in most cases is equal to the thickness of the base plate where a 

fatigue crack originates. For this particular case, cover-plated details differ from other kinds of welded 

joints because most design standards seem not to have adopted the failure of the flanges only as of the 

final failure criterion for the derived characteristic S-N curves, neither Fisher et al. (Fisher et al., 1970). 

Therefore, the definition of a reference value for the partial through-thickness criterion becomes 

2a

a

Transv. fillet weld
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mandatory to apply the Master S-N curve approach for cover-plated details. Fortunately, the crack depth 

sizes across the web of 149 tested beams were reported by Fisher et al. (Fisher et al., 1970) in the 

NCHRP report, see Figure 6.3a. 

In this manner, for design purposes the reported crack size data (Fisher et al., 1970) were treated herein 

removing the outliers from the original sample, by computing the corresponding interquartile ranges 

(Figure 6.3a), remaining 98 test points in the new sample. Furthermore, in order to act on the safe side, 

the reference value was adopted as the mean minus one standard deviation of the new crack size sample, 

which was found equal to nearly 30 mm (Figure 6.3b). Therefore, in the reassessment analysis of cover-

plated details presented in this chapter, 30 mm was the adopted design crack depth, influencing 

Equations (5.60), (5.61), and (5.82). Note that for computation purposes, is recommended that a FE 

node lies near the desired partial through-thickness depth in order to ensure consistency in the 

computation of nodal forces and nodal moments. During the design phase, in the absence of crack size 

data, a conservative approach would be to adopt the flange thickness as the integration interval. For the 

hot-spot stress method, such a parameter is not necessary, since the hot-spot stresses are obtained from 

surface stress extrapolations.  

 
(a) 

 
(b) 

Figure 6.3 – Experimental crack sizes, tc, of cover plate fatigue test setup: (a) 149 data points and (b) 98 data 

points without outliers. 
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The control test variable was selected as the nominal flexural stress in the base metal of the tension 

flange at the welded detail. The mean regression curve for this study is shown together with the 155 

data points, see Figure 6.4. A few beams reached extremely long lives (near 7 million cycles), and a 

few others were tested up to 10 million cycles, without occurring any visible cracking (run-outs). The 

maximum life was 7 million cycles at 41 MPa stress range. No fatigue limit was reached within the 

limits of stress ranges that were examined for cover-plated beams (41 to 165 MPa). An analysis of the 

fitted data clearly shows that the nominal stress method effectively correlated the fatigue test data for 

this detail, with a relatively low standard deviation and insignificant effect of the type of steel or the 

cover plate thickness. A characteristic fatigue strength of 55 MPa was obtained, slightly higher than the 

FAT 50 established by EN 1993-1-9 (EN 1993-1-9, 2005) for cover plate details considering the 

involved cover plate and main plate thickness dimensions, i.e. the thickness of the cover plate is greater 

than that of the flange, and the flange thickness is lower than 20 mm. 

 

Figure 6.4 – Derived nominal S-N curve for cover-plated details. 

 

6.3.2 STRUCTURAL STRESS REASSESSMENT OF THE DEVELOPED FE MODELS 

In total, two global numerical models were created, differing only by the thickness dimensions of the 

cover plates: 14 mm (CR & CW series) and 19 mm (CT series). A FE model of the cover-plated beams 

(CT series) is shown in Figure 6.5. Just for better graphical representation, Figure 6.5a omits the FE 

mesh. Linear stress surface extrapolation used the longitudinal stresses in x-cartesian coordinate. The 

radius between the web and the flanges in rolled beams or the fillet welds joining the web and the 

flanges in welded beams were not modelled, for the reason that their contribution would be negligible 

for the stress distribution in the investigated critical hot-spot point. 
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In order to enforce a connection only by the nodes shared with the fillet welds, a small gap of 0.5 mm 

was left between the flanges and the cover plates (Figure 6.6). In the absence of further information, 

the concentrated loads P were converted into distributed loads q applied over two separated areas 

(114×114 mm) located in the top cover plate, thus avoiding any singular stress field due to point loads. 

Regarding the calibration of the FE models in terms of nominal stresses, firstly the beams were 

discretized without the cover plate and fillet welds. Secondly, the distributed loads were applied to the 

top flange with a computed value q = 5.65×10-3 N/m2, such that the stress at the weld toe of the 

transverse welds in the extreme fibre of the tension flange reached a unit value (xx = 1 N/m2) for linear 

static analysis. Later, the cover plates and fillet welds were discretized, and the same distributed loads 

q were applied this time over the top cover plate in the corresponding position. This revealed to be a 

suitable approach to obtain the proper structural stress concentration factors since there is uncertainty 

regarding the defined nominal stress measurement location during the test and a lack of specification in 

codes. For actual bridge girders, usually, the difference in adopting nominal stress computed in the 

extreme fibre from either the flange or the cover plate is usually negligible in terms of fatigue analysis, 

due to the lower cover plate thickness to girder height ratio. 

 

Figure 6.5 – Numerical model of the cover plate detail: (a) geometry and boundary conditions and (b) FE mesh 

at transversally weld cover plate end. 

 

Figure 6.6 – Small fictitious gap left between the cover plate and the flanges. 
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The computation of SCFSs considered a partial through-thickness failure criterion up to a node located 

at 29 mm from the surface, which was the closest node to the desired design crack depth of 30 mm. The 

continuous weld path used for SS calculations is shown in Figure 6.5b (yellow line). Thus, the computed 

structural stress concentration factors for the critical hot-spot located in the bottom flange cover plate 

(subjected to tensile stresses) are shown in Table 6.1 for both FE models. 

Table 6.1 – Structural stress concentration factor for cover-plated details. 

Cover Plate 

Series 

Cover Plate 

Thickness 

ratio (ct/tf) 

SCFHS 

(0.4tf, 1.0tf) 

(Bhargava, 

2010) 

SCFHS 

(0.4tf, 1.0tf) 

(This work) 

SCFSs 

(This work) 

CR & CW 1.5 1.908 2.067 2.876 

CT 2.0 1.998 2.178 2.968 

 

The SCF computed in this thesis are approximately 10% higher than those computed by Bhargava 

(Bhargava, 2010) considering the hot-spot stress method, which may be attributed to different FE 

integration schemes and mesh sensitivity issues. A contour plot of the Equivalent structural stress 

parameters, SS, of the CT FE model for the bottom flange cover plate (subjected to tensile stresses) 

and obtained with the developed post-processor tool (refer to Chapter 5, Section 5.5) is shown Figure 

6.7, with the maximum values located about the middle of the transverse weld, in the same location 

where elliptical surface fatigue cracks initiated during tests. The reassessed S-N data of cover-plated 

details in terms of Hot-spot stress and Eq. SS ranges by imposing the Stress Concentration Factors 

available in Table 6.1 will be discussed in Section 6.8. 

 

Figure 6.7 – Critical Eq. SS spot for cover-plated details. 

 

6.4 LATERAL FLANGE ATTACHMENTS  

6.4.1 FATIGUE TEST ANALYSIS 

The second NCHRP fatigue test program (Fisher et al., 1974) included the testing of lateral attachments 

of different lengths welded to both flanges of simply-supported welded beams (Figure 6.8). In this 

thesis, forty-seven S-N data points were considered in the reassessment analysis. A441 steel was used 
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with a yield stress of 386 MPa. The beams were grouped in four series referred to as AQ, A2, A4, and 

A8, according to the attachment length. The AQ series had 7×51×76 mm plates welded by their shortest 

edge on the flanges. The A2, A4, and A8 series had, respectively, 51 mm, 102 mm, and 204 mm long, 

7 mm thick and 76 mm wide plates welded to the flanges. The beams were tested on a 3048 mm span, 

and the attachments were positioned in the moment gradient region. The shorter attachments were 

located closer to the midspan than the longer attachments. The distances were chosen to ensure that the 

failure occurred at attachment ends before the failure of the plain welded beam. The plates were welded 

with transverse and longitudinal fillet welds with 5 mm leg size. The beams were tested at six nominal 

stress range levels: 55, 83, 110, 138, 165, and 193 MPa measured at the attachment ends closer to the 

midspan in the longitudinal direction. 

 

 

Figure 6.8 – Lateral attachments to flange girder details: (a) global view, (b) AQ series section and (c) A2, A4, 

and A8 series section (units: millimetres). 
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The beams were subjected mainly to in-plane bending by four-point bending test. Results of the fatigue 

test are shown in Figure 6.9. The geometry of the detail significantly affected fatigue behaviour. As 

expected, because of size effects (refer to Figure 2.16, Chapter 2), the shorter attachments sustained a 

greater number of stress cycles before failure than the longer attachments. In general, crack growth 

occurred from a weld toe region that was perpendicular to the applied stress field. Thus, fatigue cracks 

at all attachments details initiated and grew primarily from the transverse fillet weld toe (Figure 6.10). 

All attachment failures occurred in the bottom flange of the beam on the midspan side of the attachment. 

The cracks propagating from the weld toe progressed through the flange and then across the flange 

toward the web. According to Fisher et al. (Fisher et al., 1974), the fracture surface showed that a rapid 

crack propagation was apparent after the flange thickness has been penetrated. For this reason, contrary 

to cover-plated details, the flange thickness is adopted as a failure criterion for the herein applied 

equilibrium-equivalent structural stress method. The derived fatigue strength S-N curve of the merged 

dataset of lateral flange attachments resulted in a lower bound estimation of FAT 57, as shown in Figure 

6.9, which is almost the same characteristic fatigue strength attributed by EC3 for such details when the 

thickness of the attachment (7 mm) is lower than the thickness of the base plate (flanges, 9 mm) – FAT 

56. The standard deviation of the nominal S-N data was relatively high, SD = 0.287, due to the wide 

scatter band of the fatigue strength data. 

 

Figure 6.9 – Derived nominal S-N curve for flange attachment details. 

 

Figure 6.10 – Typical crack patterns at welded flange attachments (Fisher et al., 1974). 
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6.4.2 STRUCTURAL STRESS REASSESSMENT OF THE DEVELOPED FE MODELS 

A FE model of the lateral flange attachment fatigue test (A4 series) is shown in Figure 6.11. In total, 

four global numerical models were created for each flange attachment length. Just for better graphical 

representation, Figure 6.11a omits the FE mesh. Similar to cover-plated detail, a small gap of 0.5 mm 

was left between the flanges and the lateral flange attachments in order enforce a connection only by 

the nodes shared with the fillet welds, although this was not required for the AQ series since the plates 

were welded by the shortest edge in this particular case (Figure 6.12). In the absence of further 

information, the concentrated loads were distributed over two areas of 69.8×114 mm each one. The 

same approach used to establish a unit nominal stress for cover-plated details was employed for lateral 

flange attachments. For each model, the distributed loads which established a theoretical unit nominal 

stress at lateral flange attachment ends closer to the midspan were computed as equal to 1.02×10-1 N/m2 

(A2 series), 1.09×10-1 N/m2 (A4 series), 1.09×10-1 N/m2 (A8 series), and 9.64×10-2 N/m2 (AQ series).  

 

Figure 6.11 – Numerical model of a flange attachment detail (A4 series): (a) geometry and boundary 

conditions of the test setup and (b) FE mesh in the flange attachment region. 

 

The hot-spot stresses were computed by linear surface extrapolation along the x-direction. The 

computed structural stress concentration factors for the critical hot-spot located on the bottom flange 

(subjected to tensile stresses) of each test considering the indicated weld path, Figure 6.11b, are shown 

in Table 6.2. As expected, the stresses are higher for longer attachments. The hot-spot stress 

concentration factors were very similar to the values computed by Bhargava (Bhargava, 2010).  

Table 6.2 – Structural stress concentration factor for lateral flange attachment details. 

Lateral 

attachment series 

L 

(mm) 

SCFHS 

(0.4tf, 1.0tf) (Bhargava, 2010) 

SCFHS 

(0.4tf, 1.0tf) (This work) 
SCFSs 

(This work) 

AQ 71 1.162 1.200 1.550 

A2 151 1.470 1.459 2.050 

A4 102 1.638 1.691 2.380 

A8 204 1.754 1.840 2.570 
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A contour plot of the equivalent structural stress parameters, SS, of the AQ series FE model located in 

the bottom flange (subjected to tensile stresses) and obtained with the developed post-processor tool is 

shown in Figure 6.13. The maximum value for the Eq. SS parameter was located at the beam flange 

edge, indicating an unrealistically high value because of the simplified representation of the weld end. 

For open weld paths, most recent recommendation is to model a curved end, which is more 

representative of the actual weld shape or to use the so-called Generalized Virtual Node method to 

smooth the geometric stress singularity (Z. Wei et al., 2012). The first option will be further 

demonstrated for the FE modelling of the fatigue test program for transverse stiffeners (following 

section). Herein, for lateral flange attachments, since it is known in advance the location of fatigue crack 

initiation from the tests, the maximum SCFSs is recovered from the node indicated with the label 

“Correct location to extract SS” in Figure 6.13, near the weld turn, and the peak stress singularity at the 

weld end should be ignored.  

 

Figure 6.12 – AQ series welded to the flanges by the shortest edge. 

 

Figure 6.13 – Unrealistically high SS values at geometric singularity when adopting simplified modelling of the 

weld ends for open weld paths. 

 

The reassessed S-N data of lateral flange attachment details in terms of hot-spot stress and Eq. SS ranges 

by imposing the stress concentration factors shown in Table 6.2 will be discussed in Section 6.8. 
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6.5 TRANSVERSE STIFFENERS  

6.5.1 FATIGUE TEST ANALYSIS: SC BEAMS 

In this NCHRP fatigue test program (Fisher et al., 1974), simply-supported welded built-up beams 

referred as SC and fabricated with one-sided transverse stiffeners attached to the web were tested, as 

shown in Figure 6.14a. The SC beams series were 352 mm deep and were tested on a 3048 mm span. 

All the beams were fabricated using A441 steel with a yield strength of 386 MPa. Three types of 

transverse stiffeners were tested, although fatigue failure occurred only for Types 1 and 3. Stiffeners 

Types 1 and 2 were welded only to the top flange and the beam web, while stiffeners Type 3 were 

welded to both flanges (Figure 6.14b). SC beams with stiffeners Types 1 and 3 account in total to 32 S-

N data points related to fatigue failures, subjected to the following nominal stress levels at the bottom 

region of stiffeners in the weld toe terminations: 95, 99, 125, 132, 157, 165, and 189 MPa. 

 

 

Figure 6.14 – Transverse stiffener welded to web details – SC beams: (a) global view and (b) sections at each 

transverse stiffener detail type (units: millimetres). 
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6.5.2 FATIGUE TEST ANALYSIS: SG AND SB BEAMS 

In this NCHRP fatigue test program (Fisher et al., 1974), simply-supported welded built-up beams 

referred as SG and SB and fabricated with one-sided transverse stiffeners attached to the web were 

tested, as shown in Figure 6.15a. The SG beam series were 965.2 mm deep and were tested on a 5791 

mm span, with ten beams made of A441 and four beams of A514 steel, providing yield stresses in the 

range of 386 to 690 MPa, while the SB series were built using A441 steel. Three types of stiffeners 

were designed: Type 1 and Type 2 stiffener had small web gaps of 12.7 and 101.6 mm, respectively, 

while Type 3 stiffener were welded to both girder flanges (Figure 6.15b). Only the stiffeners over the 

support were attached to both sides of the web. The SB series differs from the SG series in that it had 

additional lateral bracings attached to the stiffeners adjacent to the load points. The bracings are 

indicated in Figure 6.15a-b. These bracings intended to introduce out-of-plane displacement 

proportional to the vertical displacement. Two different bracings were employed: B1, with a steeper 

slope to achieve a horizontal displacement of approximately one-third of the vertical displacement (H 

/ V ≈ 1/3); and B2, with a moderate slope to achieve an horizontal displacement of approximately one-

sixth of the vertical displacement (H / V ≈ 1/6). In this manner, contrary to the SC and SG beams, 

the SB beams were subjected not only to in-plane bending but also to out-of-plane bending. 

Fatigue failures occurred in the three types of stiffeners. In total, SG and SB beam series accounts to 35 

and 18 S-N data points, respectively. The SG and SB beam series were subjected to the following in-

plane bending nominal stress ranges measured in the bottom region of each stiffener in the weld toe 

terminations in the longitudinal direction: 95, 106, 126, 141, 158, and 177 MPa. 
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Figure 6.15 – Transverse stiffener welded to web details – SG and SB beams: (a) global view and (b) sections 

at each transverse stiffener type and bracing details (units: millimetres). 

 

Fatigue cracks initiated from the weld toe terminations of the stiffeners. For stiffeners Types 1 and 2 it 

initiated from the web-to-stiffener weld toes, while for stiffeners Type 3 it initiated from the stiffener-

to-flange weld toes. The cracks then propagated diagonally across the web, as shown in Figure 6.16b-

c. The nominal S-N data of SC, SG, and SB beam series are summarized in Figure 6.16a, with a 

relatively low standard deviation among test points. The transverse bracings attached to the stiffeners 

in the SB beam series did not modify their fatigue strength significantly since the introduced out-of-

plane loading was considered of moderate level. The derived fatigue strength S-N curve of the merged 

dataset of transverse stiffeners resulted in a lower bound estimation of FAT 93, which is higher than 

characteristic fatigue strength attributed by EC3 for such details – FAT 80. The study concluded that 

the same S-N characteristic fatigue strength could be used for stiffeners welded to the web only or 

welded to both web and flange. 
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(b) 

 
(a) (c) 

Figure 6.16 – (a) Derived nominal S-N curve for transverse stiffener details; (b), (c) photographs of the fatigue 

failures of stiffener Types 2 and 3, respectively (Fisher et al., 1974). 

 

6.5.3 STRUCTURAL STRESS REASSESSMENT OF THE DEVELOPED FE MODELS 

The FE models of the SC and SG beam series are shown in Figure 6.17 and Figure 6.18, respectively. 

A global shell model was adopted with an overall mesh size of 50 mm, while solid sub-models followed 

the same mesh size prescriptions given in Section 6.2.2. The local sub-models employed solid quadratic 

elements (Figure 6.17b-c and Figure 6.18b-d), as stated previously. The calibration of the FE models in 

terms of the unit nominal stress field near the weld toe terminations of the stiffeners followed the same 

approach described for cover-plated details: to find the distributed loads which result in a unit stress 

field (1 N/m2) in the web (for stiffeners Types 1 and 2) or in the flange (for stiffeners Type 3) over the 

weld toe termination locations without the stiffeners being discretized, and then discretize the stiffener 
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Figure 6.17 – SC beams FE numerical models: (a) global model with linear shell elements, (b) and (c) stiffener 

Types 1 and 3 sub-models with solid quadratic elements. 

 

Figure 6.18 – SG beams FE numerical models: (a) global model with linear shell elements, (b), (c) and (d) 

stiffener Types 1, 2, and 3 sub-models with solid quadratic elements, respectively. 
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static analyses are necessary to simulate the tests, the calibration is straightforward due to the 

proportional nature between loads and response, with the difference that for the current test and the 

following ones – lateral web attachments and transverse stiffeners with web gaps, Sections 6.6 and 6.7, 

respectively –, sub modelling technique is employed to reduce computational costs and increase the 

accuracy of the analyses. Table 6.3 summarizes the distributed loads derived from the calibration 

process in terms of unit nominal stresses for SC, SG and SB beam series. 

Table 6.3 – Distributed loads derived from the imposed unit nominal stress at weld toe terminations of stiffeners. 

 Girder series – transverse stiffener 

 SC SG & SB (with B1 or B2) 

Stiffener type: 1 3 1 2 3 

q × 10-3 (N/m2): 48.56 44.47 170.77 192.37 187.92 

 

The FE models of the SB beam series is shown in Figure 6.19. For this particular series, a point element 

simulating a perfect hinge perpendicular to the plane normal to the stiffeners (x-axis) was inserted 

between the beam end node and a stiffener shell node, thus allowing only axial forces to be transmitted 

through the diagonal bracings, see Figure 6.19.  

 

Figure 6.19 – FE numerical model for SB beams with Bracing B1 ( = 18.44º and H / V ≈ 1/3) and Bracing 

B2 ( = 9.47º and H / V ≈ 1/6). 
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adopted for the bracings. Note that in the FE program, the element hinge is referred as a Revolute Joint, 
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ignored, and from experience with experimental measurements of bridges with web gap details, this 

may lead to unreliable local stresses in the numerical model near the stiffener weld end since in most 

cases the bracings transmit little or any bending to the girder considering the range of loads acting on 

actual girder bridges. For global effects, such as global stresses and displacements, the difference caused 

by the absence of a hinge seems to be negligible. In the design, a hinge may be simulated by connecting 

the bracing through a unique bolt. In the sub modelling of stiffeners Type 1 and 3, special care was 

taken in order to pass the cut planes such that this bolt was excluded, thus avoiding the unnecessary 

modelling of the bolted connection (see local sub-models in Figure 6.18b-d). The nodes located in the 

other end of the bracings were restricted to translations in the three directions, x, y, and z. Proceeding 

in this manner for the boundary conditions of the bracings – hinge in one end, and translation restrictions 

in the other –, only axial deformation is allowed for the bracing, which is closer to the actual structural 

behaviour. 

After the explanation of the FE modelling of transverse stiffener details, the following steps summarize 

the procedure to extract the stress concentration factors for the hot-spot stress method and the 

equilibrium-equivalent structural stress method: 

1. Apply the distributed loads of Table 6.3 to the global FE models of SC, SG, and SB beams; 

2. Solve a linear static analysis of the global FE models; 

3. Depending on the applied distributed load, interpolate the displacement solution from the global 

FE models to the corresponding local sub-model, which is located in the same corresponding 

cartesian coordinates as if it was present in the global model; 

4. Solve a linear static analysis of the local sub-model in question; 

5. Extract the equivalent structural stress parameters, SS, with the developed post-processor tool 

(refer to Chapter 5), indicating the appropriate local coordinate system and the desired weld 

path (yellow lines in Figure 6.17 and Figure 6.18). Extract also the hot-spot stresses from simple 

linear surface extrapolation along the x-axis. These structural stresses are in relation to a unit 

nominal stress and hence represent the structural stress concentration behaviour. 

 

The computed structural stress concentration factors for the critical hot-spot locations of each test 

(SC/SG/SB beam series), Figure 6.17 and Figure 6.18, are shown in Table 6.4. The maximum difference 

between the SCF computed in this thesis in terms of hot-spot stresses compared with those from 

Bhargava (Bhargava, 2010) is nearly 15%, which may also be attributed to different FE integration 

schemes and mesh sensitivity issues. As stated earlier, in the experimental tests, the two bracings did 

not result in a significant difference in fatigue life neither in stress concentration in the hot-spot analysis, 

as can be seen from Table 6.4. In general, the differences of SCF among different stiffeners are not very 
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significant, which justifies the derivation of a unique characteristic fatigue strength S-N curve in Figure 

6.16. The reassessed S-N data of transverse stiffener details in terms of hot-spot stress and Eq. SS ranges 

by imposing the SCFs shown in Table 6.4 will be discussed in Section 6.8. 

Table 6.4 – Structural stress concentration factor for transverse stiffener attachment details. 

 Girder series – transverse stiffener 

 SC SG 
SB 

H/V ≈ 1/3 H/V ≈ 1/6 

Method / Stiffener type: 1 3 1 2 3 1 2 3 1 2 3 

SCFHS (0.4tf, 1.0tf) 

(Bhargava, 2010) 
1.32 1.28 1.22 1.13 1.14 1.22 1.13 1.12 1.22 1.13 1.13 

SCFHS (0.4tf, 1.0tf) 

(This work) 
1.36 1.25 1.38 1.30 1.11 1.39 1.30 1.12 1.36 1.30 1.09 

SCFSs 

(This work) 
1.87 1.75 1.73 1.59 1.58 1.73 1.59 1.57 1.69 1.59 1.56 

 

Special care was necessary to obtain reliable equilibrium-equivalent structural stresses for stiffeners 

Types 1 and 2 since the fatigue crack initiation points were located at fillet weld terminations (Figure 

6.20a). As mentioned in Section 6.4.2, a common procedure is to adopt simplified modelling of weld 

ends during the design phase. However, to obtain reliable Eq. SS at these spots, to model the weld 

curved becomes mandatory, in order to avoid geometric stress singularities and hold the continuity 

hypothesis along the weld path, which is a prerequisite in this method. However, one may note that 

curved weld ends may also be considered as closer to the actual shape, although still being an idealized 

modelling strategy. The surface stress extrapolation method has, of course, also problems in such cases, 

although they seem to be less severe because the extrapolated stresses are extracted outside the region 

of geometric singularity. Figure 6.20b shows a contour plot of Eq. SS obtained with the developed post-

processor for the curved weld end. 

  

(a) (b) 

Figure 6.20 – Influence of curved weld termination in the computed Eq. SS parameter. 
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6.6 LATERAL WEB ATTACHMENTS 

6.6.1 FATIGUE TEST ANALYSIS 

Under this fatigue program (Fisher et al., 1980), eighteen full-size simply-supported beams with various 

lateral gusset plates were fabricated to evaluate their fatigue performance (see Figure 6.21). The gussets 

were connected to a stationary beam with four supports by means of a horizontal diaphragm system. 

The aim of this arrangement was to produce out-of-plane displacements within the small gaps that 

existed between the gusset ends and the transverse web stiffeners. The work was motivated by previous 

fatigue cracking failures which occurred in the intersection of lateral attachments with transverse 

stiffeners in American welded bridges (Fisher et al., 1977), and provided improvements in detailing 

recommendations for bridge design codes (AASHTO, 2014; Supplement to CHBDC S6-14, 2016). 

 

Figure 6.21 – Lateral web attachment details: (a) global view and (b) plan view (units: millimetres). 
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Each beam had one web gusset at the midspan, and two flange gussets near supports welded to the beam 

by either fillet welds or groove welds, the former ones with 6 mm leg size (see Figure 6.22). In this 

particular fatigue program, only the web gusset details were reassessed. The tested beams were rolled 

W690×170, W690×217, and W920×238. The W690 and the W920 series were tested on 5486 mm and 

6096 mm spans, respectively. The stationary beams were rolled W920×345 for all tests. All beams were 

made of A36 steels. The lateral bracing members were welded T-sections (WT 125×11) that provided 

bending stiffness comparable to those used in typical bridge structures. These bracings were connected 

to the stationary beam, 1829 mm away. 

The web gussets were grouped into three types, Details 1, 2, and 3, as illustrated in Figure 6.22 and 

Figure 6.23. The web gussets were fabricated from 12.7×203×610 mm plates and were positioned 127 

mm above the bottom flange, as illustrated in Figure 6.22. Details 1 and 3 are currently the most 

common design solution for web gussets in bridge construction. Details 1 and 2 were chosen to study 

the influence of the positive attachment between the transverse stiffener and the web gusset. The former 

had a positive attachment with the transverse stiffener with a 63.5 mm gap, while the latter was not 

attached to the transverse stiffener leaving an internal gap of 76.2 mm (see Figure 6.23). Detail 3 is 

often used when no stiffener is present.  

 

Figure 6.22 – Gusset attachment types (units: millimetres). 

 

Figure 6.23 – Lateral web attachment details (units: millimetres). 
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not significant. The characteristic fatigue strength coincided with the recommended by Eurocode (EN 

1993-1-9, 2005) for longitudinal attachments with length higher than 100 mm, FAT 56. None of Details 

1 and 2 developed cracks in the girder web adjacent to the transverse stiffeners in the internal region. 

All cracks that were found developed at the ends of the lateral gusset plates (at the label “Crack 

locations” in Figure 6.21) and then propagated into the web. This indicated that the distortion caused 

by the lateral bracings had no adverse effects on fatigue strength of web gussets or the test setup was 

not capable of providing a high level of out-of-plane loading. Indeed, the in-plane bending stress at the 

end of gusset plates was the most dominant stress variable.  

 

Figure 6.24 – Derived nominal S-N curves for web gusset details. 

 

6.6.2 STRUCTURAL STRESS REASSESSMENT OF THE DEVELOPED FE MODELS 

In total, nine shell global numerical models and nine local sub-models were created. A FE model of the 

W690×170 series is shown in Figure 6.25a. The global shell models adopted an overall mesh size of 50 

mm, while the sub-models followed the same mesh size prescriptions given in Section 6.2.2, e.g. as 

shown in Figure 6.25b. The calibration process followed a different procedure than the previous test 

setups. As reported in Fisher and co-authors’ work (Fisher et al., 1980), under the impossibility of 

measure the nominal flexural stress at the weld end due to stress raising effects, the nominal stresses 

were measured in a region near the web gusset ends slightly above the fillet weld, where strain gauges 

were placed (see Figure 6.26b). Therefore, the unit nominal stress field was enforced in the local sub-

model in the same region, following the same procedure described in Section 6.5.3 for the sub modelling 

technique. Care was taken to place the cut planes of the local sub-model such that to model the bolted 

connections becomes unnecessary (Figure 6.25b), in a similar manner as was done for the transverse 
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stiffener bracings (Section 6.5.3). Note that, since the boundary conditions of the test setup are totally 

symmetric, the stress field in both ends were exactly the same, not mattering which end would be chosen 

to place the local sub-model. 

 

Figure 6.25 – FE numerical models of the lateral connection plate fatigue test setup with the W690x170 profile: 

(a) view of the global model and (b) local sub-model. 

  

(a) (b) 

Figure 6.26 – Nominal stress field near the hot-spot: (a) contour plot of the local sub-model and (b) picture of 

the test with the position of the strain gauge for stress measurement (Fisher et al., 1980). 

 

In the absence of further information, the concentrated loads were distributed over two areas of 114×218 

mm each one. Table 6.5 summarizes the distributed loads derived from the calibration process in terms 

of unit nominal stresses: 

Table 6.5 – Distributed loads derived from the imposed unit nominal stress field at web gusset ends. 

 Girder series – web gusset 

 W 690×170 W 690×217 W 920×238 

Detail type: 1 2 3 1 2 3 1 2 3 

q × 10-3 (N/m2): 163 120.4 124.3 163 166 170 222 221 227 
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The computed structural stress concentration factors for the critical hot-spot location of each test, Figure 

6.25, are shown in Table 6.6. Linear stress surface extrapolation used the longitudinal stresses in x-

cartesian coordinate. The critical hot-spot was correctly addressed by the equilibrium-equivalent SS 

method as located in the middle of the transverse fillet weld in the web gusset end, coinciding with the 

location of fatigue crack initiation in tests, as illustrated by Figure 6.27, which was obtained with the 

developed post-processor tool. Such a location was expected because the web gusset was positioned in 

a region of pure bending. The differences among SCFs for the different girder series and web gusset 

details were not significant. In terms of hot-spot stress method, the values varied very little from those 

obtained by Bhargava (Bhargava, 2010). The reassessed S-N data of lateral web attachments in terms 

of Hot-spot stress and Eq. SS ranges by imposing the Stress Concentration Factors shown in Table 6.6 

will be discussed in Section 6.8. 

Table 6.6 – Structural stress concentration factor for lateral web attachment details. 

 Girder series – web gusset 

 W 690×170 W 690×217 W 920×238 

Method / Detail type: 1 2 3 1 2 3 1 2 3 

SCFHS (0.4tf, 1.0tf) 

(Bhargava, 2010) 
2.01 1.99 1.97 2.03 2.01 1.99 1.98 1.96 1.93 

SCFHS (0.4tf, 1.0tf) 

(This work) 
2.04 1.97 2.02 2.01 1.95 1.99 2.03 1.97 2.00 

SCFSs 

(This work) 
3.35 3.24 3.31 3.40 3.31 3.35 3.38 3.28 3.34 

 

 

Figure 6.27 – Location of maximum SCFSs for Detail 1 – Girder series W920x238. 
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6.7 TRANSVERSE STIFFENERS WITH WEB GAPS 

6.7.1 FATIGUE TEST ANALYSIS 

In this fatigue test program (Fisher et al., 1990), a total of 12 full-size girders were fabricated with 

transverse connection plates attached to the web, as illustrated in Figure 6.28. ASTM A370 steel grade 

was used, exhibiting a yield stress of 250 MPa. The girders were tested in pairs in order to impose out-

of-plane distortion to the girder webs through passive bracings connected to the transverse stiffeners, 

which in turn reacted to the vertical four-point loads. Heavy steel sections were clamped to the bottom 

flanges of the pair of girders aiming to simulate the effect of RC slab decks in bridges top flanges, thus 

preventing bottom flange buckling and rotation about their own axes. Such fatigue test program was 

motivated by numerous fatigue cracking in such details in practice throughout the years (refer to Chapter 

2) 

 

Figure 6.28 – Transverse stiffeners web gap fatigue test: overall view (units: millimetres). 

 

Each girder consisted of a 3048 mm long beam located in the middle (Figure 6.29a-b) and two end 

beams located at both ends (Figure 6.29c-d), which were reused for all tests. The end beams were 

attached to the test beams by means of bolted connections. The test beams were 914.4 mm deep and 

had 9.5 mm thick web plates. The web plates were welded to the 25.4 mm flange plates with 8 mm fillet 

welds. Each test beam had 9.5 mm thick transverse stiffeners welded to the web and the top flanges 

with a 4.8 mm fillet weld. The welds were placed on both sides of the stiffeners and all around the 

stiffeners terminations. 
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In this fatigue test program, two nominal web gap sizes were investigated by Fisher and co-authors’: 38 

and 76 mm (Figure 6.29a), although their dimensions may vary due to construction tolerances. The 

nominal size values are measured from the bottom edge of the transverse stiffeners to the top side of 

the bottom flanges. 

 

Figure 6.29 – Transverse stiffeners web gap fatigue test: girders dimensions (units: millimetres). 

 

From experience with previous tests (Sections 6.5 and 6.6), the current test setup was designed such 

that it guarantees a high level of distortion-induced effects. Therefore, herein the bracings were 

positioned such that it reacts to the vertical loads in order to ensure a higher level of distortion-induced 

fatigue. The bracings were fabricated from 63.5 and 76.2 mm threaded and adjustable pipes, as 

illustrated in Figure 6.30. In this manner, the desired level of distortion was controlled during tests by 

the bracing angle, . Whereas the level of out-of-the-plane stresses at the web gaps varied from 61.4 to 

186.9 MPa, the in-plane stresses in the lower side of the bottom flange in the midspan were kept 

constant, 41.36 or 82.74 MPa. 

The stress field in the 38 mm web gap presented a single curvature characteristic, with cyclic tension in 

one side and cyclic compression in the opposite face. Regarding the 76 mm web gap, a double curvature 

behaviour was observed, with both cyclic tension and cyclic compression in both sides of the web. 
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Fatigue cracks were detected only at cyclic tension sides, at the toes of the transverse-stiffeners to web 

welds or at the flange-to-web welds, the former being more frequent. The local failure criterion was the 

web plate through-thickness crack. 

 

Figure 6.30 – Transverse stiffeners web gap fatigue test program: section (units: millimetres). 

 

As explained, because the tests were not designed in terms of nominal stresses, due to the difficulty to 

relate a nominal stress to an out-of-plane loading, the applied calibration process required a different 

approach, which will be demonstrated in the following section together with the S-N results in terms of 

out-of-plane (also called ‘secondary’) stresses. 

 

6.7.2 STRUCTURAL STRESS REASSESSMENT OF THE DEVELOPED FE MODELS 

In total, six shell global numerical models and seven local sub-models were created. A shell global FE 

model and a local sub-model are shown in Figure 6.31 and Figure 6.32, respectively. The modelling of 

the bolted connections was disregarded due to lack of information on the report. The modelling 

strategies for the local sub-model and the bracings followed the same approaches described in previous 

sections. In the absence of further information, the concentrated loads were distributed over four areas 

of 264×114 mm dimensions each. For the tests performed for 41.36 MPa in-plane stresses at the 

midspan, loads P were set as equal to 122 kN, whereas for 82.74 MPa they were set as equal to 230 kN. 

The fatigue resistance of these web gap details was studied by Fisher and co-authors by measuring the 

stresses parallel to the y-axis (Figure 6.32b) extrapolated to the weld toes of the gap with strain gauges. 

At the time of the herein referred NCHRP fatigue program (Fisher et al., 1990), the extrapolation rules 

to determine the hot-spot stress were not well established for plate-type structures. Therefore, Fisher 

and co-authors have determined the fatigue resistance based on a modified extrapolation rule, which 

may vary per test, i.e. the exact location of the strain gauges used to measure stresses at the web gap 

cannot be derived from the reports for all tests, although the extrapolated stress is readily available for 
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all S-N data points. In general, the fatigue resistance was expressed in terms of an extrapolated out-of-

plane stress range, which was determined based on simple linear extrapolation of the measured stresses 

in the y-direction (Figure 6.32a) with two to three strain gauges placed in the small web gaps (Figure 

6.32b) under two separated load steps (peak and valley) of the fatigue test. Herein, to differentiate these 

extrapolated values from the conventional hot-spot stresses, they are named ‘modified hot-spot 

stresses’.  

 

 

(a) (b) 

 

(c) 

Figure 6.31 – The developed global numerical model of the fatigue test program NCHRP report (Fisher et al., 

1990) for fatigue strength assessment of web gap details: (a) global view, (b) longitudinal view and (c) side 

view. 

 

 

(a) (b) 

Figure 6.32 – (a) Local numerical models of the web gap detail: 76 mm web gap and (b) Placement of strain 

gauges to measure the modified hot-spot stresses (Fisher et al., 1990). 
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For the local sub-models, it was hard to compute reliable stresses for the smaller web gaps with 38 mm 

for two reasons: i) although the requirement of a 38 mm nominal web gap size, the actual size obtained 

during construction was even smaller, in the order of 20 mm, making it difficult to position at least three 

separated strain gauges within such a short distance and hence leading to unreliable extrapolated 

stresses; and ii) the very short length of the web gap is highly influenced by localized constrained plastic 

flow, high residual stresses due to the presence of two welds very near to each other (see Figure 6.32) 

and local notch effects of both welds. Both reasons make it hard to calibrate the 38 mm web gaps. 

Therefore, in this thesis, only the longer web gaps with a nominal size of 76 mm were reanalysed. After 

rejecting the small web gap S-N results, the results of the longer web gap are shown in Figure 6.33 in 

terms of the ‘modified hot-spot stress range’. The data agreed well with FAT 80, although a general 

conclusion cannot be inferred since the hot-spot stress definition for this particular case is nonstandard. 

 

Figure 6.33 – Modified Hot-spot S-N curve for transverse stiffener web gap details. 

 

Regarding the calibration of the FE models, because of the aforementioned difficulties, the common 

procedure based on SCFs used in previous sections cannot be repeated for this last test setup. One may 

also note that the angles used for the bracings (Figure 6.30), referred by the Greek letter , were not 

reported in the original Fisher and co-author’s work, making even more difficult to calibrate the 

numerical models. Based on that, a more sophisticated calibration process relying on a numerical 

optimization algorithm of black-box type available in MATLAB Optimization Toolbox is proposed 

(Figure 6.34), referred as PatternSearch, which is appropriate to deal with problems without known 

derivatives (Audet & Kokkolaras, 2016). The algorithm is put to work together with ANSYS 

Mechanical in a structured framework, aiming at minimizing the following objective function of the 
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sum of the squared differences between the observed and computed modified hot-spot stress ranges 

(MHS) below a predefined tolerance of 1 MPa: 

2

, ,
1

Tol. 1 MPa
N

obj MHS Observed MHS Computed
i

f  
=

 
 
 

 ==  −  (6.7) 

 

where N is the number of the tested pair of beams. 

 

Figure 6.34 – Flowchart for the calibration procedure of web gaps test setup for each Girder Pair: 

MATLAB/ANSYS framework. 

 

At first, an initial set of angles for the bracings is indicated (1, 2, 3, and 4) with values limited by 

the vectors lb and ub, standing for lower bound and upper bound, respectively, which were adopted 

between 0 and 45 degrees due to geometric constraints. These values are passed to “fobj.m”, which is 

responsible for erasing the contents and writing it to file “bar_angles.txt”.  The set of angles in question 

is also appended to “angle_iterations.txt” for register purposes. Then, an instance of ANSYS 

Mechanical is launched with the macro “Macro_Pair_N.inp”, which may have different configurations 

for each pair of girders being calibrated (Figure 6.35). This macro is basically responsible for: i) 

resuming a shell global FE model of the test setup without the bracings; ii) reading the proposed angles 
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value is then returned to PatternSearch algorithm in MATLAB, which will evaluate the need to propose 

a new set of angles ('1, '2, '3, and '4) and restart the analysis until achieving convergence.  

 

Figure 6.35 – Flowchart for the calibration procedure of web gaps test setup: ANSYS Macro. 

 

Table 6.7 – Results of the optimization procedure to determine the slopes of the steel bracings. 

Steel bracings slopes (decimal degrees °) 

No. of  

Iterations Girder 

Left girders Right girders 

    

G2 3.21 10.97 10.65 12.83 53 

G5 8.25 12.82 12.10 5.72 46 

G6 4.58 12.20 7.76 13.95 51 

G8 4.43 12.40 6.88 14.51 51 

G10 6.25 12.09 12.03 7.82 61 

G11 4.69 11.44 4.501 4.501 28 

G12 4.501 4.501 0.72 6.78 39 
1 Defined as fixed slopes for these optimization simulations. 
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The angles found in the optimization process for the seven reported failures of longer web gaps (76 

mm) are reported in Table 6.7 in decimal degrees, together with the number of iterations need to achieve 

convergence. In general, even small angles were responsible for creating high secondary stresses due 

to distortion at the welds in the web gap. Although the gauge locations were not known, the best fit was 

adopted by minimizing the difference with the experimental extrapolated stress range measured with 

nonstandard gauge locations in the tension side of the web with linear extrapolations for stresses located 

from 0.4t and 1.0t of the weld toes. The optimization was performed separately for each girder taking 

advantage of the symmetry, which was carried out by pairs. 

Note that two static analyses are performed for each iteration of the optimization process, one for the 

global model and the other for the local sub-model (Figure 6.35). With the stress solution for these static 

analyses, the stress range is computed by multiplying them by (1 – R), where R is the ratio between the 

minimum to maximum applied loads. During the tests, the minimum applied load was defined such that 

tensile stress of 6.89 MPa (or one kilopound per square inch) was obtained in the lower flange at the 

midspan, for either the test setup with lower or higher in-plane stress ranges, 41.4 and 82.7 MPa. This 

guaranteed the lowest possible load ratios R for both setups in practice, equal to 0.145 and 0.077 for 

41.4 and 82.7 MPa in-plane stresses, respectively. Once the ‘optimum’ angles are determined with a 

small error in relation to secondary stresses (< ~1%), one may compute the Eq. SS ranges for each 

calibrated local sub-model, as shown in Table 6.8, by applying the developed post-processor tool 

developed in Chapter 5 to the calibrated local FE sub-models using the web plate thickness as failure 

criterion and the weld path indicated in Figure 6.32a (yellow line). 

Table 6.8 – Nominal and secondary stresses of the calibrated local FE sub-models. 

Girder 

Applied 

FE 

loads, 

Pmax 

(kN) 

Web 

gap 

length2 

(mm) 

In-plane stress 

range1,  (MPa) 

 = MAX × (1 – R) 

Out-of-plane hot-spot stress 

range2, HS (MPa) 

HS = HSMAX × (1 – R) 

Linear rule (0.4t, 1.0t) 

Eq. SS range, Ss 

(MPa) 

Mode I  

Ss = SS × (1 – R) 

 

Measured Computed Measured3 Computed Error Computed 

G2 122.04 45.97 41.36 41.27 61.36 61.78 0.68% 153.64 

G5 122.04 49.02 41.36 41.25 60.67 61.28 1.01% 87.75 

G6 122.04 49.53 41.36 41.22 132.38 132.00 0.29% 223.95 

G8 122.04 51.05 41.36 41.20 160.65 160.15 0.31% 255.72 

G10 229.62 51.31 82.74 83.54 102.04 101.43 0.60% 151.13 

G11 229.62 53.59 82.74 83.10 170.30 169.61 0.41% 329.39 

G12 229.62 48.26 82.74 82.43 186.85 186.52 0.18% 337.72 
1 Measured in the bottom flange at the midspan. 

2 Measured from the toes of stiffener-to-web and flange-to-web welds.  

3 At the time the test was carried out, the stresses were measured using linear extrapolation with 

nonstandard positions for the strain gauges. 
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Note that Table 6.8 also shows the computed and measured in-plane stresses, since the bar angles are 

responsible to also slightly change the predefined in-plane stresses, although the differences 

demonstrated to be negligible. Furthermore, Table 6.8 also shows the actual web gap size reported in 

Fisher and co-authors’ work, recalling that seven local sub-models were created in order to reproduce 

exactly the actual web gap size of each girder achieved in the actual structure, thus ensuring a more 

reliable stress field. A contour plot of the Equivalent structural stress parameters, SS, of a local web 

gap sub-model obtained with the developed post-processor tool is shown in Figure 6.36a. In general, 

the overall pattern of the maximum values for the SS are in agreement with the expected fatigue crack 

growth behaviour (Figure 6.36b). The reassessment of the S-N data of transverse stiffeners web gap 

details in terms of Hot-spot stress and Eq. SS ranges by using the values shown in Table 6.8 and their 

validation will be discussed in Section 6.8 together with the previous tests. 

  

(a) (b) 

Figure 6.36 – (a) Contour-plot of the Eq. SS found after the calibration process for a girder specimen series 

and (b) crack pattern around the stiffener termination. 

 

6.8 RESULTS AND DISCUSSION 

The nominal S-N data of the first four reassessed fatigue tests (see Figure 6.4, Figure 6.9, Figure 6.16, 

and Figure 6.24) are presented together in Figure 6.37. A lower bound FAT 50 is derived from the 

merged datasets. Regarding the fifth test setup, since a nominal stress parameter cannot be correlated 

for this particular case, the S-N data are not aggregated in Figure 6.37. As an illustration, Figure 6.38 

exhibits the same S-N data together with the AASHTO S-N curves (refer to Chapter 3, Figure 3.4), with 

the exception of FAT 160, which is exclusive for non-welded rolled profiles. Figure 6.38 clearly shows 

that the merged datasets supports the proposition of such separated nominal S-N curves according to 

the structural detail categories in the range of FAT 50 to FAT 125, with the exception of FAT 40, which 

is the lowest characteristic fatigue strength available for welded connections in AASHTO. FAT 40 is 

often related to flange tip attachments (see Figure 2.13b), which were less studied in the herein referred 

NCHRP reports, and hence were not included in the present study.  
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Figure 6.37 – Merged nominal S-N data for welded bridge details. 

 

.  

Figure 6.38 – Merged datasets for welded bridge details together with AASHTO S-N curves for welded details. 
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As was expected, the nominal stress range (FAT 50 to FAT 125) presented a wide scatter band, with a 

relatively high standard deviation of 0.358 and a low R-square, 0.433, which is indicative of the poor 

statistical correlation considering the merged nominal dataset.  

The nominal S-N data of the first four reassessed fatigue tests are modified by scaling the nominal stress 

range parameter by the appropriate SCF (Table 6.1, Table 6.2, Table 6.4, and Table 6.6) to derive the 

strength data in terms of the hot spot stress range (HS) – see Figure 6.39 – and equivalent structural 

stress parameters (SS) – see Figure 6.40, divided by structural details categories, and Figure 6.41 –, 

handling the units in MPa. S-N data of the fifth test setup do not need to be handled in this manner since 

they were already expressed in terms of ‘modified’ hot-spot stresses from the calibrated models, the 

same applying for the Eq. SS ranges (Table 6.8). Therefore, for the last setup case, the datasets are 

merged without any adjustment, using stress concentration factors. 

In the case of the hot-spot stress method, according to IIW (IIW, 2016), it is necessary to include 

misalignment effects by dividing HS by 1.05, to cover their unfavourable influence on the fatigue life 

up to a margin of 5%. The reason is that the FE models are idealized geometries and did not explicitly 

include the misalignments in solid modelling (refer to Chapter 3), which is not practical. Therefore, the 

hot-spot S-N data presented in Figure 6.39 already includes the misalignment effects. 

 

Figure 6.39 – Scaled structural hot-spot stress results for welded bridge details. 
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Figure 6.40 – Derived ‘Master S-N curve’ for welded bridge details. 

 

 

Figure 6.41 – Merged S-N datasets of welded bridge details with ASME Master S-N design curve. 
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In general, the merged datasets agreed very well both for the hot-spot and the equilibrium-equivalent 

structural stress methods endurance definitions. The derived parameters for the ‘Master S-N curve’ for 

bridge details are shown in Table 6.9, assuming the same probability of survival recommended by EC3 

and IIW, Ps = 95.0 %, which may be considered less conservative than that proposed by ASME, Ps = 

97.7 %, although the difference is not significant, in the order of 13.52% for the C raised to h values 

(CASME) (grey cells), see below. 

Table 6.9 – Derived parameters for the ‘Master S-N curve’ for welded bridge details. 

Statistical 

basis 

Ps CASME 

ASME Sec VIII 

Div 2 

Piping & Pressure 

vessels 

Statistical 

basis 

Ps CASME 

‘Master S-N curve’ 

for welded bridge 

details (this work) 

h 

(fixed) 

Mean  19,930.2 Mean   –0.3195 

+1 SD 32.0% 23,885.8 + 1.65 SD 5% 24,107.9 

– 1 SD 68.0% 16,629.7 

+ 2 SD 2.30% 28,626.5 

– 2 SD 97.7% 13,875.8 – 1.65 SD 95% 15,765.0 

+ 3 SD 1.00% 34,308.1 

– 3 SD 99.0% 11,577.9 

 

A common conclusion of the present study is that the Master S-N curve for piping and pressure vessels 

recommended by ASME for the equilibrium-equivalent structural stress method appears to also produce 

a reasonable agreement with the fatigue test results of welded bridge details (see Figure 6.41). The 

standard deviations and the R-squares obtained from the hot-spot and the equilibrium-equivalent 

structural stress methods, SD = 0.172, R2 = 0.854 and SD = 0.175, R2 = 0.851, respectively, are of the 

same magnitude, and the differences are negligible. 

Such similar performance between both methods may be attributed to the range of reassessed 

thicknesses. Note that an empirical thickness correction factor for the reassessed hot-spot data in the 

form of Equation (3.34) was not employed in the present study. Since the range of reassessed thickness 

is not so high, within 6 to 25 mm, such an empirical correction factor is not necessary. Thus, the 

probably higher scatter of the hot-spot stress method in relation to the equilibrium-equivalent structural 

stress method due to thickness size effect could not be seen. For such an effect be clearly demonstrated, 

it would probably be necessary to include test setups with thicknesses in the range of 32 to 100 mm, 

which were not often used in bridge construction at the time the referred NCHRP fatigue test programs 

were designed, due to fatigue concerns with thick plates (refer to Chapter 2). 

In the last two decades, structural bridge details with thicknesses greater than 50 mm became very 

common (G. Alencar, Ferreira, et al., 2018), due to fatigue provisions and improved steel fracture 

toughness. In this manner, the equilibrium-equivalent structural stress method with the developed post-
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processor may be better suited to deal with the thickness size effect and the stress raising across the 

thickness since their effects are already included in the equivalent structural stress parameter, SS, 

Equation (5.82), and the equilibrium-equivalent structural stresses, s, Equations (5.60) and (5.61), 

respectively. 

 

6.8.1 THE HOT-SPOT STRESS METHOD UNDER HIGH BIAXIAL STRESS STATE 

Figure 6.39 demonstrates that a lower bound FAT 90 as proposed by IIW is feasible when considering 

the merged hot-spot datasets, with the exception of the web-gap details results. For this particular test-

setup, the S-N data were better correlated with the equilibrium-equivalent structural stress method 

instead, agreeing well within the confidence limits, either for Ps = 97.7% or 95%. The explanation of 

why the web-gap details S-N data lied below FAT 90 for the hot-spot stress method may be attributed 

to the two following possible reasons. 

Nonstandard positions for the strain gauge used to compute the extrapolated stress ranges were adopted 

during tests. Indeed, the strain gages did not follow fixed positions in relation to the plate thickness in 

this NCHRP report (Fisher et al., 1990), because the hot-spot stress method was not well established 

for plate-type structures at the time, as already mentioned. One should also recall the fact that the 

different extrapolation rules may lead to different hot spot strength definitions (Radaj et al., 2006) – 

refer to Chapter 3. On the other hand, since the equilibrium-equivalent structural stress method is not 

affected by extrapolation point positions, the S-N data for this particular detail lied better with the 

Master S-N curve proposed by ASME. For both methods, such a problem of uncertainty regarding the 

strain gauges positions was overcome by minimizing the difference between the experimental 

extrapolated ‘modified’ hot-spot stress ranges with the theoretical linear extrapolated conventional hot-

spot stress ranges (0.4t, 1.0t) obtained from the web-gap FE sub-models. 

In this manner, a FAT 80 seems to be in better agreement considering the hot-spot stresses (see Figure 

6.39), which is also recommended for weld root cracking in a modified version of the hot-spot stress 

method proposed by IIW (refer to Chapter 3). Thus, FAT 80 would also be more appropriate for weld 

toe cracking for this particular welded detail. The presence of highly biaxial stress state with high shear 

stresses in the XY-plane usually present throughout the transverse stiffener fillet welds of web gap 

details due to the concentrated loads acting in the web may be another reason, as other authors have 

also proposed FAT 80 for cope hole details under the influence of high shear to bending ratios when 

using the hot-spot stress method (Aygül et al., 2013; X. Wei et al., 2017), as briefly mentioned in 

Chapter 3. The position of the maximum Eq. SS parameters, SS, located in the curved region of the 

weld is such an indication of the presence of shear stresses in the web plane (Figure 6.36). Further 

research supported by structural stress multiaxial analysis, which is out-of-scope of the present thesis, 

would be necessary to investigate this hypothesis. 
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6.8.2 DESIGN MASTER S-N CURVE FOR VARIABLE AMPLITUDE APPLICATIONS OF WELDED BRIDGES 

In order to obtain a design Master S-N curve for fatigue assessment purposes in the framework of 

Eurocodes, the following equations are proposed (refer to Chapter 3): 
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where Nkp = 10×106 cycles is the location of the knee point; Ff and Mf are the fatigue load and strength 

factors, respectively (refer to Chapter 3); m1 and m2 are the slopes of the S-N curves in the log-log scale. 

Such equations are illustrated in Figure 6.42, for which the dataset used to derive the Master S-N curve 

according to ASME (P. Dong et al., 2005) was merged with the herein reassessed dataset of welded 

bridge details. A cut-off limit (VAFL) may be adopted as equal to SsL = 0.385 FAT / Mf, where FAT 

is the value of Ss at two million cycles. Note that the standard deviation was updated from 0.245 

(Figure 5.24) to 0.225, and the merged dataset account to nearly 1,100 points.  

 

Figure 6.42 – Merged S-N datasets of welded bridge details with ASME Master S-N design curve. 
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Thus, for the fatigue assessment of existing bridge structures with the stress response obtained by a 

validated bridge FE model with experimental measurements, one may recommend the use of the 

characteristic Master S-N proposed by ASME, FATk 133 (133 MPa for at 2 million cycles), PS = 97.7% 

(Mf = 1.00). On the other hand, for an existing bridge with the stress response obtained from a general 

FE model or for the fatigue assessment of bridges during the design phase, one may recommend the use 

of a design Master S-N curve in the framework of Eurocodes in a cumulative damage basis (EN 1993-

1-9, 2005), FATd 100, obtained by applying a strength reduction factor, Mf = 1.35, to the characteristic 

ASME curve, FATk 133 (see Figure 6.42). 

Alternatively, a slightly less conservative design Master S-N curve (PS = 95%), FATd 112, exclusive 

for welded bridge details could be used instead (see Figure 6.43), based on the derived coefficient shown 

in Table 6.9: 

 

Figure 6.43 – Design Master S-N curve for welded bridge details, FATd 112. 

 

For either choice – a characteristic or a design Master S-N curve –, a second slope change is 

recommended beyond 10 million cycles for variable amplitude loading applications related to railway 

traffic. The Haibach model, m2 = 2.m1 – 1, as proposed by ECCS and EC3 should be used in case of 

lack of further experimental evidence in the Very-High Cycle Fatigue range (refer to Chapter 3). 
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6.9 CONCLUDING REMARKS 

In this chapter, five fatigue test programs were reassessed in terms of the following fatigue stress-based 

methods: nominal, hot-spot using linear extrapolation (0.4t, 1.0t) and equilibrium-equivalent structural 

stress based on nodal forces and nodal moments recovered from the weld line. An extensive quantitative 

and qualitative comparison study accounting to 323 data points was carried out for the three methods. 

For the first four fatigue test programs, the structural hot-spot stress and equivalent structural stress 

parameter concentration factors in relation to a theoretical unit nominal stress (1 N/m2), referred to as 

SCFHS and SCFSs, respectively, were obtained. For the fifth fatigue test program – web gap details 

subjected to distortion-induced fatigue –, the computation was not possible in terms of a unit nominal 

stress since it was difficult to associate such a parameter for distortion-induced fatigue problems. 

Particularly for this test setup, the stress field at the peak and valley steps were computed by calibrating 

the FE models with experimental measurements through an automatic optimization procedure 

combining both MATLAB and ANSYS. Such proposed optimization workflow demonstrated to be 

very effective and computationally efficient in minimizing the differences between the observed and 

computed stresses and could be reused for other cyclic tests for future research. 

The fatigue tests include failure in plates with thicknesses ranging from 6 to 25 mm (although girder 

flange thicknesses varied in the range from 6 up to 32 mm), made of rolled and built-in welded shapes, 

and with yield strengths ranging from 250 to 690 MPa, namely the structural steels A36 and A370 (fy = 

250 MPa), A441 (fy = 386 MPa), and A514 (fy = 690 MPa) were used. Note that the structural steels 

A36 or A370, A441, and A514 are almost equivalent to the European standards S255, S355, and S690, 

respectively. The constant amplitude stress ranges varied from 40 MPa to nearly 200 MPa, and hence 

the global stress behaviour was theoretically contained within the elastic regime ( < min fy), while 

the reached fatigue lives were in the range of 80,700 to 9,740,000 cycles. 

Regarding the comparison study, the following conclusions can be drawn: 

• The web gusset attachments presented the highest structural stress concentration fields, 

followed by the cover-plated details. For the hot-spot stress method, the SCFHS varied according 

to the following ranges: a) 2.067 – 2.178 for cover-plated details; b) 1.2 – 1.84 for lateral flange 

attachments; c) 1.09 – 1.38 for the transverse stiffeners and d) 1.95 – 2.04 for lateral web 

attachments. For the equilibrium-equivalent structural stress method, the SCFSs varied 

according to the following ranges: a) 2.876 – 2.968 for cover-plated details; b) 1.55 – 2.57 for 

lateral flange attachments; c) 1.56 – 1.87 for the transverse stiffeners and d) 3.24 – 3.40 for 

lateral web attachments; 

• The hot-spot stress and the equilibrium-equivalent structural stress methods are clearly in better 

agreement with the fatigue test results when considering the merged dataset (~300 S-N data 

points) in comparison to the nominal stress method. Indeed, for both methods the standard 
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deviations were significantly reduced, in the order of 52.0% (from 0.358 to 0.172), while the 

R-squares, which represent a measure of the goodness-of-fit of the linear regression models, 

were significantly increased, in the order of 97.2% (from 0.433 to 0.854); 

• In general, the derived Master S-N curve for the merged dataset of welded bridge details agreed 

well with the already consolidated Master S-N curve of ASME based on previous works, 

mainly from piping and pressure vessels, collapsing the S-N data into a narrow band. Therefore, 

one may also recommend the use of the same design parameters of Table 6.9 available in ASME 

Sec VIII Div2 (ASME VIII Div2, 2013) for the fatigue assessment of bridge details; 

• The use of the developed post-processor simplified the task of computing the SS parameters 

for many details and gave consistency to the adjusted results throughout the entire study; 

• The investigation of the second slope of the S-N curves for welded connections using the three 

methods (nominal, hot-spot and equilibrium-equivalent stress methods) was not possible since 

few experimental data points were available in the VHCF range (> 10,000,000 cycles). 

However, based on consolidated knowledge, a design Master S-N curve suitable to the 

Eurocodes framework was proposed using a double slope model according to Haibach in the 

absence of further experimental evidence; 

• The updated standard deviation of the Master S-N curve obtained by merging both welded 

bridge fatigue test results (~300 test points) and the ASME fatigue database (~800 test points) 

was SD = 0.225, which represents a decrease of approximately 8.79% from the previous value, 

SD = 0.247 (P. Dong et al., 2005), indicating that the S-N data were slightly improved in relation 

to the linear regression model; 

• Regarding the reassessment of cover-plated details, an average crack depth of 30 mm was 

considered as the failure design criterion for the application of the equilibrium-equivalent SS 

method. After this size, it was considered that the crack growth rate increased rapidly in the 

tests. The selected value of the integration interval, t, is of great influence on the Eq. SS range 

computation at the weld toe. Appropriate values of t have to be introduced guided by the 

knowledge of relevant fatigue test results. Two disadvantages of such an approach in relation 

to the hot-spot stress method arise: i) the designer cannot know in advance an appropriate 

reference value for the crack size, and ii) the stipulated partial through-thickness reference value 

adopted in Equations (5.60), (5.61), and (5.82) requires that pre-existent FE nodes lie near the 

desired depth in order to ensure consistency in the local equilibrium computation of nodal 

forces and nodal moments at the hot-spot; 

• Regarding the reassessment of transverse stiffeners (Types 1 and 2), welded to the web and to 

the girder top flanges, for which the cracks initiated in the weld terminations, it was 
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fundamental to model the weld end as a curved bead in order to obtain reliable equilibrium-

equivalent structural stresses. The need to hold continuity along the weld path may be one of 

the ongoing shortcomings of the method. The simplified modelling of the weld end affects less 

the hot-spot stress method, which seems to be less severely influenced by the geometry-induced 

singularity since the stresses are extrapolated from points out of the hot-spot. 
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7  
FATIGUE ASSESSMENT OF A RAILWAY VIADUCT BY LOCAL 

APPROACHES 
 

7.1 INTRODUCTION 

In this chapter, with the objective to apply the equilibrium-equivalent structural stress procedure for the 

fatigue assessment of an actual structure, a simply supported span of a railway viaduct case study with 

a composite steel-concrete structural solution with longitudinal girders and a reinforced concrete (RC) 

slab deck is selected. It consists of one of the simply supported spans of the approach viaducts to the 

Railway Bridge over Sado River, at Alcácer do Sal, Portugal, which officially opened in 2010. In the 

last decades, we have seen increased adoption of this type of solution for modern railway bridges. 

In the first part of the present chapter, a detailed description of the selected case study and the particular 

options adopted by the viaduct designer are presented. Secondly, a brief description of the optimal 

values of relevant mechanical and material parameters of the railway viaduct’s infrastructure based on 

an experimental campaign carried out previously by the FEUP research group is shown (Malveiro et 

al., 2018). Thirdly, a global finite element model of the railway viaduct developed in the present thesis 

is discussed. Details of the FE model and modelling strategies are explained. The relevant mechanical 

and material parameters referred previously are used to feed the numerical model of the railway viaduct. 

The results of a modal analysis performed on the developed numerical model are presented. 

A framework to carry out transient analyses and extract transient local structural stresses from the sub-

models is presented. Two specific welded joints are selected as being the most interesting in terms of 

fatigue behaviour. The results on this case study concerning a fatigue analysis using the Damage 

Accumulation Method (refer to Chapter 3) are presented and discussed for the selected connections.  

Numerical analyses of the two investigated connections with solid sub-models integrated with the 

global model using the shell-to-solid sub modelling technique are carried out. Several finite element 

modelling options for the mesh are investigated. A sensitivity analysis in terms of mesh size is 

presented. Fatigue life estimations are performed with the standard railway European traffic and the 

real traffic gathered by the traffic monitoring system referred in Chapter 4. Conclusions regarding the 

performance of both the hot-spot and equilibrium-equivalent structural stress methods employing the 

proposed framework are drawn from the present study. 
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7.2 DESCRIPTION OF THE CASE STUDY 

7.2.1 CONTEXT: THE NEW RAILWAY CROSSING OVER THE SADO RIVER  

The new railway crossing over the Sado River at Alcácer do Sal in Portugal is part of a new railway 

variant located in the Southern Line of the Portuguese railways, which establishes the rail connection 

between Lisbon and Algarve. The bridge (Figure 7.1) has a total length of 2735 m, divided into three 

parts: the North access viaduct with a total length of 1115 m (spans of 34.75 m, 37.5 m and 45.0 m); 

the main bridge (with three spans of 160 m); and the South access viaduct with a total length of 1140 

m (spans of 37.5 m and 45.0 m). This crossing is part of a railway project to improve the connections 

to the South and to the Seaport of Sines on the Atlantic coast. This variant allows the circulation of 

passenger trains with speeds up to 250 km/h, as the Alfa Pendular tilting train, and freight trains with a 

maximum axle load of 25 tons. Figure 7.1 presents a photo of the overall crossing, showing the approach 

viaducts and the main bridge. 

  

(a) (b) 

Figure 7.1 – The new railway crossing over the Sado River: (a) location and (b) overview. 

 

The bridge is intended to accommodate two ballasted rail tracks, which required a typical deck width 

of 13 m, nevertheless only the upstream track is in operation at the current time. The entire north viaduct 

(1115 m) and the main bridge (480 m) follow a straight alignment, while the south viaduct includes a 

straight alignment over 175 m, from the transition pier at the main bridge, followed by a curve alignment 

with a circular radius equal to 3000 m and 800 m long and finally a 165 m long straight section. Over 

the Sado River, the steel-concrete composite solution includes a bowstring arch bridge with a 

continuous deck 480 m long and three spans of 160 m each. Despite the structural efficiency of this 

solution, according to the designers (Reis et al., 2010), it presents the drawback associated with the need 

North viaduct

South viaduct

Main bridge
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to increase the deck width to insert the arch and to protect it from accidental loads due to train 

derailments. Therefore, it was necessary to widen the deck of the approach viaducts from a 13 m typical 

width to 15.7 m, in order to insert the arch on bridge axis. The transition between different deck widths 

occurs only in two spans of the approaching viaducts, both in the North and the South, thus creating 

three sections in the approach viaducts superstructure: (a) current sections with short width (13 m), (b) 

wide section with the largest width (15.7 m) and (c) transition sections with start and end widths varying 

between (a) and (b). Figure 7.2 presents a closer view of the continuous approach viaducts, also showing 

the steelwork details under construction before the placement of the RC slab.  

  

(a) (b) 

Figure 7.2 – Approach viaducts to the main bridge over the Sado River: (a) overall view, (b) steelwork 

(REFER, 2010). 

 

In order to take into account the track-structure interaction effects, the superstructures of the approach 

viaducts were divided into continuous bridge decks, as long as possible, separated by simply supported 

“neutral” spans, and the track was constructed by using continuous welded rail (CWR). Also, the 

adoption of “neutral” spans, which contain expansion joints at their ends (see Figure 7.7), made it 

possible to minimize displacements of contraction and expansion of the railway track due to temperature 

variations. Thus, the main bridge and approach viaducts were divided in the following manner (from 

North to South): 

- North approach viaduct (1115 m straight alignment): 

o 7 continuous spans with current sections (27.5 + 5×37.50 + 45.0 = 260 m); 

o 1 simply supported “neutral” span with current section (1 × 45 m); 

o 17 continuous spans (17×45.0 = 765.0 m), being the first 9 spans with current sections, 

the 10th span with a transition section and the remaining 7 spans with wide sections; 

o 1 simply supported “neutral” span with a wide section, which is the transition span to 

the main bridge in the Northside (1 × 45 m). 

- Main bridge (480 m straight alignment): 
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o 3 spans (3×160 m) made of a trapezoidal composite steel-concrete deck, continuous 

over the support sections at the intermediate piers, axially suspended from a single 

plane of hangers connected to arches. 

- South approach viaduct (175 m straight alignment + 800 m curve alignment with a 3000 m 

circular radius + 165 m straight alignment): 

o 1 simply supported “neutral” span with a wide section, which is the transition span to 

the main bridge in the Southside (1 × 45 m) – this is the selected case study; 

o 16 continuous spans (16×45.0 = 720.0 m) with wide sections; 

o 1 simply supported “neutral” span with wide section (1×37.5 m); 

o 9 continuous spans (9×37.5 = 337.5 m) with the current section, the first with a wide 

section, the second with a transition section, and the last 7 with current sections. 

 

The interior of the girder viaduct can be reached by a footway foreseen in the design below the RC slab 

(see Figure 7.2). In the next section, the design options adopted for the approach viaducts and the 

reasons for the selection of a specific simply supported span in terms of fatigue performance are 

detailed. 

 

7.2.2 APPROACH VIADUCTS STRUCTURE DESIGN SPECIFICATIONS 

According to Reis et al. (Reis et al., 2010), the Eurocodes for actions and for the design of steel and 

steel-concrete composite bridges were taken into consideration during design. In particular, the EN 

1991-2 (EN 1991-2, 2003) (traffic loads on bridges), EN 1993-2 (steel bridges) and EN 1994-2 

(composite bridges) codes were used, among other codes not strictly related with the subjects treated in 

the present thesis. A limit state design was adopted, according to EN 1990; the basic load combinations 

at ultimate and at serviceability limit states (ULS and SLS, respectively) were considered. The UIC 

recommendations for railway bridges, which are reflected in EN 1990 Annex 2 and in EN 1991-2, were 

taken into consideration. Track-structure interaction was considered according to EN 1991-2 and UIC 

recommendations.  

Traffic loads used in the design were mainly the LM71 and SW0 as per EN 1991, for static analysis, 

and a real train representing the Alfa Pendular tilting train (CPA 4000 series) – the national Portuguese 

high-speed train – for dynamic actions, as per EN 1991-2. An approach based on constant amplitude 

cycles was considered, with a fatigue loading train LM71 as per Part 2 of EN 1991-2 (EN 1991-2, 2003) 

with an EC mixed traffic of 15×106 tonnes per track and year and a bridge lifespan of 100 years. The 

fatigue strength factors adopted for fatigue analysis were 1.0 and 1.35, respectively for load and 
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resistance partial safety factors to EN 1990 and EN 1993-1-9 (EN 1993-1-9, 2005), which are classified 

as “safe life” and  “high consequences” regarding failure condition. The steel components were 

designed on the basis of the internal forces in the bracing members obtained from a simplified global 

model with shell and bar elements under traffic loading developed at the design phase. Local fatigue 

effects at the flanges and at connections were investigated for the design of the steelwork (Reis et al., 

2010). 

Regarding the design of approach viaducts, although the overall geometric parameters remained equal 

for both simply supported spans and continuous spans, different designs were employed, mainly in 

terms of increased stiffness through the adoption of thicker plates. The reason is that for the design of 

the simply supported 45 m “neutral” spans the serviceability requirements were more demanding, due 

to the imposed limits concerning vertical displacements, accelerations and rotations in the end deck 

sections under rail traffic. The maximum computed vertical displacement resulting from the LM71 

eccentric loading is compared with the allowable displacement as predicted in EN 1990 Annex 2, which 

for a design speed of 240 km/h is L/1700 = 26.5 mm. For the simply supported “neutral” spans with 45 

m span, a maximum vertical displacement under LM71 train loading was computed equal to 26 mm, 

which is very close to the limit, exemplifying that the design of simply supported “neutral” spans was 

mainly controlled by deformability criteria (Reis et al., 2010). This is in line with the design philosophy 

proposed in EN 1990, Annex A2, based on imposed limits for bridges designed to carry high-speed rail 

traffic, in order to ensure maximum comfort for the train passengers during the travel. Such philosophy 

is responsible for leading to demanding requirements in terms of deformation and acceleration for 

structures subjected to rail traffic when compared to traditional design philosophies based only on 

strength criteria (Giuseppe Chellini et al., 2012). 

Furthermore, although the simply supported spans were kept with the same span length of the typical 

continuous spans for aesthetic reasons, it was also necessary an increased quantity of steelwork to 

satisfy fatigue, which was the controlling limit state mainly for the span sections, as highlighted by the 

designers (Reis et al., 2010). For that reason, the present thesis focuses only on the simply supported 

45.0 m span of the South approach viaduct, specifically on that one near the first bowstring arch of the 

main bridge in the Algarve-Lisbon direction (Figure 7.3), between piers P4 and P1S. This span has no 

continuity with the adjacent ones, either through the structure (due to the presence of expansion joints) 

or through the railway track (due to the existence of rail expansion devices). In the next section, the 

structure details of this span will be described. 
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(a) 

 

(b) 

Figure 7.3 – (a) Lateral view of the investigated “neutral” span and (b) plan view of the structure. 

 

7.2.3 DESCRIPTION OF THE INVESTIGATED “NEUTRAL” SPAN 

As mentioned, the access viaduct is a composite steel-concrete structure, consisting of two steel I-

girders and an upper RC slab. Figure 7.4 presents a section view of the viaduct, and Figure 7.5 shows a 

plan view of the steelwork. The twin plate I-girders are spaced 7000 mm apart and have a constant 

height equal to 2600 mm. The twin-girder design was optimized with varying flange and web 

thicknesses throughout the entire span. The top flange is 700 mm wide and flange thickness varies from 

40 mm at support to 90 mm at span sections. The lower flange is 1000 mm wide, and its thickness varies 

from 60 mm at support to 120 mm at span sections, and the web thickness varies from 25 mm at support 

to 16 mm at span sections (see Figure 7.6 for more details). 

The reinforced concrete slab (concrete grade C40/50 and steel reinforcement with 500 N/mm2 yield 

strength) acting in composite action with the steel part, varies in thickness across the width, with a 

maximum of 400 mm on the bridge axis, 350 mm in the girder-slab connection sections and a minimum 

of 200 mm at the extremity of the cantilevers. The track consists of continuously welded UIC 60 rails 

spaced 167 cm apart, elastomeric rubber pads, monoblock prestressed concrete sleepers and a 400 mm 

ballast layer. 

45 m

AlgarveLisbon

Sado River

P4 P1S 
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Figure 7.4 – Section view of the investigated span (units in centimetres). 

 

 

Figure 7.5 – Plan view of the steelwork (units in centimetres). 
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Figure 7.6 – Lateral view of the twin steel girders with the indication of steel plates dimensions (units in 

millimetres). 

 

The structure comprises cross diaphragms and horizontal bracing all in the form of steel trusses, as 

shown in Figure 7.4 and Figure 7.5. The vertical truss diaphragms assume a “K” shape and are spaced 

7500 mm apart and are made of circular hollow sections (CHS) of 193.7 mm and 139.7 mm diameter, 

both sections with 8 mm wall thickness. The diaphragms near support sections at the piers are made of 

CHS of 193.7 mm diameter and have a 12 mm wall thickness due to increased shear and torsion effects 

at the deck ends. A horizontal bracing system made by ½ HEA 400 hot-rolled sections and located 

approximately 350 mm above the girder bottom flanges is illustrated in Figure 7.5. The I-girders in 

conjunction with the horizontal bracing system provides an equivalent box section which improves the 

torsional deformability and torsional vibration of the solution under eccentric railway traffic loads 

(Figueiredo, 2007; Rueda & Salcedo, 2012).  

The web stiffeners are composed by ½ IPE 400 steel profiles, spaced 3500 mm in the central zone of 

the span. Near the supports, the transverse stiffeners are spaced 1700 mm apart, due to increased 

requirements for the shear buckling resistance of the web at these locations. A rolled profile was adopted 

for transverse stiffeners rather than steel plates, to avoid the use of thicker steel plates or transverse 

stiffeners in both sides of the web, in order to satisfy the amount of required out-of-plane inertia for the 

web. Besides the reduction in the amount of required weld provided by the adoption of the rolled profile 

as transverse stiffeners, it also increases the overall fatigue performance by cutting in angle the end of 

½ IPE 400 profile flange welded to the girder bottom flange (see Figure 7.17b). 
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The connections between the horizontal and vertical diaphragms to the transverse stiffeners welded to 

the web girders make use of grade 8.8 prestressed bolts through pre-holed connection plates welded to 

the web and to the transverse stiffener flanges, respectively. 

The deck girders are directly supported in the piers by means of pot bearings, two on each pier, 

longitudinally aligned with the girders (see Figure 7.7). In the north side, both supports are fixed. In the 

south side, longitudinal displacements are allowed in both supports, and transverse displacements are 

allowed in one of the supports only. In order to increase the shear resistance at the supports, several 

transverse stiffeners 25 mm thick were welded to the web at these locations (see Figure 7.7d). 

  
(a) (b) 

 

 
(c) (d) 

Figure 7.7 – Pot bearings used in the ends of the “neutral” spans: (a),(b) design drawings, fixed and movable 

support, respectively, (c) schematic representation (F: fixed support; M: movable support) and (d) photo of 

movable supports over pier P1S. 

 

In Table 7.1 presented below, the main geometric characteristics and the mechanical properties of some 

structural bars are presented, that is, ½ HEA400 for the horizontal wind-diaphragms, CHS 139.7×8 and 

CHS 193.7×8 for the internal transverse tubular diaphragms for the diagonals and horizontals bars, 

respectively, CHS 193.7×12 for the end transverse tubular diaphragms (both diagonals and horizontals), 

and UIC 60 for the rails. The mechanical properties were derived in relation to axes passing through 

the centre of gravity of each section. 
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Table 7.1 – Geometric and mechanical properties of secondary structural elements. 

Profile Dimensions (mm) Symbol Designation Value Unit 

½ HEA400 

 

mL Linear mass 62.4 kg/m 

A Total area 79.5 cm2 

ASZ Shear area in the z direction 21.5 cm2 

ASY Shear area in the y direction 57 cm2 

IYY Second moment of inertia about y-axis 1894 cm4 

IZZ Second moment of inertia about z-axis 4282 cm4 

IXX Torsional moment of inertia 96 cm4 

CHS 

139.7×8 

 

mL Linear mass 26.0 kg/m 

A Total area 

33.1 cm2 ASZ Shear area in the z direction 

ASY Shear area in the y direction 

IYY Second moment of inertia about y-axis 
720 cm4 

IZZ Second moment of inertia about z-axis 

IXX Torsional moment of inertia 1440 cm4 

CHS 

193.7×8 

 

mL Linear mass 36.7 kg/m 

A Total area 

46.7 cm2 ASZ Shear area in the z direction 

ASY Shear area in the y direction 

IYY Second moment of inertia about y-axis 
2015 cm4 

IZZ Second moment of inertia about z-axis 

IXX Torsional moment of inertia 4031 cm4 

CHS 

193.7×12 

 

mL Linear mass 53.8 kg/m 

A Total area 

68.5 cm2 ASZ Shear area in the z direction 

ASY Shear area in the y direction 

IYY Second moment of inertia about y-axis 
2838 cm4 

IZZ Second moment of inertia about z-axis 

IXX Torsional moment of inertia 5677 cm4 

UIC 60 

 

mL Linear mass 60.2 kg/m 

A Total area 76.7 cm2 

ASZ Shear area in the z direction 27.9 cm2 

ASY Shear area in the y direction 53.6 cm2 

IYY Second moment of inertia about y-axis 3038 cm4 

IZZ Second moment of inertia about z-axis 512 cm4 

IXX Torsional moment of inertia 190 cm4 

 

The entire steelwork of this “neutral” approach span has a total of 150 tonnes of S355 J2H steel grade 

(EN 10025-4, 2004) with required improved toughness properties against brittle fracture (min. 27 J at 

–50 ºC). Submerged arc welding (downward welding) and MIG/MAG with “rail track” for semi-

automatic welding were employed to cope with the large amount of steelwork to be fabricated. In the 

next section, relevant material and mechanical parameters obtained from a calibration process under 

traffic loads of real trains based on an experimental campaign carried out in the railway viaducts by the 

FEUP research group in the context of another doctoral thesis (Malveiro, 2017) are briefly presented. 
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7.2.4 MATERIAL AND MECHANICAL PARAMETERS OBTAINED FROM EXPERIMENTAL CALIBRATION STUDIES 

Malveiro et al. (Malveiro et al., 2018) performed experimental measurements on another simply 

supported span of the referred railway viaducts through operational modal analysis (OMA) and ambient 

vibration tests (AVT), aimed to calibrate a numerical model and assess specifically the fatigue 

performance of the RC slab. The authors have carried out a calibration based on a genetic algorithm. 

Dynamic tests with railway traffic were also performed, by reusing the traffic characterization system 

described in Chapter 4. The main material and mechanical parameters used in the referred study are 

indicated in Table 7.2.  

Table 7.2 – Adopted reference values of material properties based on experimental measurements [adapted to 

the present Case Study from Malveiro et al. (Malveiro et al., 2018)]. 

Parameter Designation 
Distribution 

type 

Mean value / 

Standard 

deviation 

Limits 

(lower / 

upper) 

Adopted 

value 

considering 

calibration 

Unit 

Ec 
Modulus of elasticity of 

concretea 
Normal 42.6 / 4.26 35.6 /49.6 42.6 GPa 

c Density of the concrete Normal 2,446.5 / 97.86 
2,285.5 / 

2,607.5 
2548.4 kg/m3 

νc Poisson’s ratio of concrete - - / - - / - 0.20 - 

Es Modulus of elasticity of steel Normal 200 / 8 187 / 213 200 GPa 

s Density of steel Normal 7,850 / 314 7,334 / 8367 7850 kg/m3 

νs Poisson’s ratio of steel - - / - - / - 0.30 - 

Ebal Modulus of elasticity of ballast Uniform 140 / 34.6 80 / 200 145 MPa 

bal Density of ballast Uniform 1,875 / 129.9 1650 / 2100 2039 kg/m3 

νbal Poisson’s ratio of ballast  - / - - / - 0.15 - 

kv,pad 
Vertical stiffness of the rail 

pads 
- - / - - / - 500 kN/mm 

kv 
Vertical stiffness of the 

supports 
Log-normal 557 / 600 90 / 1,600 490.6 MN/m 

kh 
Longitudinal stiffness of the 

supportsb 
Uniform - / - 0 / 15,000 1,180 MN/m 

a The modulus of elasticity of concrete corresponds to the average value of this parameter at the age of 28 days, corrected in 

order to take into account the age of the concrete at the date of the experimental tests (≈8 years), and considering the presence 

of the reinforcement, according to EN 1992-1-1 (EN 1992-1-1, 2004). 

b The longitudinal stiffness used in the present study took into consideration the behaviour under railway traffic, due to the 

nonlinear behaviour of the supports according to Malveiro et al. (Malveiro et al., 2018). 

 

The higher level of uncertainty during the optimisation phase was concentrated in the vertical and 

horizontal stiffness of the pot bearings (Figure 7.7). Thus, the calibration algorithm focused in these 

both parameters. The remaining numerical parameters had minor influence over the dynamic responses. 

The optimization process, using a genetic algorithm, led to a reduction in the average error between 

experimental and numerical frequencies of the related “neutral” span to values approximately equal to 

7.7%, both for global and local vibration modes. The measured slab response during the passage of Alfa 
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Pendular trains (at speeds of 220 km/h) demonstrated that the numerical model updated with the above 

optimal material and mechanical parameters presented a very good agreement under transient dynamic 

simulations. Further information is available in Malveiro et al. (2018). As Malveiro et al. (Malveiro et 

al., 2018) achieved a good agreement between numerical and experimental results, in terms of 

experimental parameters of the same employed materials (reinforced concrete in the slab, structural 

steel of the girders, and ballast in the rail track), as of the stiffness of the supports, the same values will 

be adopted in the present thesis for the developed global numerical model of the investigated span (see 

Section 7.3). 

 

7.3 RAILWAY VIADUCT GLOBAL FE MODEL 

7.3.1 DETAILED DESCRIPTION OF THE NUMERICAL MODEL 

A three-dimensional finite element model of the investigated “neutral” span of the South approach 

viaduct of River Sado bridge was developed in ANSYS (ANSYS, 2009), with the aid of ANSYS 

Parametric Design Language (APDL). A global view of the numerical model is shown in Figure 7.8. 

The level of detailing in any FE modelling may be chosen, depending on the purpose of the analysis. In 

the present case, the main goal is to perform fatigue assessment through structural stresses, aiming to 

capture global and local stress behaviours for the global-nominal and local approaches, respectively. In 

this manner, the adopted strategy was to perform a very detailed modelling, based on a consolidated 

experience on FE modelling of railway bridges with the inclusion of the rail track components (ballast, 

sleepers, rail pads and long-welded rails) using ANSYS (Giuseppe Chellini et al., 2011; Malveiro et al., 

2018; Ribeiro et al., 2012), since to ignore these elements may lead to an underestimation of bridge 

stiffness. Another important aspect is the accurate modelling of the boundary conditions, namely being 

able to define the stiffness of the supports. The modelling details will be described in the following 

paragraphs. 

 

Figure 7.8 – FE model of the investigated span: isometric view with rail track modelling details (G. Alencar, 

Calçada, et al., 2016). 
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The FE deck cross section is presented Figure 7.9. The steel girders, the transverse stiffeners welded to 

the web (½ IPE400 and the 25 mm thick bearing stiffeners and gusset plates) and the RC slab were 

modelled by shell finite elements (four-noded SHELL181). After an initial sensitivity analysis, an 

average mesh dimension of 0.5 m was adopted, with a finer mesh near to the transverse stiffeners, 

resulting in a mesh with variable spacing along the deck. Only the operational track was modelled 

(right-hand side in Figure 7.9). Finite point elements (MASS21) without rotational inertia were used to 

simulate the self-weight of the non-operational railway track (left-hand side in Figure 7.9) and the non-

structural components along the deck, such as the handrails, the sidewalk pavement, the waterproofing 

layer and the inspection footway, and were applied to the nodes of the FE mesh according to the actual 

location of those elements. The masses were distributed over the deck through an APDL routine created 

to compute the influence area of each node, such that each node assumes a specific value according to 

the irregular FE mesh. 

 

Figure 7.9 – FE model of the investigated span: cross section at the support (G. Alencar, Calçada, et al., 

2016). 

 

The steelwork diaphragms are shown in detail in Figure 7.10. Beam finite elements (BEAM181) were 

adopted to discretise the diaphragms, bracings, the ballast retaining walls and the rails (see Table 7.1 

for the derived geometric properties) and were positioned at their corresponding geometric centres 

(GC). 

The values assumed for the mechanical parameters of the different constituent materials, which were 

all considered to be linear and characterized by an elastic isotropic constitutive law are reported in Table 

7.2. For all analyses in the present chapter, the following simplified hypothesis were assumed and 

considered sufficiently accurate for the purpose of fatigue analysis under service loads: 

• All the materials were considered to be homogeneous, isotropic and elastic; 

• Residual stresses were disregarded (their effects are supposed to be accounted for in the S-N 

curves definition – refer to Chapter 3); 

• Non-linear contact in bolted connections or in the supports were disregarded; 
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• Small deformation theory and cross-sections planes of beam elements remain plane after 

deformation (Euler-Bernoulli hypothesis); 

• Uniform distributed mass density over elements; 

• Rigid beam-to-beam and beam-to-shell connections; 

• Full structural interaction between steel upper flange and RC deck. 

 

Figure 7.10 – FE model of the investigated span: detailed view of the steelwork modelling (G. Alencar, 

Calçada, et al., 2016). 

 

The shell elements of the RC slab were subdivided into 9 different groups according to Figure 7.11, 

being discretized with constant height elements along certain segments in order to simulate the variable 

height of the deck. The shell elements of the RC slab are always represented with enhanced thickness 

just for illustration purposes, a common feature in ANSYS. 

 

Figure 7.11 – Shell elements dimensions of the RC slab (unit: centimetres). 

 

A detailed representation of the track components is presented in Figure 7.12. Solid finite elements 

(eight-noded SOLID185) were used to simulate sleepers, rail pads and the ballast layer. A structured 

mesh was adopted in the overall numerical model, with the exception of the intermediary ballast layer 

between the sleepers and the RC slab, which adopted an automatic generated tetrahedral mesh. This 
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was necessary in order to make meshes in both sides of the intermediary ballast layer compatible, due 

to different longitudinal spacing adopted for the RC slab (variable) and for the sleepers (constant and 

equal to 60 cm).  

 

Figure 7.12 – FE model of the investigated span: detailed view of the track components (G. Alencar, Calçada, 

et al., 2016). 

 

The side view of the numerical model with all mentioned elements are presented in Figure 7.13. The 

bearings were regarded as a single point and modelled by line spring elements connected to the girder 

bottom flange in one end and to displacement restraints in the other end. The overall pot bearings 

behaviour (refer to Figure 7.7) was simulated based on the parameters defined in Table 7.2 for the 

vertical and horizontal linear springs. 

 

Figure 7.13 – FE model of the investigated span: side view with boundary conditions (G. Alencar, Calçada, et 

al., 2016). 
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nodes of the ballast layer (guaranteed by stud bolts with full interaction in the actual structure) were 

accomplished by rigid link elements (MPC184), as illustrated in Figure 7.14.  

 

Figure 7.14 – Illustration of the compatibility performed through rigid links between upper girder flange and the 
bottom of the ballast layer. 

 

The final numerical model of the viaduct has a total of 56,441 nodes and  70,606 elements, divided in 

the following manner: a) 45,813 shell elements (SHELL181); b) 13,107 solid elements (SOLID185); 

c) 2,530 beam elements (BEAM181); d) 2,850 rigid links (MPC184); e) 6,300 nodal mass elements 

(MASS21) and f) 6 linear spring elements (COMBIN14). Some specific modified versions of the 

numerical model may have different number of nodes and elements based on a refined mesh 

surrounding local details, as will be explained in the next sections for sub modelling interpolation. 

 

7.3.2 STATIC ANALYSIS UNDER SELF-WEIGHT 

Using a gravity acceleration, g, equal to 9.81 m/s2, a linear static analysis was carried out in order to 

compute deflections. Deflections due to self-weight are important to analyse in order to fabricate the 

structure such that an observer cannot note any deflection in the finished bridge. The results are 

presented below. The maximum vertical displacement considering the self-weight of all directly 

modelled elements (RC slab, structure, active railway track) and indirect components accounted using 

nodal mass elements distributed throughout the whole deck (e.g. handrails, bottom footway, ballast 

under non-active rail track, etc.) was obtained equal to 38.8 mm at the bottom of the girder flange and 

46.8 mm at the edge of the RC slab, see Figure 7.15. As can be seen, the model presented a slightly 

unsymmetrical deflection, due to the existence of sleepers and rails only over the active track in the 

actual bridge. A linear static analysis took nearly 12 seconds in a CPU Intel(R) Core(TM) i7 6800K, 

3.40 GHz and RAM 8.0 GB. 

 

Figure 7.15 – Maximum vertical displacement for a linear static analysis considering the self-weight. 
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7.3.3 NUMERICAL MODAL ANALYSIS 

A relevant number of numerical vibration modes were reviewed, namely vertical bending and torsion 

of the deck. Despite its use for vehicle-bridge dynamic interaction analysis, modal analysis may be 

useful to check the integrity of the numerical model, avoiding any rigid body mode shapes (with 

eigenfrequencies equal to zero). Figure 7.16 shows two main global mode shapes and three local mode 

shapes of the approach viaduct with their corresponding eigenfrequencies obtained by a modal analysis 

with ANSYS (ANSYS, 2009). Rigid body mode shapes were not observed in the final FE model. 

  

(a) Mode 1G: f = 2.84 Hz 
Global bending mode 

(b) Mode 2G: f = 3.29 Hz  
Global torsion mode 

 
 

(c) Mode 1L: f=4.69 Hz 
Local mode of the deck 

(d) Mode 2L: f=5.69 Hz 
Local mode of the deck 

 

(e) Mode 3L: f=6.26 Hz 
Local mode of the deck 

Figure 7.16 – Main global and local vibration mode shapes of the approach viaduct. 

 

7.4 PRELIMINARY FATIGUE STUDY ANALYSIS 

7.4.1 NOMINAL FATIGUE STRENGTH ACCORDING TO EC3 

A crucial stage of viaducts steelwork design is the identification of the structure’s fatigue prone details. 

As the main interest of the present thesis is on the fatigue performance of welded joints, Figure 7.17 
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shows the principal and most representative welded joints of the investigated case study, with their 

corresponding predominant nominal stress direction and the most prone locations to fatigue cracking 

initiation. Bolted connections were disregarded. This set of welded joints include common bridge 

welded details, such as lateral connection plates welded to the web to attach the horizontal 

diaphragm/bracing system (Figure 7.17a), transverse stiffeners welded to the lower flange at span 

sections (Figure 7.17b) and cope-hole details accompanied by full penetration welds between girder 

segments of web and flange plates (Figure 7.17c); which are affected by reduction factors depending 

on the plate thickness. A fourth connection not very common in old steel bridges consist of the tube-

gusset joints (Figure 7.17d). This set of welded joints repeats in several locations throughout all the 

steelwork of the approach viaducts. 

According to the designers, fatigue performance of this set of welded joints controlled most of the 

viaducts design at ULS (Reis et al., 2010). In the following subsections, a previous characterization of 

the selected welded details in terms of fatigue resistance data will be given. 

  

(a) (b) 

  

(c) (d) 

Figure 7.17 – Main welded structural details present in the Case Study most susceptible to fatigue damage: 

(a) lateral connection plates, (b) transverse stiffeners welded to the bottom flange, (c) cope-holes and (d) 

tube-gusset joints. 

 

Herein, a short characterization of the investigated fatigue-prone connections in terms of fatigue 

strength (nominal S-N curves) is presented. At first, it is highlighted that the structural details 

classification was made based on the available design and construction information (Reis et al., 2010). 

Figure 7.18 and Figure 7.19 present a 3D representation of the steelwork aiming the identification of 

the fatigue prone welded details, and the corresponding fatigue strength classification according to a 
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number which represents its fatigue resistance at 2 million cycles (c) (refer to Chapter 3). A short 

description of Figure 7.19 is also presented below: 

• FAT 56 (Figure 7.19a): Longitudinal plates welded to the web girder and bolted to the ½ HEA 

400 hot-rolled sections used as horizontal bracing. The nominal stresses are obtained in the web 

girder as the maximum normal stress in the longitudinal direction; 

• FAT 80 (Figure 7.19b): Vertical stiffeners made of ½ IPE 400 hot-rolled sections welded to the 

lower flange. The nominal stresses are obtained in the same manner as structural detail FAT 

71; 

• FAT 71 (Figure 7.19c): Butt welds in the lower flanges with a cope hole in the web; The 

nominal stresses are obtained in the lower flange as the maximum normal stress in the 

longitudinal direction; 

• FAT 63 (Figure 7.19d): A tube-gusset joint, with the slotted tube welded to plate. The end of 

the tube is cut in a normal angle and welded to thin plates used as end covers. The nominal 

stresses are obtained from the normal forces acting on the diaphragms. 

 

 

Figure 7.18 – Approach viaduct steelwork with the identification of the fatigue strength of fatigue-prone details 

and its main global nominal stress direction (G. Alencar, Calçada, et al., 2016). 
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(a) 

  
(b) 

  

(c) 

  

(d) 

Figure 7.19 – Main welded local details and their corresponding S-N curve, EN 1993-1-9 (EN 1993-1-9, 

2005), (a) lateral connection plates (FAT 56), (b) vertical stiffeners welded to the bottom flange (FAT 80), (c) 

cope-hole details (FAT 71), and (d) tube-gusset joint (FAT 63). 

 

7.4.2 LATERAL CONNECTION PLATES 

Despite the fact that lateral connection plates (Figure 7.20 and Figure 7.21) present the lowest fatigue 

strength category in terms of nominal stresses (FAT 56) among the investigated connections, an aspect 

that supports its selection for further investigation is the presence of out-of-plane behaviour that might 
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exist, which will be described with further details in the next sections with local stress analysis. The 

presence of out-of-plane stresses made its treatment through the nominal stress method difficult, since 

the S-N curve for the FAT 56 has been determined for sample specimens subjected only to axial tension 

(or under pure bending, refer to fatigue test described in Figure 6.21) and do not account to multiaxial 

loading that might exist in the actual structure, which can lead to a reduction of the fatigue strength. 

Therefore, it could be a good example of suitability of the proposed local methods based on structural 

stresses rather than nominal stresses. 

 

 

 

(a) (b) (c) 

Figure 7.20 –Dimensions of lateral connection plate to the horizontal diaphragm system, (a) side view, (b) 
elevation view and (c) plan view. 

 

Figure 7.21 – Lateral connection plate during construction (FEUP archive). 

 

As the lateral connection plates repeat in different parts of the whole model, several dynamic and static 

analysis were performed in order to determine which connection presented the highest stress amplitudes 

in Alencar et al. (G. Alencar, Calçada, et al., 2016). Different versions of the global models with a more 

refined mesh surrounding different lateral connection plates were also developed to identify the most 

critical position in terms of fatigue damage (Figure 7.22 and Figure 7.23).  
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(a) (b) 

Figure 7.22 – (a) coarse FE model (element size ~0.50m) and (b) local refined FE mesh (element size 

~0.10m) of the lateral connection plate (FAT56) in the viaduct’s FE global model using shell elements. 

 

Figure 7.23 – Identification of the relevant stress parameters used in the analysis. 

 

The critical location corresponded to the second lateral connection plate welded to the girder below the 

current active track in the second horizontal bracing connection, as shown in Figure 7.24 (GP2, or, 

alternatively, GP5, considering the symmetry of the numerical model in the longitudinal direction in 

terms of steelwork design, see Figure 7.6). 

 

Figure 7.24 – Identification of the lateral connection plate with the highest stress amplitude envelope. 

 

Although gusset plates located in span sections (GP3 and GP4) presented normal stress ranges 

approximately of the same order of magnitude (see Figure 7.25a), the gusset-plate GP2 was preferred 

due to its proximity to the support and hence the higher shear stresses in the web plane. Such connection 

is subjected to the presence of normal and shear stresses near the gusset-to-web weld, which can slightly 

change the fatigue behaviour (refer to Figure 3.14). The higher shear stress ratio (/nom) can affect 

fatigue life and the crack initiation point location of cracks originating in welds of out-of-plane gusset 
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joints, as observed by Miki & Tai (Chitoshi Miki & Tai, 2013). Figure 7.25b shows the higher computed 

shear stresses in the web plane (YZ) near GP2 and GP5, with the expected behaviour for a simply 

supported girder bridge under the static loading of a heavy freight train (Fatigue train 5), which also 

presents a low frequency. 

 

(a) 

 

(b) 

Figure 7.25 – (a) Longitudinal normal (Z direction) and (b) shear stresses (YZ plane) at the web girder (static 

analysis under Fatigue Train no. 5) (units: N/m2). 

 

7.4.3 TRANSVERSE STIFFENERS WELDED TO THE BOTTOM FLANGE 

The author considers that transverse stiffeners welded to the bottom flange is the detail with best fatigue 

performance among the set of welded joints, being also the one with the highest fatigue strength 

according to the nominal S-N curves. Even if it was selected for further investigation looking to extend 

GP2 

GP4 

GP2 

GP5 

GP3 

GP4 



Chapter 7  

332 

the analysis to other details it would be the evaluation of an optimum solution, not strictly related with 

other examples of fatigue cracks occurring in transverse stiffeners welded to girder bottom flanges in 

old welded bridges. Thus, the following reasons to disregard this detail are presented: (a) low stresses 

that develop in the bottom flange which was made of very thick steel plates (80-120 mm, Figure 7.6), 

(b) an optimized geometrical solution by adopting a steel rolled profile cut in the flange end which is 

welded to the bottom flange (as already mentioned, see Figure 7.17b) as recommended by several bridge 

design codes and structural detailing standards (ECCS, 2000; ESDEP, 1995) and (c) low likelihood of 

a fatigue issue to develop throughout the bridge’s life-cycle due to the reasons presented in (a) and (b). 

 

7.4.4 COPE-HOLE DETAILS 

Regarding the so-called cope-hole, although these details present a well-known fatigue strength 

dependence of the relation a/m (shear stress in web to normal stress in flange) that develops in the 

hole (Aygül et al., 2013; Chitoshi Miki & Tateishi, 1997), which could be an interesting example to 

analyse the suitability of the developed methodology based on structural stresses, cope-holes will be 

disregarded for further investigation, due to following reasons: i) cope-hole details do not present any 

significant difficulty in determination or definition of a nominal stresses for fatigue analysis, e.g. the 

direct uniform stresses acting in the bottom flange, and do not even require complex FE models for that 

purpose, ii) the influence of the ratio  /nom on fatigue strength has already been recognized for example 

in IIW (IIW, 2016), being corrected with a factor in the context of the nominal stress method and iii) 

cope-hole details and their corresponding fatigue behaviour are already well understood, both 

numerically and experimentally (Cai et al., 2017; Heshmati, 2012; Chitoshi Miki & Tateishi, 1997; X. 

Wei et al., 2017; H. Zhou et al., 2013; Hui Zhou et al., 2016). 

 

7.4.5 TUBE-GUSSET JOINTS 

Regarding the fourth connection in the set of welded joints (tube-gusset joints, Figure 7.26), several 

aspects support its selection for further investigation, although the relatively low nominal stress 

amplitudes found in preliminary static analysis (G. Alencar, Calçada, et al., 2016). As mentioned in 

Chapter 2, such connections are recently presenting an increasing adoption in the construction and 

rehabilitation of steel and composite steel-concrete bridges (Cláudio Baptista et al., 2017; Gimsing, 

1998; Guo et al., 2016; Reis & Baptista, 2013). However, important differences are found between 

Fatigue Standards of structural codes concerning the fatigue strength classification of such connection 

on the basis of nominal S-N curves, being FAT 71 or 63 (EN 1993-1-9, 2005), FAT 63 or 45 (IIW, 

2016), FAT 68 or 43 (BS 7609) and FAT 90 or 71 (DNV, 2016). 
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(a) (b) 

Figure 7.26 – Tube-gusset welded joint adopted for the K-diaphragms: (a) elevation and (b) tube-to-gusset 
cross-section weld detail. 

 

Fillet welds with 7 mm leg size were also used in the structure, probably due to its simplicity and ease 

of construction, in place of full-penetration welds, which appeared to have been suggested by the 

designers, see Figure 7.26b. As fillet welds were chosen, the connection is then subjected to cracks 

initiating from the weld toe. Regarding this aspect, Baptista et al. (Cláudio Baptista et al., 2017) 

highlights that the weld on the tube around the tip of the gusset is the most critical fatigue spot. Examples 

of recent fatigue cracks in tube-gusset welded joints with fillet welds on the tube around the tip are 

reported by Guo et al. (2015) and Guo et al. (Guo et al., 2016) occurring in steel cable-stayed bridges 

that have been in service for only a few years (as referred in Chapter 2).  

Moreover, open steel girder bridges solutions kept together by diaphragms (in opposition to closed box 

girder bridges) are well-known for their low global torsional inertia and hence high torsional 

deformability even when considered in conjunction with the RC slab (Rueda & Salcedo, 2012). This 

effect is more severe under the presence of eccentric loading, such as the existing railway traffic loading 

in the present case study. In this context, the vertical diaphragms, mainly that located in the ends, are 

essential to improve the overall distortion of the transverse cross-sections. For this reason, designers of 

the present case study have also adopted increased thickness for the tubes used in vertical diaphragms 

located over the supports in the end of the simply supported “neutral” span, due to presence of more 

demanding forces in the vertical diaphragms located over the support, when compared to the internal 

diaphragms. Indeed, a static analysis representing one critical step of the Fatigue Train 5 crossing was 

performed using the developed numerical model, in order to obtain the normal forces diagram for the 

beam elements of the diaphragms, see Figure 7.27, with the diagram size being proportional to the 

computed axial force magnitude. On the other hand, the bottom diaphragms in the ends are fundamental 

to improve torsional deformability. 
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(a) 

 

(b) 

Figure 7.27 – (a) Normal force diagram in the beam elements of vertical diaphragms and (b) isolated forces 

diagram of the diaphragm over support. 

 

The normal force diagram has shown that the highest internal forces tend to develop in one of the 

diaphragms located over the support. From the isolated normal force diagram of this diaphragm (Figure 

7.27b) it is possible to conclude that the maximum tension forces (critical to fatigue) will tend to develop 

in one of the diagonal bars, leading to stress concentration in the welded tube-gusset joint. A 

corresponding compression force with same magnitude also tend to develop in the symmetric diagonal 

bar, due to non-symmetric rail traffic loading, however this is less severe to fatigue. 

Although the existing symmetry of the simply supported span in terms of steelwork design in the 

longitudinal direction (thickness, plates dimensions, etc.), the obtained unsymmetrical forces 

configuration in the normal forces diagram is probably due to differences in the support conditions of 

the viaduct (see Figure 7.13), with forces with higher magnitude occurring in the diaphragm over the 

fixed support above the main bridge pier (P4). 

Therefore, the following abovementioned aspects lead also the selection of the tube-gusset joint for 

further fatigue assessment with local methods: a) growing adoption and recent fatigue failures reported 

in similar connections; b) high scatter in nominal fatigue strength definition among design codes; and 

c) fillet welds in place of full-penetration welds. 
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7.5 WELDED JOINTS FE SUBMODELLING 

7.5.1 LOCATION OF THE INVESTIGATED CONNECTIONS 

Once the selection of lateral connection plates and tube-gusset joints in the previous section has been 

justified, in the current section FE sub modelling strategies for these connections will be explored. As 

mentioned, the criteria to determine which specific connections will be sub modelled were related to 

the most interesting points in terms of fatigue assessment and global and local structural behaviour. 

Thus, the exact locations of the two selected details for further numerical investigation, being lateral 

connection plate, designated as “Detail A”, and tube-gusset joints, designated as “Detail B”, are 

indicated in Figure 7.28. The following subsections present FE sub modelling strategies for these 

locations. 

 

Figure 7.28 – Selected fatigue-prone welded details for further numerical fatigue investigation. 

 

7.5.2 DETAIL A: LATERAL CONNECTION PLATE FE SUBMODELLING 

In this section, the adopted strategy to create a local solid sub-model of the lateral connection plate will 

be described. The first strategy was a two-step sub modelling technique, as illustrated in Figure 7.29. 

This is generally necessary in order to achieve very fine meshes, which is a requirement of some fatigue 

assessment methods such as the effective notch stress method (IIW, 2016). A second approach consisted 

in one-step sub modelling of the detail, extracting the displacement field directly from the bridge global 

model, but with a previous refinement in the shell elements only in the required zone (e.g., refer to 
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Figure 7.23c). Sensitivity analyses revealed that the results from the two-step technique were very close 

to the one-step technique. Therefore, the one-step sub modelling technique become the preferred 

approach, because it requires less computational effort.  

It is important to highlight that the modelling of bolts and holes were avoided by imposing limits that 

excluded the connection of the horizontal diaphragms bolted to the gusset, due to the reason that the 

fatigue assessment of bolted connections is out of scope of the present thesis. However, since bolts are 

far enough from the gusset-to-web welds, as can be seen in Figure 7.20, it is expected that they could 

have a minor influence on the stress concentrations for the possible hot-spot locations, HS1, HS2, and 

HS3, see a second sub-model of the lateral connection FE in Figure 7.30. The sub-models were 

developed with solid elements, either with linear (8-nodes) or quadratic (20-nodes) shape functions. All 

welds were represented in the model, by adopting the same nominal dimensions for the weld throat 

length specified in the design (a = 7 mm) and a weld flank angle equal to 45 degrees. 

 

Figure 7.29 – Two-step and one-step sub modelling approaches for the lateral connection plate at GP2: (a) 

global model, (b) entire sub model of the detail and (c) sub model restricted to welded zone. 
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Figure 7.30 – Local solid finite element sub model of the lateral connection plate (units: millimetres). 

 

In order to characterize the expected out-of-plane behaviour of the investigated connection in terms of 

stresses and displacements, a preliminary static analysis was performed by adopting the sub-model 

specified in detail in Figure 7.30. Sensitivity analysis in relation to the mesh size for this model are 

available in Alencar et al. (G. Alencar, Ferreira, et al., 2018). The out-of-plane displacements and the 

longitudinal stresses of the web were obtained for two different loading cases, namely the self-weight 

and the Alfa Pendular train (Figure 7.31) placed at the most critical position. 

 

 

Figure 7.31 – Axle forces of Alfa Pendular train (units: kilonewtons). 

 

As concerns the stresses, two regions are addressed, that is the web surface in both outer and inner faces 

of the girder plate, as shown in Figure 7.32, with the former plotted for the entire lateral connection 

plate length and the latter plotted only near the hot-spot points, where singularity stresses exist. 

For the self-weight, a symmetric response about the centre of the connection, represented by the vertical 

half IPE profile, is observed in terms of out-of-plane displacement, achieving a maximum of -0.9 mm 

in both ends. In fact, the weld ends HS1 and HS2 also present symmetric behaviour in terms of stress 

magnitudes. Both horizontal half HEA 400 profiles are subjected to tensile forces. It can also be seen 

that the inner and outer sides of the girder achieve equal longitudinal stresses of almost 70 MPa at 200 
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mm from the hot-spot points. However, as the hot-spot points are approached, the inner stresses increase 

and the outer stresses decrease, clearly showing a behaviour of tension and compression for the most 

internal and external web elements, respectively. 

Concerning the train loading case, the most critical position was determined based in the influence line 

in order to obtain the maximum value of the analysed effects at this connection. Herein, an asymmetric 

behaviour is observed. On the contrary of the self-weight loading case, the train loading case creates a 

compressive force for the horizontal bar near HS1 and a tensile force for the horizontal bar near HS2. 

This is due to the fact that the train is acting alone in the current active railway track, which is eccentric 

regarding the deck longitudinal axis. This eccentric loading is responsible for creating a certain level of 

out-of-plane deformation in the web of highway and railway girder bridges. The out-of-plane distortion 

could be severe for the fatigue performance of steel girder bridges, mainly for lateral connection plates 

welded to thinner webs and hence with lower stiffness, creating a region of high stress concentration 

around the weld ends. 

 

  

(a) (b) 

 
 

(c) (d) 

Figure 7.32 – Stress and displacement response of the investigated detail for static loading: (a) and (b) bridge 

self-weight results; (c) and (d) train static loading results. 
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Regarding the present connection, when considering only the aforementioned static loading cases, the 

highest stresses were found in the hot-spot location HS2. In the centre of the connection at the half IPE 

400 profile (HS3), low or zero stresses are found, demonstrating the rotation about this point. The HS1 

could only have more severe stresses if a reverse rotation during a train crossing occurs. However, no 

reverse rotation was observed for any of the axle load positions. Even for the position that generates the 

minimum effects at the connection level, which can be determined from the loads influence line, the 

highest stresses are still found at HS2. At this location (HS2), a steep stress gradient occurs, with tensile 

stresses computed for the inner side and relatively low compressive stresses (less than -5 MPa) 

computed for the outer side. This is a different behaviour from the HS1 location, which has only tensile 

stresses in both sides of the web girder. Although the observed compressive zone is in the outer side, 

the stress field in the web girder near HS2 will be under tension due to the self-weight contribution for 

the structural stress concentration. This is critical to fatigue, since at this location welding-induced 

tensile residual stresses are also usually found in the web, as demonstrated by Fricke (Fricke, 2014), 

created by the longitudinal shrinkage of the weld between the web and the gusset plate. 

The out-of-plane displacement was also computed for the heaviest fatigue train (FT5), which achieves 

higher values, in the order of 3.0 mm. The results are presented in Figure 7.33. 

 

 

  

(a) (b) 

Figure 7.33 – (a) out-of-plane forces mechanism and (b) results of the out-of-plane displacements for the static 

loading for the fatigue train no. 5 in the worst position. 

 

Once HS2 was identified as the most critical hot spot in the entire web gusset, several local sub-models 

were created with different mesh sizes restricted only to HS2, see Figure 7.34. The five FE sub-models 
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of Figure 7.35 with mesh sizes varying from 2×2mm (fine) to 20×20mm (coarse, equal to the plate 

thickness) are intended to be used for the equilibrium-equivalent structural stress method only for mesh-

sensitivity analysis. For these five sub-models the mesh was created with a meshing tool available in 

ANSYS (also known as ‘mesh sweep’) without great effort. 

 

Figure 7.34 – Solid model (volumes) restricted to weld zone near HS2. 

 

Figure 7.35 – FE mesh size of tube-gusset welded joint sub model: (a) 2x2 mm (8-noded), (b) 5x5 mm (8-

noded), (c) 10x10 mm (20-noded), (d) 15x15 mm (20-noded), and (e) 20x20 mm (20-noded). 

(a) 2x2 mm

(b) 5x5 mm (c) 10x10 mm

(d) 15x15 mm (e) 20x20 mm
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In the case of the hot-spot stress method, a sixth FE sub-model was created, based on the study of the 

principal stresses near HS2 (see Figure 7.36). Due to the presence of a biaxial stress state (normal and 

shear stresses) in the web at GP2, the hot-spot extrapolation paths around the weld corner must be 

investigated. For that purpose and to accurately compute hot-spot stresses, the sixth FE-model was 

created with a highly structured mesh around the fillet weld with overall element size equal to 2×2mm 

(8-noded), as can be seen in Figure 7.37. The critical hot-spot path will be investigated for transient 

analysis in the next section based on the extrapolated hot-spot stresses to all nodes lying in the weld 

bead according to each local coordinate system (LCS). 

  

Figure 7.36 – Principal stresses direction for an axle-load travelling alone located in the mid-span of the 

bridge. 

  

Figure 7.37 – Hot-spot sub-model and the corresponding hot-spot LCS (local coordinate systems) for linear 

extrapolation. 
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Regarding the nominal stresses, they are defined somewhere near to the weld in a region of uniform 

stress distribution of tension type, according to numerical analysis performed with the solid sub-model 

(Figure 7.38), since the exact location cannot be defined for such connection. From previous experience 

with the reassessment of fatigue test details (refer to Chapter 6), for such lateral welded plates the 

nominal stresses are often measured in the same region. 

 

Figure 7.38 – Uniform nominal stress region (green region) for web-gusset connection. 

 

7.5.3 DETAIL B: TUBE-GUSSET FE SUB MODELLING 

In order to better represent the stiffness of the critical tube-gusset connection (located over the support, 

see Figure 7.28), the global FE model was modified by replacing beam elements used in cross-

diaphragms by shell elements only at these locations, see Figure 7.39 and Figure 7.40, meticulously 

following the geometry of the connection according to the design (Figure 7.26). Some authors 

asseverate that the use of beam elements in cross-diaphragms of girder bridges misrepresent local 

stiffness behaviour and hence local stress analysis (Battistini et al., 2016), although being effective in 

terms of global response. For obvious reasons, the bolted gusset located in the bottom was disregarded 

in the modelling, remaining connected by beam elements. The transition from shell to beam elements 

in the bottom was conventionally modelled by master and slave nodes (mixed-dimensional coupling 

method). 

Nominal stresses 
extracted from this 

location 

70 mm 



Welded joints FE submodelling 

 

343  

 

Figure 7.39 – Railway viaduct global FE model: tube-gusset welded joint detail. 

 

 

Figure 7.40 – Tube-gusset welded joint: FE mesh of the detail in the global model with shell elements (overall 

mesh size:10x10 mm). 

 

Of course, the change from beam to shell elements was also necessary to ensure the application of both 

hot-spot and equilibrium-equivalent structural stress methods, by using the shell-to-solid submodelling 

technique. Aiming to be more precise in fatigue damage estimations, both methods will be applied only 

to solid sub-models, which can account more precisely to fillet welds modelling than shell elements. 

Moreover, modelling welded joints with shell elements introduces more uncertainties in the analysis, 

such as the exact location and thickness size of equivalent shell elements representing the weld, which 

will be avoided in the present thesis. In the authors’ opinion, fatigue analysis with shell elements are 

more appropriate at a design stage, and not while performing the assessment of an existing structure. 

Hence, a whole solid sub-model of the tube-gusset joint using 8-noded solid elements was developed, 

considering the geometric symmetry and the diagonal subjected to tension. Figure 7.41 shows the first 

developed solid sub-model, with the indication of the possible location of hot-spot stress concentrations.  
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In this case, only half of the connection containing the diagonal mostly subjected to tension was 

modelled, however without taking advantage of any symmetry strategy modelling (common in 

Mechanical Engineering), since the loading in the actual connection can be drastically unsymmetrical, 

of course. The limits of the sub-model were defined such that little singular effects from the imposed 

displacements in the boundaries were observed in the hot-spot regions. The points of interest are located 

in regions prone to stress concentrations found for the hot-spots in the weld toes present in the 

connections, identified by black arrows in Figure 7.41. 

 

Figure 7.41 – Local solid model of the tube-gusset connection using SOLID185 (relatively coarse mesh). 

 

As can be seen, there are many possible hot-spot stress concentrations (Figure 7.42), however only toe 

cracking at HS3 will be investigated, since it is a location subjected mainly to tension cycles and with 

a geometric transition from tube to gusset steeper than HS5, although static analyses revealed that HS3 

and HS5 present the same order of magnitude of tensile stress concentration. Regarding HS4 and HS6, 

although subjected to tensile stresses a crack originating from these locations would not result in 

complete section failure, because they could be arrested when reaching the upper tube, which is also 

welded to the gusset in order to provide a very good fatigue redundant detailing design. 
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Figure 7.42 – Contour plot showing the schematic normal stress distribution due to live train load in the solid 

model. 

 

Knowing the critical hot spot of such connection, both from experimental tests of literature with uni-

axial loading specimens (Cláudio Baptista et al., 2017) and from numerical analysis with the full solid 

sub model, an optimized sub model restricted only to the important part is proposed (see Figure 7.43), 

aiming to reduce computational costs. 

 

Figure 7.43 – Tube-gusset welded joint sub model: (a) overall, (b) top, (c) longitudinal, and (d) cross views 

(Units: millimetres). 

 

The boundary areas which divide the solid sub-model from the remaining structure are represented in 

Figure 7.44a. For each FE mesh, the nodes lying in these areas are selected (Figure 7.44b), and their 

global coordinates are exported to an ASCII file, with extension “.node”. The “.node” file is then used 
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by ANSYS to interpolate the displacement field of a specific solution and time step from the global 

analysis to a local analysis. 

  

(a) (b) 

Figure 7.44 – Tube-gusset welded joint sub model: (a) cut-boundary areas, and (b) boundary nodes. 

 

The solid sub-model is carefully placed in the same global coordinate system of the global bridge FE 

shell model, such that the mid-thicknesses of the volumes representing the steel plates coincide with 

the corresponding counterpart elements in the global FE model. Figure 7.45 shows a superposition of 

both global shell and solid models for explanation purposes, since they are actually different FE models. 

Such an approach ensures displacement compatibility throughout the whole analysis. 

 

Figure 7.45 – Tube-gusset welded joint: superposition of global (shell) and sub model (solid). 

 

For an equilibrium-equivalent structural stress analysis aiming to evaluate the sensitivity to the mesh 

size, six sub-models were created, with FE meshes varying from 2x2 mm (fine mesh) to 12x12 mm 

(coarse mesh, equal to the thickness size). For computational reasons, the 2x2 mm fine mesh model 

Global model (SHELL)

Sub model (SOLID)
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adopted linear 8-noded solid elements, and the remaining adopted quadratic 20-noded solid elements. 

For all sub-models, the meshing requirements are relaxed, since there is no need to create lines of nodes 

lying exactly at certain distances from the weld toe as in the hot-spot stress method. The weld paths 

used in the investigation coincide with the weld toe represented by the yellow line in Figure 7.43a. 

 

Figure 7.46 – FE mesh sizes of tube-gusset welded joint sub model: (a) 2x2 mm (8-noded), (b) 4x4 mm (20-

noded), (c) 6x6 mm (20-noded), (d) 8x8 mm (20-noded), (e) 10x10 mm (20-noded, and (f) 12x12 mm (20-

noded). 

 

For the hot-spot analysis at HS3, a specific FE model is created with two line of nodes lying exactly in 

the hot-spot locations for type ‘a’ linear extrapolation, refer to Chapter 3 (0.4t and 1.0t, being 4.8 mm 

and 12 mm, since t = 12 mm is the wall thickness of the tube), see Figure 7.47. Since there is no deviation 

of the principal stresses due to uniform tension (truss bar) along the tube, the most critical hot-spot 

extrapolation path can be predicted. For this specific sub-model, the remaining overall mesh size was 

adopted equal to 5×5 mm, according to the recommendations outlined in Chapter 3. The welds were 

modelled taking advantage of the ‘sweep’ command in ANSYS, which allows to obtain regular 

hexahedra. 

(a) 2x2 mm (b) 4x4 mm

(c) 6x6 mm (d) 8x8 mm

(e) 10x10 mm (f) 12x12 mm
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Figure 7.47 – Tube-gusset welded joint FE model: hot-spot FE model (linear extrapolation, mesh size5x5 mm, 

t = 12 mm, quadratic solid elements). 

 

Regarding the nominal stresses, they are defined somewhere near to the weld in a region of uniform 

stress distribution of tension type, according to numerical analysis performed with the solid sub-model 

(Figure 7.48). Since the tubes used in the diaphragms are elements mostly dominated by uniaxial forces, 

the determination of the nominal stresses is more straightforward than for the web-gusset connection.  

 

Figure 7.48 – Uniform nominal stress region (green region) for tube-gusset connection. 
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7.6 FATIGUE ASSESSMENT OF THE CRITICAL CONNECTIONS 

7.6.1 INTRODUCTION 

In railway bridges, the stress amplitudes acting on structural details due to the passage of trains are 

susceptive to cause fatigue damage. In the current section the results of a fatigue analysis performed 

using the developed global bridge FE model (Figure 7.8) and the FE sub-models of the critical 

connections (Figure 7.34 and Figure 7.43) based on the equilibrium-equivalent structural stress (EESS), 

the hot-spot stress (HS) and the nominal stress (NS) methods on the basis of the Damage Accumulation 

Method (presented in Chapter 3) will be performed. In the case of railway bridges, the mentioned 

approach assumes the steps synthetized by the flowchart illustrated in Figure 7.49, consisting in an 

interactive procedure for fatigue analysis. The aim of such study is to determine the fatigue damage 

accumulated by the critical welded joints and compare the different fatigue assessment methods.  

 

Figure 7.49 – Iterative procedure for the fatigue assessment with 12 fatigue trains. 

 

7.6.2 ADOPTED FATIGUE STRENGTH S-N CURVES 

The log -log N curve for the equilibrium-equivalent structural stress method (EESS) adopted in this 

study is the design Master S-N curve (Mf = 1.35), derived from the linear regression analysis of the 

merged dataset of welded bridge details (Figure 6.43). With a first knee point at 10×106 according to 

Haibach’s model and a second knee point introduced at 100×106 (infinite life) in order to neglect Eq. 

SS range parameters (Ss) below the cut-off limit (SsL = 0.385 Ssc / Mf), which is equal to 43 MPa 

for this particular case. Regarding the hot-spot stress and the nominal stress method, the S-N curves 

according to IIW are chosen (Figure 3.15 and Figure 3.5), with a bi-linear relation, and the same 
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locations for the knee points as in the Master S-N curve. Regarding the tube-gusset joint, a more 

appropriate characteristic FAT 56 in place of FAT 63 (EC3) is suggested in Baptista et al. (Cláudio 

Baptista et al., 2017) based on the linear regression of several experimental tests with tubular details 

with single slit (with and without holes) and fillet and/or full-penetration welds, see Figure 7.50. Since 

this curve was obtained for constant-amplitude tests, a slightly modification was made in order to turn 

it bi-linear and able to be applied for variable amplitude problems, that is to introduce the knee points 

at 10×106 and 100×106, as explained previously. 

 

Figure 7.50 – Characteristic constant amplitude nominal S-N curve for tubular details with single slit and fillet 

welds according to Baptista et al. (Cláudio Baptista et al., 2017). 

 

7.6.3 STANDARD AND REAL RAILWAY TRAFFIC 

The structure will be subjected to the common European standard railway traffic for fatigue assessment, 

as per Annex D of EN1991-2 (Table 3.7 to Table 3.11). Additionally, a block of 372 trains characterized 

by the long-term traffic monitoring system installed in the bridge (Figure 4.30) was used for fatigue 

analysis purposes. The traffic refers to a measurement period of 1 month (August 2012), corresponding 

to a traffic volume of nearly 285,000 tonnes. As long as the selected block of 372 trains remains 

representative of the type of trains running on the bridge, and the cumulative traffic volume remains 

mostly unchanged and similar to the one represented in Figure 7.51, it can be extrapolated for a period 

of one year for fatigue damage estimation purposes. In Figure 7.51, unfortunately traffic data on 14-15 

and 21-22 August have not been reported.  
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Figure 7.51 – Registered rail traffic from 1 to 31 August, 2012. 

 

The real traffic was dominated mostly by freight trains running at low speeds (~80 km/h) and a high 

scatter in the total train load (from 400 to 2200 tonnes), intercity trains running at moderate speeds of 

150 km/h and Alfa Pendular trains (passenger type) running at high speeds (~220 km/h), both with a 

low scatter in the total train load (~400 tonnes) and of passengers type, as can be seen from Figure 7.52 

and Figure 7.53. For comparison purposes, the red points represent the standard European railway 

traffic composed by the twelve fatigue trains. The standard traffic may be considered as more severe 

than the real traffic gathered with the monitoring system. 

 

Figure 7.52 – Characterized railway traffic (1 month) in Alcácer do Sal bridge: total train load versus train 

speed [source: FEUP archive]. 
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Figure 7.53 – Characterized railway traffic (1 month) in Alcácer do Sal bridge: total train load divided by train 

length versus train speed [source: FEUP archive]. 

 

7.6.4 FATIGUE ANALYSIS FLOWCHART DETAILS 

The whole process of computation of transient stresses can be programmed in the ANSYS Parametric 

Language (APDL), in order to automate the fatigue damage estimation of complex welded joints in 

steel railway bridges in an integrated manner with MATLAB algorithms. For the present thesis, the 

computation is straightforward, as demonstrated in the flowchart of Figure 7.54. 

 

Figure 7.54 – Flowchart for the performed fatigue analysis. 
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The flowchart is summarized in the following steps: 

1. A static transient analysis is performed in the global bridge FE model comprising 37 steps 

spaced by 1.2 meters with a pair of “nominal” loads representing a “nominal” axle of 300 kN 

(150 kN per wheel), from the beginning to the end of the railway track; 

2. The solution of the previous transient static analysis is interpolated 37 times from the global 

model to each developed sub-model. For each step, the APDL routines compute: 

a. Eq. Structural Stresses Parameters (Ss) with the developed post-processor in Chapter 

6 for all nodes lying in the weld path, although only the point with the peak structural 

stress has their values exported to a final vector (the Ss “influence line”). A previous 

analysis registering Ss for all nodes was carried out to identify this peak (see Figure 

7.56a), which corresponded to the middle of the weld corner for the web gusset. The 

application of the EESS post-processor imposes that the “cracked volume” is composed 

by the weld and the gusset for both the web-gusset and tube-gusset connections (refer 

to Chapter 5). In the case of the tube-gusset connection, the peak point was located 

exactly in the middle of the fillet weld tip around the gusset (see Figure 7.56b); 

   

(a) (b) 

Figure 7.55 – Point of maximum Eq. SS parameters (Ss) for the (a) web-gusset and (b) tube-gusset 

connections considering the entire crossing of the “nominal axle” (300 kN) obtained with the developed contour 

plotter in Chapter 6. 

 

b. Linear extrapolated hot-spot stresses for all paths of interest. For the tube-gusset 

connection, as mentioned in the previous section, the point of maximum is clearly 

defined (Figure 7.47). For the web-gusset connection, the point of maximum linear 

extrapolated hot-spot stresses coincided with the maximum Eq. SS parameters (Ss), 

obtained from the following carried out study with all possible extrapolation paths 

(refer to Figure 7.37), see below Figure 7.56. The point of maximum was located at 
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LCS 9. The final obtained hot-spot stress influence lines for the web-gusset and the 

tube-gusset connections are illustrated in Figure 7.57; 

  

Figure 7.56 – Linear extrapolated hot-spot stress influence lines for all local coordinate systems for the web-

gusset. 

  

Figure 7.57 – Linear extrapolated hot-spot stress influence lines for tube-gusset and web-gusset connections. 

 

c. Nominal stresses extracted from the appropriate locations (Figure 7.38 and Figure 

7.48). The following nominal stress influence lines were obtained: 

 

Figure 7.58 – Nominal stress influence lines for web-gusset and tube-gusset connections. 
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3. Once all influence lines were computed in step 2) for all assessment methods, curve-fitting 

linear regression analyses are performed to shorten the steps of the data from 1.2 to 0.1 meters. 

This is necessary in order to obtain detailed stress time-histories for the crossing of real trains 

(monitored traffic) or the fatigue trains when combined in the developed influence line 

algorithm (Listing 7.1); 

4. The functions obtained in step 3) (vector “influence_lines”) together with the standard and real 

traffic data (vectors “Traffic_Axles_Dist” and “Traffic_Axles_Loads”) feed the developed 

algorithm (Listing 7.1) in order to linearly superimpose the static responses and obtain the stress 

time-history due to each train crossing (vector “resulting_stresses”), which is normalized in 

relation to the nominal axle value ( “scale_factor”). Each stress time-history is multiplied by 

the dynamic enhancement factor, variable “amp_factor”, as per EN1991-2 for fatigue analysis, 

1+½(j'+½j''), Annex D, which, for the present case study was computed equal to 1.23 

(maximum design speed of 250 km/h and determinant span length of 42.426 meters), according 

to Equation (3.39). Figure 7.59 shows an example of vectors for Fatigue Train 5 and a real train 

crossing the actual viaduct (vectors “Traffic_Axles_Dist” and “Traffic_Axles_Loads”). 

  
(a) (b) 

Figure 7.59 – Examples of vectors “Traffic_Axles_Dist” and “Traffic_Axles_Loads” for (a) Fatigue Train 5 and a 

(b) real train crossing the bridge in 25 August at 13h:23. 

 

5. Once the stress time histories of every train were obtained, the rainflow cycle counting 

algorithm is applied and the condensed vector of number of occurrences (ni) of each stress range 

(R) is computed. Once this is done, it is possible to compute the corresponding damage in 

the selected critical details due to one crossing of each fatigue train using the defined fatigue 

strength S-N curves for the Nominal, Hot-spot and EESS methods, Equations (3.16) and (3.17), 

(3.32) and (3.33) and (6.10), respectively. This step was programmed in both functions 

“getFatigueLife” and “getFatigueDamage”. 
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Listing 7.1 – Transient static analysis algorithm. 

space_btw_step = 0.1; % m 

bridge_length = 43.3; % m 

nominal_axle = 300000;  % Nominal force value in Newtons applied in axle 

                        % wheel in the static analysis to determine the 

                        % corresponding influence line 

influence_lines = {'eq_ss_1';'eq_ss_1_diff_dir'; 'eq_ss_2'; 
'eq_ss_2_diff_dir'; 'hot_spot_1'; 'hot_spot_1_diff_dir'; 'hot_spot_2'; 
'hot_spot_2_diff_dir'; 'nominal_1'; 'nominal_1_diff_dir'; 'nominal_2'; 
'nominal_2_diff_dir'}; 

x = [0:space_btw_step:bridge_length]; 

traffic = {'1'; '2'; '3'; '4'; '5'; '6'; '7'; '8'; '9'; '10'; '11'; 
'12'}; 

trains_number = size(traffic,1); 

nodes_steps = round(bridge_length/space_btw_step+1); 

influence_line = zeros(nodes_steps,1); 

for influence_line_number = 1 : 1 : size(influence_lines,1) 

    for i = 1 : 1 : trains_number 

        cd 'Trains'; 

        eval(['influence_line = ' 
char(influence_lines(influence_line_number)) ';']); 

        load(['Train_' char(traffic(i)) '.mat']); 

        cd '..'; 

        steps = nodes_steps + round (sum(Traffic_Axles_Dist) / 
space_btw_step)+1; 

        resulting_stresses = zeros(steps+1,1); 

        axles_number = size(Traffic_Axles_Loads,1); 

        position_axles_number = size(Traffic_Axles_Dist,1); 

        position_axles = zeros(1,size(Traffic_Axles_Dist,1))'; 

        for m = 1 : 1 : position_axles_number 

          for p = 1 : 1 : m 

             position_axles(m) = position_axles(m) + 
Traffic_Axles_Dist(p); 

          end 

          position_axles(m) = -(round(position_axles(m) / space_btw_step) 
+ 1); 

        end 

        position_axles(1) = 1; 

    for j = 2 : 1 : steps 

        for k = 1 : 1 : axles_number 

           if (position_axles(k) > 0 && position_axles(k) < nodes_steps+ 
1) 

             scale_factor = ((Traffic_Axles_Loads(k))*1e3) / nominal_axle; 

             resulting_stresses(j) = resulting_stresses(j) + 

             scale_factor * influence_line(position_axles(k)); 

           end 

        end 

        resulting_stresses(j+1) = 0; 

        position_axles = position_axles+1; 

    end 

    resulting_stresses = amp_factor*resulting_stresses; % amp_factor is 
the dynamic amplification factor computed according to EC1991-2 

    eval(['res_str_' char(influence_lines(influence_line_number)) '_' ... 

        char(traffic(i)) ' = resulting_stresses;']); 

    end 

end 
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Of course, the objective of such an approach as described in the previous steps is to reduce 

computational costs to perform several transient stress analyses. The algorithm developed and shown 

in Listing 7.1 was validated with an analysis carried out in the global FE model in ANSYS with the full 

crossing of the Fatigue Train 5 over the viaduct, accounting to 281 steps spaced by 0.5 meters (see 

Figure 7.60 for step 141). Figure 7.61 shows that the response in terms of Eq. SS parameters (Ss) are 

the same for both the full transient static analysis and that using the developed algorithm. The 

computational costs are clearly reduced, with the number of required static analysis in ANSYS 

decreasing from thousands (considering both the standard and real railway traffic) to nearly 74 (37 in 

the global model, and 37 in the sub-model for each assessment method and each version of the sub-

model). 

 

Figure 7.60 – A load step with Fatigue Train No. 5 in the global bridge FE model. 

 
 

 

Figure 7.61 –Eq. SS parameters due to Fatigue Train No. 5 crossing. 
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7.6.5 MESH-SENSITIVITY STUDY FOR THE EESS METHOD 

In this section, the results of the mesh-sensitivity study for the equilibrium-equivalent structural stress 

method applied for both the web-gusset and the tube-gusset joints are presented, Figure 7.62 and Figure 

7.63, respectively. For all sub-models, the same sub modelling conditions remains unchanged, so that 

any uncertainty related to the sub modelling technique would be disregarded, such as the distances of 

the investigated point to the boundaries of the sub-model. Note that 20-noded solid elements with 

quadratic shape functions were preferred, but when the FE sub-model became too weighted with very 

fine meshes, 8-noded solid elements with linear shape functions were employed. 

 

(a) 

 

(b) 

Figure 7.62 – Mesh-sensitivity study for transient 300 kN nominal axle loading for solid elements (web-gusset 

detail): (a) maximum values and (b) influence line. 
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The analysis varied from coarse models, in which the overall mesh size is equal to the base plate 

thickness, t, to very fine mesh, in which the overall mesh size is nearly equal to 0.1 to 0.16 times the 

base plate thickness. Generally, the tube-gusset connection presented a very good compromise in 

relation to mesh-insensitivity to the computed structural stress fatigue parameter, as can be seen from 

the graphs, with the maximum value (12.89 MPa) differing only 3% to the minimum vale (12.50 MPa). 

Regarding the web-gusset connection, the mesh-sensitivity was higher, although negligible for practical 

purposes, with the coarser models being on the safe side (higher stresses). In this case, the maximum 

value (22.77 MPa) was 10.88% higher than the minimum value (20.54 MPa). This may be attributed to 

the fact that the Eq. SS parameters were extracted from the mid-point in the weld curve, which for the 

coarser (20×20mm) model is represented with only two elements (see Figure 7.35e). 

 

(a) 

 

(b) 

Figure 7.63 – Mesh-sensitivity study for transient 300 kN nominal axle loading for solid elements (tube-gusset 

detail): (a) maximum values and (b) influence line. 
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For the web-gusset joint (Figure 7.62) if one excludes the results of 20×20 and 15×15 FE meshes, this 

difference decreases to 3.3%. This is in line with previous observations made by the Battelle method 

authors’, which suggests that in weld curves, a minimum number of elements is necessary to ensure at 

least a 20º curvature for better convergence (refer to section 5.3.1 and Figure 5.14). For the 10×10 mm 

FE mesh and the finer meshes, a minimum of at least 18º (90º / 5) and lower is guaranteed, as shown in 

Figure 7.64. 

  
(a) (b) 

Figure 7.64 – (a) A minimum curvature of 18º for the 10x10mm FE mesh and (b) a curvature of 30º for the 

20x20mm FE mesh at each element (web-gusset connection). 

 

7.6.6 FATIGUE DAMAGE COMPUTATION: RESULTS AND DISCUSSION 

According to EN1991-2, three standard mixes of rail traffic are given as a basis for calculating the 

fatigue damage of connections, depending on whether the structure carries predominantly “standard 

traffic”, “heavy traffic” or “light traffic” mixes (EN 1991-2, 2003). Each traffic scenario is defined in 

terms of an annual traffic tonnage of 25×106 tonnes with variety and number of Standard Fatigue Trains 

per day on each track, as shown in Table 7.3. The stress spectra for all fatigue trains for the three 

investigated methods and for the two welded connections are presented in Figure 7.65 and Figure 7.66. 

Table 7.3 – Rail traffic composition for fatigue analysis (EN 1991-2, 2003). 

Train 

type 

Total train 

load (kN) 

No. of trains / day 

EC1991-2: 25×106 tonnes per year per track Design: 15×106 tonnes per year per track 

Standard 

traffic mix 

Heavy traffic 

mix 

Light traffic 

mix 

Standard 

traffic mix 

Heavy traffic 

mix 

Light traffic 

mix 

1 6630 12 - 10 7 - 6 

2 5300 12 - 5 7 - 3 

3 9400 5 - - 3 - - 

4 5100 5 - - 3 - - 

5 21600 7 6 2 4 4 1 

6 14310 12 13 - 7 8 - 

7 10350 8 - - 5 - - 

8 10350 6 - - 4 - - 

9 2960 - - 190 - - 114 

10 3600 - - - - - - 

11 11350 - 16 - - 10 - 

12 11350 - 16 - - 10 - 

 

18º
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For this particular bridge the designers have adopted a lower traffic volume of 15×106 tonnes per year 

and per track, as previously mentioned in section 7.2.2. Therefore, Table 7.3 also presents the 

corresponding number of each fatigue trains in order to consider the lower traffic volume according to 

design for each traffic mix. Originally the viaduct case study was designed to carry two railway tracks, 

anticipating future traffic growth. However, in the present thesis the fatigue assessment is performed 

for the existing structure considering only the operational railway track. For comparison purposes, 

Figure 7.4 presents the total number of trains in one year for each considered traffic scenario. 

Table 7.4 – Total number of trains in one year according to each traffic scenario. 

Real traffic 

EN1991-2: 25×106 tonnes per year per track Design: 15×106 tonnes per year per track 

Standard 

traffic mix 

Heavy traffic 

mix 

Light traffic 

mix 

Standard 

traffic mix 

Heavy traffic 

mix 

Light traffic 

mix 

3,888 24,455 18,615 75,555 11,680 14,600 45,260 

 

  

  

  

 

Figure 7.65 – Stress time-histories for the investigated connections and for the three methods (FT 1-6). 
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Figure 7.66 – Stress time-histories for the investigated connections and for the three methods (FT 9-12). 

 

One may note from Figure 7.65 and Figure 7.66 (which already have dynamic enhancement included) 

that, among the investigated details, the one that presented the combination of highest stress amplitudes 

was the web-gusset. As indicated in Figure 7.65, the higher stress range is obtained for the Standard 

Fatigue Train 5 (a freight train), being approximately equal to 160 MPa when considering the EESS 

method. Nominal stresses computed for all details and all fatigue trains were quite low, which was more 

or less expected from previous fatigue analysis in Alencar et al. (G. Alencar, Calçada, et al., 2016) with 

the nominal stress method. 

Regarding the real traffic results, Figure 7.67 and Figure 7.68 present the results of the rainflow 

algorithm (number of occurrences of each stress range) for the Eq. SS parameters (Ss) for the web-

gusset and the tube-gusset, respectively, for the period one 1 month (August 2012). As can be seen in 

the graphs, the number of cycles associated with stress ranges higher than the cut-off limit for the Design 
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Master S-N curve for welded bridge details (SsL = 0.385×112 = 43 MPa) are relatively low for the real 

traffic scenario, from 0.5 to nearly 10 cycles, which will justify a very low damage and infinite life 

design under real traffic conditions, as long as the block of 372 remains representative of the trains 

running over the bridge throughout the bridge’s lifecycle. 

  

Figure 7.67 – Stress histogram for real traffic (1-month data) for the web-gusset detail: Eq. Structural Stress 

Parameter. 

 

Figure 7.68 – Stress histogram for real traffic (1-month data) for the tube-gusset detail: Eq. Structural Stress 

Parameter. 

 

Thus, the damage values associated with an isolated passage of each train were combined, in order to 

obtain the damages in a lifespan period of 100 years for different traffic mixes (see Table 7.5 and Table 

7.6). For the fatigue damage computation, stress amplitudes lower than the cut-off limit at 100×106 

were disregarded in the damage computations. The bridge’s life is computed as the inverse of the total 

annual damage (T = 1 / D), based on Miner’s linear law damage summation. 
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Table 7.5 – Web-gusset: fatigue damage/life estimations (bridge’s lifespan 100 years). 

Traffic 

type 

Traffic Vol. 

(ton/year/ 

track) 

Index 

Fatigue assessment method 

EESS  

(Welded bridge 

Master S-N curve) 

Hot spot 

(FAT 100) 

Non-load 

carrying welds 

Nominal 

(FAT 56) 

According to EC3 

Heavy 

traffic 

EN1991-2: 

25×106 

Damage 0.015161138 0.014325983 0.000925663 

Life (years) 66 70 1,080 

Design: 

15×106 

Damage 0.009566185 0.009023227 0.000586792 

Life (years) 105 111 1,704 

Std. 

traffic 

EN1991-2: 

25×106 

Damage 0.013680724 0.013192139 0.000720047 

Life (years) 73 76 1,389 

Design: 

15×106 

Damage 0.008128364 0.007834341 0.000426695 

Life (years) 123 128 2,344 

Light 

traffic 

EN1991-2: 

25×106 

Damage 0.004582511 0.004545986 0.000161861 

Life (years) 218 220 6,178 

Design: 

15×106 

Damage 0.002645640 0.002637761 0.000089127 

Life (years) 378 379 11,220 

Real 

Traffic 
3.42×106 

Damage 0.000081494 0.000077157 0.000000206 

Life (years) 12,271 12,961 4,864,072 

 

 

Table 7.6 – Tube-gusset: fatigue damage/life estimations (bridge’s lifespan 100 years). 

Traffic 

type 

Traffic Vol. 

(ton/year/ 

track) 

Index 

Fatigue assessment method 

EESS  

(‘Welded 

bridge’ Master 

S-N curve) 

Hot spot 

(FAT 90) 

Load-carrying 

welds 

Nominal 

(FAT 56) 

According to 

Baptista et al. (2017) 

Heavy 

traffic 

EN1991-2: 

25×106 

Damage 0.006536562 0.006737017 0.007147050 

Life (years) 153 148 140 

Design: 

15×106 

Damage 0.004137412 0.004261997 0.004519999 

Life (years) 242 235 221 

Std. 

traffic 

EN1991-2: 

25×106 

Damage 0.005257910 0.005399981 0.005810096 

Life (years) 190 185 172 

Design: 

15×106 

Damage 0.003134326 0.003217713 0.003464489 

Life (years) 319 311 289 

Light 

traffic 

EN991-2: 

25×106 

Damage 0.001106370 0.001134987 0.001203050 

Life (years) 904 881 831 

Design: 

15×106 

Damage 0.000612951 0.000629993 0.000668666 

Life (years) 1,631 1,587 1,496 

Real 

Traffic 
3.42×106 

Damage 0.000026246 0.000029040 0.000032065 

Life (years) 38,100 34,435 31,186 
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Before analysing the results, note that the fatigue strength S-N curves adopted for the hot-spot stress 

method differs for the two investigated connection. While the welds of the web-gusset in the 

investigated hot-spot locations may be classified as non-load-carrying welds (they are not situated in 

the path of the main flow of forces throughout the girder web, which are girder bending moment and 

shear in the web plane), and hence as FAT 100 for the hot-spot stress method; the welds of the tube-

gusset connection may be classified as load-carrying welds (they are located in the main flow of forces 

throughout the tube, i.e. normal forces transmitted through the diaphragm), and hence as FAT 90 for 

the hot-spot stress method, as per Table 3.3 (Chapter 3). Once pointed that, one may proceed to the 

discussion of the final damage computations. 

From the fatigue damage computation, it was possible to conclude that detail that accumulated the 

higher damages was the web-gusset, which also presented the higher stress amplitudes. Clearly, the 

worst traffic scenario was the heavy traffic mix, which is predominantly dominated by freight trains at 

low speeds. According to the employed local stress methods, when considering the EN1991-2 traffic 

volume (25×106 tonnes per year), the fatigue lives, 66 and 70 years, do not attend the required 100 years 

bridge’s life span for this particular connection, although for the nominal stress method it reaches 

infinite life. On the other hand, with the traffic volume employed by the designers (Reis et al., 2010), a 

minimum life of 105 years is achieved. The difference between the assessment methods for this 

particular connection may be seen as an inability of the nominal stress method to deal with the multiaxial 

stress state at the weld end (biaxial stress state plus out-of-plane bending/deformation effects), greatly 

overestimating the fatigue life. One may note that some incredible high fatigue lives reached in Table 

7.5 and Table 7.6 may be seen as with a more subjective value as “infinite life” than with a specific 

mathematical meaning. 

Another aspect worth mentioning is the fact that although EESS and Hot-spot methods presented similar 

results, the EESS used only a unique design Master S-N curves, while for the hot-spot stress method 

two design hot-spot S-N curves were required. 

Note that for the tube-gusset connection, the computed damage and hence the estimated fatigue life for 

a specific traffic scenario differ very little, showing an equivalence of the three fatigue assessment 

methods for this connection. All the computed fatigue lives for this connection satisfy the 100 years 

bridge’s lifespan, irrespective of the method chosen. Due to the simple forces acting in the tube 

(predominantly normal forces with very low bending moments) the three methods are suitable to 

estimate the fatigue of the connection. If one have used a different fatigue strength definition for the 

nominal stress method than that recommended by Baptista et al. (2017) study (FAT 56) based on recent 

experimental reassessment of tube-gusset specimens, as for example FAT 63 as recommended by EC3 

or FAT 71 by DNV, the fatigue lives could present a high deviation from the hot-spot stress and the 

equilibrium-equivalent structural stress methods.  
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7.7 PROPOSED TRANSIENT DYNAMIC STRUCTURAL STRESS FRAMEWORK 

In order to deal with problems related to vibration-induced fatigue as outlined in Chapter 2, one may 

propose a transient dynamic structural stress framework based on the EESS method and the Master S-

N curve (Figure 7.50), in a very similar way as proposed in Chapter 4, Section 4.4 for the computation 

of dynamic structural stress intensity factors in the context of LEFM, FEM, and dynamic analysis (refer 

to Section 4.4.1 and 4.4.3 for symbols definition other than related with the Master S-N curve and the 

EESS method).  

Vibration-induced fatigue may occur more often in bridges subjected to very high-speed trains with 

speeds in the range of 250 – 430 km/h, which was not the case of the investigated viaduct case study. 

For the viaduct a transient analysis with dynamic train-bridge interaction using a calibrated model for 

the Alfa Pendular tilting train (varying speeds from 140 to 440 km/s, although in practice the maximum 

circulating speed is 250 km/h) resulted in a less severe response than the conventional moving loads 

approach without dynamic enhancement, more details can be seen in (G. Alencar, Ribeiro, et al., 2016). 

This may be attributed to the modern design of the viaduct consisting in ballasted tracks with a 

composite steel-concrete girder and a RC deck, presenting a robust behaviour under dynamic actions in 

terms of damping ratios. One may recommend for such analysis the use of a FE model for the train with 

calibrated damping, stiffness, and mass parameters in a dynamic train-bridge interaction analysis, which 

is a subject out-of-the-scope of the present thesis. 

 

Figure 7.69 – Proposed transient dynamic structural stress framework using the EESS method and the Master 

S-N curve definition. 
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superposition method with the corresponding modal coordinates. Each cycle k of the resulted transient 

structural bending and membrane stress time-histories is identified by the rainflow algorithm. Thus, the 

corresponding Eq. SS parameter of each cycle may be computed. Finally, the fatigue endurance is 

computed taking advantage of the Master S-N curve for each cycle and for each train. A similar 

framework was proposed for the hot-spot structural stress method for the fatigue assessment of steel 

highway bridges subjected to dynamic actions of vehicles (G. Alencar, De Jesus, et al., 2018). 

 

7.8 CONCLUSIONS 

In the current chapter it was presented the main case study of the present thesis, i.e. a simply supported 

“neutral” span of the South approach viaduct to the new railway bridge over the Sado River in Alcácer 

do Sal, Portugal. The structure was described exhaustively, with a special focus on its steelwork design, 

since the work is related to the fatigue performance assessment of steel welded joints through 

methodologies based on S-N approaches using local definitions for structural stresses. 

A global numerical model of the investigated span developed in the context of the present thesis was 

presented. All the specific FE modelling options adopted in the global model were described. Other 

recent experimental work performed in other span of the approach viaducts was also briefly described, 

providing data regarding the optimal values of the material and mechanical parameters that were very 

useful to update the developed global numerical model of the viaduct case study, since the materials 

and boundary conditions of both spans are similar. The updated FE model allowed for more reliable 

fatigue analyses in the selected welded joints of the structure under different traffic scenarios. 

The detailed level of the structure finite element model allowed for fatigue analyses on the most 

important steel welded joints of the structure considering different traffic scenarios. These critical 

connections were selected for further investigation with local approaches, namely the hot-spot stress 

and the equilibrium-equivalent structural stress methods. The fatigue damage found were in general 

low, however, it allowed identifying the welded joint most prone to fatigue damage accumulation.  

The most critical detail was that on the longitudinal plate welded to the web girder below the current 

active rail track. This plate is used in the connection of horizontal bracings of the structural system, 

which are very important to improve the torsional deformability and torsional vibrations under eccentric 

railway traffic loads. For that detail, the worst loading case was the crossing of Fatigue Train No. 5, 

from the European railway traffic standard for fatigue assessment purposes. Although the relatively low 

nominal stresses found, the fatigue lives when considering the standard traffic volume of EC1991-2 and 

the local approaches reached 66 years. When considering the design traffic, the connection attends a 

minimum of 105 years in the context of the damage accumulation method. For the real traffic scenario, 

which was based in a monitoring period of 1-month, assuming it may be representative of the bridge’s 

traffic throughout its lifecycle, there was no risk of fatigue damage in the investigated connections. 
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Regarding the FE model based on nominal stresses, when compared to the other models and methods, 

it is worth recalling that it was found that it is inadequate for the fatigue assessment of the web-gusset 

connection due to the biaxial stress state and the out-of-plane deformations involved in the investigated 

hot-spot (HS2). 

Regarding the EESS method, it was possible to conclude that: i) a minimum number of elements that 

guarantees a minimum of 20º of curvature along the weld line is required in order to reach satisfactory 

mesh-insensitivity results; ii) the mesh-insensitivity means a maximum difference in the order of 3% in 

the maximum computed Eq. SS range parameter; iii) the possibility to use coarse FE models with either 

tetrahedron or hexahedron elements and a unique fatigue strength S-N curve may be seen as very 

advantaging in design practice to reduce the time of analysis without loss of consistence in estimated 

lives, when compared to the hot-spot or even the notch stress method, which requires much finer FE 

meshes; iv) the proposed Master S-N curve for welded bridge details with a Probability of Survival in 

line with the Eurocodes (95%) was very useful and successful applied. 
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CONCLUSIONS AND FUTURE RESEARCH 

 

8.1 SCOPE 

The present thesis gave relevant contributions towards the development of structural stress-based 

methodologies to be applied in the fatigue assessment of welded railway bridges, which may be 

designated as computationally efficient for allowing the use of coarser FE models and a unique S-N 

curve irrespective of the detail geometry, loading, size and thickness, both at the design phase or for the 

evaluation of existing welded railway bridges. Local approaches for the fatigue analysis were preferably 

followed in the proposed research, in alternative to conventional global-nominal S-N approaches. 

Strategies were proposed to overcome the difficulties introduced by the multi-scale problem and the 

requirement to perform transient analysis involving several steps in the context of a crack propagation 

analysis framework. In the following sections, the main conclusions and contributions of the thesis are 

highlighted. 

 

8.2 REVIEW WORK ON FATIGUE CRACKING OF WELDED RAILWAY BRIDGES 

In Chapter 2 a sound exhaustive review of the fatigue phenomena (and history) in railway bridges 

containing welds was presented. The work described the historical development of welded structural 

details in bridge design, and the corresponding issues raised over the years. It covered failures due to 

inexperience using welding from the beginning of the 20th century, to distortion induced cracking at 

the present time. The survey described the historic endeavours to handle the fatigue issue. All types of 

fatigue damages in welded components, except corrosion-induced fatigue, were revised, as well as the 

design approaches of each case.  

To perform this review, the author referred to nearly 150 available works of the technical-scientific 

literature, with publication dates ranging from 1900 up to the present, including journal papers, books, 

book chapters, out-of-date and current design standards to understand the development in structural 

design practices, conference proceedings, doctoral theses, project reports, technical presentations, and 

articles in press and magazines covering fatigue cracking failures in metallic railway bridges in different 

languages and from several countries. Some works on welded bridges research and case studies from 

the 30s which became available in IABSE digital archive only very recently were referred for the first 
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time in a research work, recalling their important contribution in this field and providing a higher 

understanding of the evolution of welded bridge design to fatigue. Note that previous review works on 

related studies were focused mostly on the fatigue of highway bridges, and there was a lack of such a 

review available in the literature for railway bridges, which can have different loading features and 

structural design. The contribution of the review work and the number and quality of the consulted 

references approved it for publication as a review paper in journal Engineering Failure Analysis, which 

is a peer-review journal specialised in publishing papers describing the analysis of engineering failures 

and related studies. Engineers can benefit from the published review paper since this type of work is 

essential to learn from the past and to help reduce the incidence of failures. Undergraduate and graduate 

engineering students can also benefit since the review can serve as a long introduction to the theme for 

newcomers. 

When further information was not available from the main authors, an individual investigation was 

performed to provide more details of each mentioned bridge case study, such as the country and the 

exact location of construction, a clear photograph, the construction technique and the adopted structural 

solution, the year of construction, whether the bridge is still in service or not and in which year it was 

removed from service, whether fatigue cracks were reported or not, which company was responsible 

for the construction, the span length, and the predominant traffic type. In total, 23 welded railway 

bridges were selected and presented into four tables and seven relevant categories: i) Earliest trial 

welded railway bridges; ii) Earliest commuter bridges; iii) Some of the earliest welded bridges for actual 

traffic conditions; iv) Earliest Orthotropic steel deck bridge; v) Earliest bridges making use of high-

strength bolts and welds; vi) Earliest welded bridges in high-speed lines and vii) Mixed cases. Many 

other bridges were not covered or just mentioned in the text due to a lack of further information or 

because of synthesis purposes. Based on this historical research, the review work provided a diagram 

with information that can be used to estimate the maximum age of existing steel railway bridges per 

construction method with the goal of evaluating its remaining service life. Note that nowadays, most 

infrastructure operators are facing difficulties with the existing railway bridges because of the urgent 

demand of higher transportation capacity for Heavy Axle Load (HAL) traffic, in the case of Brazil, 

India, China, Canada, U.S., Norway, among others, and the ever-growing network of high-speed lines 

in Southern and Central Europe, Turkey and Russia. In this context, the proposed diagram provides an 

overview of the evolution of some construction techniques related to welding applied to steel bridges 

and can be useful for the infrastructure operators. 

One may also note that although the more severe live loads and dynamic effects in railway bridges in 

comparison to highway bridges, the quantity of cases of fatigue cracking reported in literature for the 

former ones are less frequent than for the latter ones. In the author’s opinion, some possible reasons for 

this fact is that railway bridges are generally managed by private – in the case of U.S. and Brazil, for 

example – or state companies – in the case of most European countries – that usually require 
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confidentiality clauses from consultants, while highway bridges can be usually accessed by general 

public and have a larger cover in case of problems. Another aspect is the higher conservatism and less 

experimentation of railway bridge’s industry in terms of innovative construction techniques. One may 

note from the review that this conservatism was not without reason, due to the reported cracking failures 

throughout the years caused by insufficient experience with welding technology. 

Despite the ageing of the existing bridges and the infrastructures structural limits being tested in the 

edge of either traffic capacity – in the case of HAL traffic – or speed – in the case of high-speed lines – 

the review work revealed that one of the main sources of concerns nowadays is associated to distortion 

and vibration-induced fatigue-related problems, because of their complex behaviour unforeseen at the 

time of the design. Indeed, the most recent research efforts are focused on these types of fatigue and 

continues to attract increasing interest. In Chapter 2, these problems were addressed only from the point 

of view of overall physical behaviour. Although the very limited guidance, the available rules in current 

design standards for such problems were also briefly described. In the following, a short list of advices 

to appropriately deal with distortion and vibration-induced fatigue are highlighted. 

From the knowledge acquired throughout the research work carried out for this thesis, one may conclude 

that to address distortion/vibration-induced fatigue either in a research or daily practice context a good 

understanding of finite element modelling strategies is fundamental, being the currently widespread 

approach. The limitations of such an approach in the conventional form also need to be comprehended. 

The main aspects are highlighted as follows: 

i. A good compromise between finite element mesh size and stress field characterization in order 

to avoid extremely weighted models and expensive analyses, in which the sub modelling 

technique and the use of more relaxed coarse meshes with the aid of the equilibrium-equivalent 

structural stress method (Chapter 5 and Chapter 6) can play a fundamental role; 

ii. For the assessment of existing structures, the need to update and validate the developed models 

with relevant experimental measurements and appropriate boundary conditions, based either on 

static or dynamic tests and the correct understanding that the validation of a global numerical 

model in terms of global response (frequencies, mode shapes, etc) does not mean the immediate 

calibration in terms of local stress-strain response. The model calibration can be done by either 

manual tuning or using optimization algorithms; 

iii. In general, stresses obtained during numerical analysis are slightly higher in comparison with 

experimental ones if no wrong assumptions are made, due to the reason that the numerical 

model seems to be more rigid than the actual structure; 

iv. The lack of ability of a transient quasi-static analysis to appropriately address vibration-induced 

problems and the need to perform a linear transient dynamic analysis in a validated FE 
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numerical model to provide a more accurate analysis of the dynamic effects considering 

appropriate dynamic properties, such as the damping ratios and the amount of mass; 

v. The understanding that the model is an idealized geometry, and may not be taking into account 

misalignments and residual stresses, that can greatly affect the stress distribution; 

vi. The connectivity among elements of the bridge, allowing for rigid, semi-rigid or flexible 

behaviour, which in general can have little influence in terms of global response, but can greatly 

affect local results if not properly treated. 

 

8.3 FATIGUE ASSESSMENT OF WELDED RAILWAY BRIDGES BASED ON S-N APPROACHES 

In Chapter 3, the fundamentals of a fatigue analysis, a brief historical development of the field and the 

relevant methods available in design codes, such as the global-nominal stress method and the hot-spot 

stress method were reviewed. The limitations of the standard analysis, such as not considering nonlinear 

contact phenomena, train overloads (axle load greater than 250 kN), load sequence effects, among 

others effects cited in the text, emphasize the importance of the use of a lower bound estimation for the 

S-N curves and the adoption of a strength reduction factor calibrated by reliability analysis as ruled by 

current standards. The main assumptions for a fatigue analysis of welded railway bridges were 

established in Chapter 3, such as the adopted Fatigue Load Model and the S-N curves framework. 

The review work of both global-nominal and hot-spot stress methods was more concentrated in the 

latter. Indeed, the hot-spot stress method was extensively studied, reviewed and criticised. Both the 

advantages and shortcomings of the method in relation to the global-nominal approach were explained 

in depth. This work can support a future revision of the standard EN 1993-1-9 (EN 1993-1-9, 2005), 

which is dedicated to establish rules for fatigue analysis of steel structures. In the current form, this 

standard has a lack of guidance concerning the hot-spot stress method. For this purpose, a detailed 

flowchart for the application of the hot-spot stress method was shown and explained. Another 

contribution of Chapter 3 was to offer a numerical tool for quick computations of the damage 

accumulation method using the rainflow algorithm, with a user-friendly graphical interface, which was 

developed by the author. 

 

8.4 IMPROVED FRAMEWORK FOR FATIGUE CRACK PROPAGATION ANALYSIS OF WELDED 

RAILWAY BRIDGES 

In Chapter 4, the Linear Elastic Fracture Mechanics for residual life estimations of cracked welded 

joints was reviewed in depth. The relevant procedures to perform a crack propagation simulation with 

the aid of the Finite Element Method, the main assumptions, the range of applicability, and the 

limitations of such an analysis were demonstrated. The review work performed on LEFM supports the 
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developments shown later in Chapter 5 to propose the Master S-N curve approach, which is rooted in 

Fracture Mechanic principles. The differences between a brittle fracture and a fatigue crack growth 

analysis (sub-critical crack growth) were explained, and the developments which supports the latter, 

such as the concept of a Paris Law with an equivalent stress intensity factor under mixed-mode 

propagation, were explained. Some relevant fracture and crack branching criteria available in literature, 

which are used to determine whether occurs a crack growth increment and in which direction were 

briefly explained. Relevant methods to compute the stress intensity factors under mixed-mode 

propagation from the Finite Element solution, such as the displacement-extrapolation method and the 

VCCT were explained. 

The second part of Chapter 4 proposed several improvements on a previous framework for crack 

propagation analysis of bridges under the dynamic load of real trains. The main improvements of the 

present thesis to this framework concern to parallel computation of the stress intensity factors, relevant 

FE modelling strategies for the adaptive remeshing technique applied to the sub model, and a sensitivity 

analysis regarding the individual contribution of each mode of vibration in case of large structures. 

These improvements can greatly decrease the computational efforts and reduce the computational time. 

Note that Section 4.3.1 contains the main assumptions of the mode superposition analysis. The 

possibility to extend such an analysis to any local fatigue parameter – in the case of Chapter 4, the so-

called modal stress intensity factors – was clearly demonstrated. These developments may support 

fatigue assessment methodologies of bridges under dynamic loads in a more computationally efficient 

manner, since it may be extended to other local quantities, such as structural stresses. 

In order to exemplify the application of the LEFM principles and procedures described in the first part 

of Chapter 4 within the improved framework for crack propagation analysis under dynamic loads, a 

bridge case study was selected to simulate a residual life estimation assuming an initial through-

thickness edge defect of length equal to 1 mm at the weld toes of a constructional detail, a crack-size 

that is commonly used in Engineering Critical Assessment analysis to evaluate the safety of welded 

structures. The bridge was subjected to the dynamic load of several real trains. The traffic data of two 

months of service was gathered from a validated traffic monitorization system installed in the actual 

structure in a previous work, to measure the axle loads, the speed of each train, the length, and the axle 

spacing. The set of traffic information constituted a block of trains, which was scaled to form an annual 

traffic. The traffic characterization system was of paramount importance, since it allowed to estimate 

the real loads acting on the structure and to perform fatigue analysis of the bridge. Four crack 

propagation simulations were performed, and their results proved that the improved framework was 

appropriately sensitive to mixed-mode crack propagation and the parallel computation algorithm can 

greatly decrease the required computational time to run the simulations. When considering the parallel 

computing of 4 processes, a reduction of 57.5% on computation time was obtained in relation to a single 

process. The crack propagation analysis of the welded detail for the railway bridge under real traffic 
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lead to a residual life of 44 years. However, one must observe that the required time to initiate a crack 

of 1 mm was not evaluated in the presented study. In particular, for the investigated welded detail, the 

initiation phase is believed to represent a large part of the fatigue life due to the high-quality welds 

observed during inspections. Other approaches exist to evaluate fatigue initiation life, however they 

were out-of-the-scope of the present thesis. 

 

8.5 EQUILIBRIUM-EQUIVALENT STRUCTURAL STRESS METHOD AND THE MASTER S-N CURVE 

APPROACH FOR WELDED BRIDGE DETAILS 

The adoption of a unique fatigue strength definition with a relatively low standard deviation, instead of 

the use of several nominal S-N curves can play a significant role to predict more reliable fatigue lives 

in design practice, as demonstrated with the Master S-N curve approach in Chapter 5 with the 

development of a new post-processor to operate on the FE results and in Chapter 6 for the reassessment 

of several welded bridge details. One of the main contributions of this thesis was to prove that the 

Master S-N curve approach is equally applicable in welded bridge’s industry, by reassessing five fatigue 

test setups representative of welded bridge details and used to form the basis of American standards. 

The study performed in Chapter 5 and Chapter 6 is expected to be useful for future applications of the 

equilibrium-equivalent structural stress procedure for the fatigue analysis of the welded joints of railway 

and highway bridges. 

A contribution of Chapter 5 was to extensively review the method and its development, to provide the 

necessary steps and information for its implementation. However, the main contribution which must be 

highlighted was the development of a new post-processor integrated with ANSYS Mechanical to 

operate on the FE results and compute the relevant structural stress parameters. Such development 

allowed to quick perform the fatigue reassessment of several FE models developed in Chapter 6 in a 

very consistent way. A good capability provided by the developed post-processor was to allow the users 

to formulate their own custom master S-N curve based on proprietary data. This was achieved by the 

development of a fatigue life contour plotter. The Master S-N curve parameters may also be further 

modified in order to consider weld improvement techniques through improved strength parameters. 

In Chapter 6, the reassessment of the fatigue test setups accounted in total to 313 S-N data points, for 

steel yield strengths ranging from 250 to 690 MPa and thicknesses ranging from 6 to 25 mm, and 

nominal stress amplitudes ranging from 40 MPa to 200 MPa in the high-cycle fatigue regime is carried 

out. From the results, it is possible to state that the same proposed Master curve for pressure vessels and 

pipes industry in ASME, defined based on a probability of survival of 97.7%, can be used as well for 

bridges. A slightly less conservative parameter for the Master S-N curve exclusively for welded bridge 

details was proposed for fatigue design, based on the reassessment of the merged S-N data with a 

probability of survival of 95%, more compatible with European standards. Guidelines for application 
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of the method in the context of Eurocodes framework and with a cumulative damage basis for variable 

amplitude applications were given. In relation to the hot-spot stress method, no explicitly thickness 

correction factor is necessary, and the local bending effect are integrated in the fatigue strength 

definition, simplifying the analysis. 

On the other hand, one may highlight some ongoing shortcomings for the Master S-N curve approach 

and the equilibrium-equivalent structural stress method, which seems to affect less the hot-spot stress 

method, such as the loss of continuity along weld ends when using common simplified representations 

and the introduced high-stress singularity. Such limitation may be overcome by smoothing the stress 

singularity using an idealized curved weld end, which is closer to the actual weld shape, increasing the 

accuracy of the finite element calculation. Another shortcoming may be related to the fatigue assessment 

of welded details with a not so clear fatigue failure definition, as cover-plated details. 

Finally, from the carried out work it was possible to observe that the main advantages claimed to the 

Master S-N curve approach and the equilibrium-equivalent structural stress method are the capability 

to adequately capture the failure location as that which presents the maximum equivalent structural 

stress parameters and to provide a good life prediction for welded components regardless of their joint 

geometry, loading mode, plate thickness, and mesh sizes and element types of the idealized FE model. 

One may highlight that, despite the requirement to model a curved weld path, since there are no specific 

requirements for the mesh size, coarser and drastically relaxed FE meshes can be used when compared 

to the well-established hot-spot and effective notch stress methods, and hence leading to less mesh 

sensitivity when carrying out a fatigue analysis. A method less sensitive to the mesh can be particularly 

attractive in fatigue design and evaluation of complex welded structures in practice, thus reducing 

computational efforts. 

 

8.6 FATIGUE ASSESSMENT OF A RAILWAY VIADUCT BY LOCAL APPROACHES 

This chapter had the intention to prove the suitability of the EESS method, by applying it to perform 

the fatigue assessment of a real case study subjected to standard and real traffic, as the hot-spot stress 

method has been already largely applied nowadays. A complete and detailed FE model of a composite 

steel-concrete twin girder railway viaduct was developed. Critical welded connections were chosen to 

be investigated with the structural stress approaches. The following methods were compared: a) EESS; 

b) Hot-spot and c) nominal stress methods. The proposed approach took advantage of the simple and 

straightforward influence line approach for transient quasi-static analysis, in an integrated manner with 

ANSYS and MATLAB. For the purpose of fatigue assessment with the standard European traffic, 

transient quasi-static analyses are sufficiently accurate. The post-processor developed for ANSYS was 

used to compute the Eq. SS parameters for each developed sub-model. Then, with the influence lines 
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the fatigue damages were possible to be estimated. The main conclusions that can be drawn from this 

chapter are: 

• Mesh-insensitivity was verified in this study, which represent a difference of at least 3% in the 

computed Eq. SS parameters among the developed solid sub-models. A curvature of 20º may 

be desirable in curved weld paths when discretized, as already stated by the authors of Battelle 

method; 

• The possibility of using a unique fatigue strength definition curve (Master S-N curve) may 

simplify fatigue design and assessment without loss of accuracy; 

• The possibility of using coarse FE models has the promise to reduce computational costs both 

at design phase and for the fatigue assessment of existing structures; 

• The different fatigue assessment methods showed in general equivalence in the fatigue damage 

estimations, with the exception of course of the nominal stress methods, which fails to treat 

appropriately connections subjected to multiaxial loading (biaxial stress state plus out-of-plane 

distortions); 

• For the standard European traffic volume (25 million tonnes per year and per track) minimum 

fatigue life estimations of 66 and 153 years were computed for the web-gusset and the tube-

gusset connections, respectively. On the other hand, for the traffic used in the design (15 million 

tonnes per year and per track), the estimations were 105 and 242 years, respectively. For the 

real traffic scenario, based in a 1-month monitoring period, there was no risk of fatigue damage 

throughout the viaduct’s lifecycle for the investigated connections. 

 

8.7 FUTURE RESEARCH 

Some research topics, which may be developed in the future, in line with the work conducted on this 

thesis, are presented below. 

• Reassessment of the fatigue strength of tube-gusset joints and thick specimen samples 

with the Equilibrium-equivalent structural stress method 

As outlined in Chapter 2, tube-gusset joints are increasingly being adopted in bridge 

construction in recent decades. For such a purpose, one may propose, in the same manner as 

was done for plate-type bridge details in Chapter 5, the reassessment of a merged dataset of 

tube-gusset joints with different geometries and welding specifications, such as those available 

in Baptista et al. (Cláudio Baptista et al., 2017), for which experimental lives are expressed in 

terms of both the nominal and the notch stress definitions. In this case, the developed post-

processor would need to be updated, in order to appropriately deal with curved plates through 
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a vectorial approach (Hectors & Waele, 2020). In a next reassessment, one may also include 

thick specimen samples, in order to highlight the thickness effect into the collapsed S-N field; 

 

• Implementation of transient dynamic structural stress framework 

The implementation of a transient dynamic structural stress framework (based on the EESS 

method) for the fatigue assessment of welded connections subjected to both distortion and 

vibration-induced fatigue phenomena using the mode superposition technique as outlined in 

Chapter 4. Such an approach would improve fatigue life estimations for bridges subjected to 

high-speed traffic and hence risk of amplification of the effects due to resonance; 

 

• Probabilistic fatigue analysis of a railway bridge for benchmark comparison of the Master 

S-N curve approach with the nominal, hot-spot and the effective notch stress methods 

The fatigue safety may be analysed based on a probabilistic assessment of the structural 

reliability, looking for a more realistic characterization of both the structural response and the 

actions to which the structure is subjected, in relation to the different fatigue assessment 

methods (equilibrium-equivalent, nominal, hot-spot and effective notch stress methods). The 

uncertainty associated to these aspects can be characterized by random variables related to both 

the parameters of the numerical model (material densities, modulus of elasticity, S-N curves 

that characterise the fatigue resistance of the materials, FE mesh, among others) and the 

parameters that characterise the traffic (axle loads, wheelbase, among others). The reliability 

analysis can be based on the Monte Carlo method, generating samples according to the 

probability distributions of these random variables. 

The structural response of the generated samples may be obtained based on a calibrated bridge 

FE model and the fatigue damage may be evaluated based on the damage accumulation method. 

Then the final fatigue safety assessment might be carried out by estimating the probability of 

failure using statistical measures that better reflect the distribution of the structural response. 

Regarding the Master S-N curve approach, further investigation would be needed in order to 

clarify the use of a displacement or load-controlled function in the fatigue strength definition 

when applying the method for a bridge in service, because of load-shedding effects of details 

inserted in large rigid structures and due to the reason that some fatigue problems may be more 

dominated by displacement effects; 

 

 



Chapter 8  

378 

• Development of a tool for automatic generation of railway traffic samples 

For the previous proposed research, the development of a traffic simulation tool for railway 

traffic based on Monte Carlo simulation, capable of generate different traffic scenarios would 

be necessary to investigate the influence of the second slope of the S-N curves and the load 

sequence effects. This development will allow the possibility to perform reliability analysis 

based also on the scatter of the loading, as was already proposed for highway traffic (C. 

Baptista, 2016). Different parameters might be proposed for the traffic mix generation, such as 

a more dominated high-speed passengers or heavy axle-load (HAL) traffic; 

 

• Crack propagation analysis of bridges subjected to distortion-induced fatigue and 

dynamic loading, using the 3D automatic adaptive remeshing technique 

The area of 3D Fracture Mechanics is currently not as well developed as the classical 2D 

fracture theory. It is largely based on few 3D analytical results, with several exact solutions 

obtained within simplified 3D plate theories and analysis and generalisations of a large number 

of numerical simulations. This area offers ample opportunities for further research, in particular 

for bridges for problems related to distortion-induced fatigue. The extensive review carried out 

in Chapter 2 would clarify which types of details are more prone to distortion-induced fatigue 

and guide the selection of a case study subjected to a relatively high level of such a 

phenomenon. 
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